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Summary 

This thesis is on the inelastic out-of-plane stability of circular steel arches 
loaded in bending and compression . Currently, for such structures, no design 
equations are available in literature and in building standards. The objectives of 
this research are to obtain experimental load-deformation relations, and to cali
brate a finite element model with the experimental data. The calibrated model is 
needed to be able to perform a parameter study to derive design equations. 

The experiments were performed on arches with wide flange ribs that were 
loaded by a single point load at the crown. A series of 15 tests was performed 
in which the developed length of the arches was kept constant, but the sub
tended angle was varied between 90° and 180°. Of these tests, 12 were on full
scale HEA 1 00-ribs and three on model arches with HEB 600 ribs. In the ex
periments, special attention was paid to the boundary conditions: at the crown, 
the load was introduced at the centroid of the arch-rib without giving any tor
sional support. This was accomplished with a spherical hydrostatic bearing. 
The supports were so designed that they acted as hinges in-plane while they 
provided fixity out-of-plane. As the arch deformed out-of-plane, the load tilted 
but remained directed at the center of the chord between the supports. 

A finite element model was developed in a commercially available finite ele
ment program to simulate the experiments. The cross section was composed of 
several shell-elements. Along the developed length, many elements were used. 
Beam-elements were included to model the influence of the fillets on the tor
sional stiffness. The measured cross sectional dimensions of the specimens in 
addition to their lateral and radial imperfections were used in the finite element 
model. The actual material relation after bending, which varied over the cross 
section, was determined experimentally and modeled in the material law. The 
initial stress conditions , governed by residual stresses and assembly stresses, 
were determined experimentally and modeled as well . 

The finite element model including all the above described features showed 
moderate to very good agreement with the experiments. The underestimation in 
ultimate load was within 8.3% and the overestimation within 6.1 %. The load
deformation curves of the experiments and simulations display good agreement. 

With the calibrated FE-madel, the method of designing an arch with the 
Overall Method of Eurocode 3, which is intended for use on structures under 
general loading, was explored. It was found that the buckling curves, available 
for columns and beams, are not applicable to the arches under investigation in 
this thesis, and new buckling curves should be derived. 
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Samenvatting 

Dit proefschrift behandelt de plastische ruimtelijke stabiliteit van cirkelvormige 
stalen bogen belast op buiging en normaalkracht. Voor dit type constructies zijn 
op het moment geen toetsingsregels beschikbaar, noch in de literatuur, noch in 
norm- en regelgeving. De doelstellingen van dit onderzoek zijn het bepalen van 
experimentele last-vervormingsdiagrammen en het kalibreren van een eindig 
elementenmodel met deze gegevens. Het gekalibreerde model is nodig om een 
parameterstudie uit te voeren waaruit een toetsingsregel voor boogconstructies 
kan worden afgeleid. 

De experimenten zijn uitgevoerd op bogen met H-profiel als doorsnede die 
werden belast door een puntlast aan de top van de boog. In totaal zijn 
15 proeven uitgevoerd waarbij de ontwikkelde lengte van de boog constant werd 
gehouden, maar de ingesloten hoek tussen goo en 180° werd gevarieerd. Twaalf 
proeven werden gedaan op ware grootte en met een doorsnede HEA 100 en drie 
op schaal met een doorsnede HEB 600. Veel aandacht is besteed aan het ant
werp van de randvoorwaarden: de belasting werd aangebracht aan de top van 
de boog in het zwaartepunt van de doorsnede zonder dat enige torsiesteun werd 
verleend. Dit werd mogelijk gemaakt door de toepassing van een hydrostatisch 
bolscharnier. De opleggingen zijn zo ontworpen dat ze in het vlak van de boog 
als scharnieren werken maar uit het vlak als inklemmingen. Bij het vervormen uit 
het vlak van de boog veranderde de puntlast van richting met als richtpunt het 
midden van de koorde tussen de opleggingen. 

In een commercieel beschikbaar computerprogramma is een eindig elemen
tenmodel ontwikkeld ten behoeve van het simuleren van de experimenten. In de 
doorsnede en omtrek zijn schaalelementen gebruikt. Balkelementen zijn aan het 
model toegevoegd om de invloed van de afrondingstralen op de torsiestijfheid te 
modelleren. De werkelijke zijdelingse en radiale imperfecties en de afmetingen 
van de doorsnede, zoals die gemeten zijn in de proefopstelling, zijn gemodel
leerd. Het werkelijke materiaalgedrag is bepaald met trekproeven en bleek te 
varieren over de doorsnede wat gemodelleerd is in de constitutieve relatie. De 
initiele spanningstoestand, bestaand uit rest- en montagespanningen, is experi
menteel bepaald en gemodelleerd. 

Het eindige elementenmodel met bovengenoemde eigenschappen gaf goede 
tot zeer goede resultaten in vergelijking met de experimenten. De gesimuleerde 
bezwijkbelastingen onderschatte de experimentele bezwijkbelastingen met 
maximaal 8.3% en overschatte deze met maximaal 6.1 %. Aile experimentele en 
gesimuleerde last-vervormingsdiagrammen vertoonden een goede gelijkenis. 

Met het gekalibreerde eindige elementenmodel is onderzocht hoe een boog 
ontworpen zou kunnen worden met behulp van de Algemene Methode (Overall 

SUMMARY 

Method) van Eurocode 3, die bedoeld is voor constructies onder willekeurige 
belastingen. Hieruit bleek dat de huidige knikkrommen voor kolommen en bal
ken niet toepasbaar zijn voor de bogen onderzocht in dit proefschrift en dat 
nieuwe knikkrommen afgeleid zouden moeten worden. 

Kurzfassung 

Die vorliegende Arbeit befasst sich mit der Stabilitiit senkrecht zur Tragwerks
ebene, von Kreisbogen die auf Biegedruck beansprucht werden. Zur Bemessung 
solcher Tragwerke liegen momentan weder in der Literatur noch in den entspre
chenden Normenwerken Bemessungsgleichungen vor. Die Zielsetzung dieser 
Arbeit ist zweigeteilt. So sollen in Experimenten Last-Verformungsbeziehungen 
ermittelt und mit Hilfe der daraus erhaltenen lnformationen ein Finite Elemente 
Modell kalibriert werden. Das kalibrierte Modell wird benotigt, um Bogentrag
werke hinsichtlich ihres Stabilitatsverhaltens bemessen zu konnen. 

Die experimentellen Untersuchungen wurden an Breitflansch - Bogentragern 
durchgefOhrt. In einer Serie von 15 Versuchen wurden diese an ihrem Scheitel 
durch eine nichtrichtungstreue Einzellast belastet. Hierbei wurde die abgewickel
te Lange der Bogentrager konstant gehalten, der Kreisausschnittswinkel jedoch 
zwischen goo und 180° variiert. Zwolf der Versuche wurden an HEA 100-
Tragern im OriginalmaBstab und drei an skalierten HEB 600 Modellbogen 
durchgefOhrt. Besonderes Augenmerk wurde auf die Randbedingungen gelegt: 
die auBere Last wurde so aufgebracht, dass einerseits die Wirkungslinie der 
einwirkenden Kraft und die Schwerelinie des Bogentragers zusammenfielen und 
andererseits keine Torsionsbehinderung auftreten konnte, was durch die Ver
wendung eines hydrostatischen Lagers am Lastangriffspunkt vermieden wurde. 
Die Widerlager waren so entworfen, dass der Trager in der Ebene gelenkig und 
aus der Ebene heraus eingespannt war. Sobald der Bogentrager aus der Trag
werksebene ausknickt, kippt die einwirkende Last derart, dass sie nach wie vor 
auf den Mittelpunkt des zwischen den Widerlagern angeordneten Untergurts 
zeigt. 

Um die durchgefOhrten Versuche simulieren zu konnen, wurde in einem 
kommerziell verfugbaren Finite Elemente Programm ein Modell entwickelt. Der 
Tragerquerschnitt setzte sich aus einer Anzahl von Schalenelementen zusam
men. Entlang der Tragerachse wurde eine groBe Anzahl von Elementen einge
setzt. Die Auswirkungen der Profilausrundungen auf die Torsionssteifigkeit wur
den durch Balkenelemente berucksichtigt. Die seitlichen und radialen lmperfek
tionen und die Querschnittsabmessungen wurden den tatsachlichen Gegeben
heiten entsprechend modelliert. Nach dem Biegevorgang wurden die Werkstoff-

vii 
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beziehungen experimentell ermittelt und im Stoffgesetz beri.icksichtigt. Glei
chermaBen wurden die Spannungsanfangsbedingungen, die im Einzelnen durch 
Eigenspannungen und ungewollte Vorspannung aufgrund von Montagetoleran
zen hervorgerufen werden, im Modell beri.icksichtigt. 

Das Finite Elemente Modell , das aile oben angefi.ihrten Merkmale enthalt, 
zeigte durchwegs gute bis sehr gute Obereinstimmung mit den Experimenten. 
Die Simulationen i.iber- beziehungsweise unterschatzten die tatsachliche Trag
last maximal urn 6,1% beziehungsweise 8,3%. Aile simulierten Last
Verformungskurven stimmten in ihrer Gestalt mit den experimentellen i.iberein. 

Das kalibrierte Finite Elemente Modell wurde eingesetzt, urn zu untersuchen, 
ob die in Eurocode 3 fi.ir allgemein beanspruchte Konstruktion vorgeschlagene 
Bemessungsmethode moglicherweise auf Bogentragwerke i.ibertragbar ist. Da
bei wurde festgestellt, dass die vorhandenen Knicklinien auf die in dieser Arbeit 
untersuchten Bogentragwerke nicht angewendet werden konnen und neue 
Knicklinien entwickelt werden mi.issen . 

Glossary of terms 

Arch 

Abutment 
Curved beam 

Cross section 

Direct stress 
FE-model 
FE-program 
Freestanding arch 
Gravity load 

Mixed torsion 

Model 
Point load 
Prototype 
Rib 
Section 

Support 

Tied arch 

Tilting load 

Wide flan ge beam 

- plane structure curved in elevation and supported 
such that no spreading occurs 

- support at the extreme end of an arch-rib 
- structure curved in elevation and supported such that 

spreading can occur. 
- section perpendicular to the longitudinal axis of a 

beam or the tangential axis of an arch-rib 
- stress normal to the plane of the cross section 
- model based on finite element method 
- computer program based on finite element method 
- arch supported only at its ends 
- also conservative load, load that remains vertical in 

direction 
-a combination of Saint Venant torsion and warping 

restraint torsion 
- scale model of prototype 
-also concentrated load, load acting at one point 
- full-scale structure 
- curved structural element that constitutes the arch 
-shape of the cross section i.e. structural shape, such 

as !-section or wide flange beam 
-location where one or more degree(s) of freedom 

is/are restrained 
-also bow string arch, the horizontal reaction forces at 

the abutments are transmitted to each other by means 
of a connecting element (e.g. bridge deck) 

- also non-conservative load, load with a fixed orienta
tion which can change in direction 

- section with the shape of an I with wide flanges 
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Notations 

Latin capitals 
E modulus of elasticity 
F applied load 
G shear modulus 
H rise of arch 
ly major moment of inertia 
I, minor moment of inertia 
It torsion constant 
lw warping constant 
L developed length of arch-rib 
M bending moment 
N normal force 
p pressure 
R radius of arch 
s span of arch 

Latin lower case 
b width 
h depth of arch-rib/cross section 
f strength 
r radius of fillet 
t thickness 
u, v, w 
X, y, Z 

displacements in x, y, z respectively 
coordinates 

Greek lower case 
a subtended angle 
y half of subtended angle 
£ strain 
s strain rate 
(;, YJ, e rotations about x, y, z respectively 
'A scale factor 
'A non-dimensional slenderness 

cr direct stress 
1 shear stress 

N/mm2 

kN 
N/mm2 

mm 
mm4 

mm4 

mm4 

mm6 

mm 
kNm 
kN 
bar 
mm 
mm 

mm 
mm 
N/mm2 

mm 
mm 
mm 

~ variable angle between crown and support 
x reduction factor 

variable angle between 0 and a 

deg 
rad 

s·1 
rad I deg 

N/mm2 

N/mm2 

deg 

deg 

Subscripts 
0.2 0.2% offset 
2nd location of second largest bending moment 
dyn dynamic 
e extrados 
h horizontal 
i intrados 
In logarithmic 
n centerline of arch 
stat static 
v vertical 
ult ultimate 
y yield 

Abbreviations 

CE 
GSA 
DOF 
FEM 
FEA 
GMNIA 
GMNIA 
HAZ 
LBA 
LTB 
LVDT 
MNA 
n.a. 
RHS 
S.C. 

SHS 
UTS 

- constraint equation 
-cross sectional area 
- degree of freedom 
-finite element method 
- finite element analysis(es) 
- geometric material nonlinear analysis 
- geometric material nonlinear imperfect analysis 
- heat affected zone 
-linear buckling analysis (eigenvalue analysis) 
- lateral torsional buckling 
- linear variable displacement transducer 
-material nonlinear analysis 
- neutral axis 
- rectangular hollow section 
- shear center 
- square hollow section 
- ultimate tensile strength 

NOTATIONS Xi 
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1 

Introduction 

This thesis is on the inelastic spatial stability of circular steel arches. In this 
chapter the research topic is introduced and the objectives of the research are 
stated. To familiarize the reader with the topic, firstly , arches are classified, a 
brief history of the use of arches is given, and some recent trends are dis
cussed. Secondly, two types of stability research , relevant to this thesis, are 
discussed. From the trends in arch construction , the problem statement and 
objective of this research are defined. Then , the chosen approach is described 
and the structure of this thesis is elucidated. 

1.1 ARCHES 

The central theme of this research is stability of steel arches. The first question 
to answer is: what is an arch? By means of a dictionary, an encyclopedia, and 
an engineering textbook meaning, a first impression is obtained: 

A structural device, especially of masonry, forming the curved, pointed, or 
flat upper edge of an opening or a support, as in a bridge or doorway. The 
Heritage Illustrated Dictionary of the English Language (Morris, 1973, p. 67). 

A structure, usually curved , that when subjected to vertical loads causes its 
two end supports to develop reactions with inwardly directed horizontal 
components. The commonest uses for an arch are as a bridge, supporting a 
roadway, railroad track, or footpath, and as part of a building, where it pro
vides a large open space unobstructed by columns. Arches are usually built 
of steel, reinforced concrete, or timber. McGraw-Hill Encyclopedia of Sci
ence & Technology (Parker,1992, part 2, p 49 ). 
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Any plane-curved bar or rib, properly supported at its ends and so loaded 
that it acts primarily in direct compression, may be called an arch. It is as
sumed that the plane of curvature of the rib is also a plane of symmetry for 
each cross section and that external forces applied to the arch act only in 
this plane. Theory of Structures (Timoshenko & Young, 1965, p. 332). 

From these definitions we find that an arch is a structural device, curved in ele
vation, loaded in its plane, with spreading of the supports prevented, and with 
its rib primarily in compression. If any displacement can occur at one or both 
supports, the structure is considered a curved beam and not an arch, Figure 1. 
In the literature, curved beams are often also referred to as arches, however, in 
this thesis arches and curved beams are strictly distinguished and the latter are 
not subject of investigation . The terminology associated with an arch is illus
trated by Figure 2, and will be used throughout this thesis. All dimensions with 
index 'n' are related to the centerline of the arch. 

~F 
-====-===·==::::::::::::::-

(a) arch 

Figure 1. Arch versus curved beam. 

Figure 2. Terminology of arches. 

1 . 1 . 1 Classification of arches 

L 
R 
s 
a 

(b) curved beam 

developed length 
radius 
span 
subtended angle 

y half of subtended angle 
H rise 
C crown 
h depth of arch rib 
c chord 
subsripts 
e extrados 

intrados 
n centerline of arch 

Arches can be classified in several ways. In this section, each classifying item 
is treated and it is indicated which feature will be treated in this thesis. At first, 
possible shapes of arches are discussed. For arches to be in compression only, 
the curvature has to match the funicular curve of the applied load . For two load 
cases, the funicular curve is described by a simple mathematical function: for 
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radial uniformly distributed loads by a circle (Fig. 3a) and for vertical uniformly 
distributed loads by a parabola (Fig. 3b) . While most arched bridges are para
bolic, this thesis will be confined to circular arches, as will be discussed more 
in depth in Chapter 4. 

"', 
' ', circle 

parabola \ _.. 
\ 
\ 

/// -:. 

1/ parabola 
circle / 

I 
' 

(a) circular funicular polygon (b) parabolic funicular polygon 

Figure 3. Shape of funicular curves for pure compressive arches. 

Another classification for arches is the articulation. The most common places 
for hinges are the abutments, or supports, and the crown, Figure 4. With the 
number of hinges, the degree of statical determination is regulated: arches with 
th ree-hinges are statically determinate, with two hinges statically indeterminate 
to the first degree, with one hinge to the second degree and a fixed arch to third 
degree. The two-hinged arch is commonly used in steel arched bridges and this 
thesis will be confined to it. 

~~~~ 
(a) three-hinged (b) two-hinged (c) single-hinge (d) fixed 

Figure 4. Articulation of arches. 

The position of the deck is a classifying feature in arched bridges. Three generic 
types are distinguished: the through, half-through, and deck arch, Figure 5a-c. 
In the through arch, the bridge deck lies at the level of the supports and is sus
pended from the arch-rib. In the deck arch, the arch-rib lies below the bridge 
deck and supports the deck with columns. The half-through arch is a combina
tion of the two. The deck arch is found in bridges crossing ravines and gorges, 
while the through and half-through arch is common in bridging waterways and 
infrastructure. This thesis is confined to the through arch. 

The horizontal reaction forces can be carried in two ways: in the abutment 
arch, they are resisted by the abutments, or supports, while in the tied arch, the 
reactions are carried by a tie between the two supports, Figure 5d-e. The first 
type is associated with deck arches, while the latter is usually associated with 
through-arches, where the bridge deck often acts as tie. This thesis is confined 

3 
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to the abutment arch. However, from here on , abutments will simply be referred 
to as supports. 

~ l~\ 7 """\ 
(')thm"'~:""'"?S" 

(d) abutment arch (e) tied arch 

Figure 5. Position of deck and type of support 

For the out of plane stability of arches, three major schemes exist: parallel, lean
ing, and freestanding arch-ribs, Figure 6. The parallel arch-ribs are usually 
braced by a stiff X or K-bracing scheme, while the leaning arches are often 
connected by simple Vierendeel bracing. The bracing supplies the lateral stabil
ity to the arches and horizontal wind loads are turned into axial force in the 
arch-ribs. In the freestanding arch-rib, lateral stability must be suppl ied by the 
out-of-plane bending stiffness of the arch-rib due to the absence of bracing. 
This research is limited to freestanding arch-ribs. 

wi"d11 
(a) parallel + + (b) leaning 1 .. (c) freestanding ~ 

Figure 6. Measures for out-of-plane stability. 

The arch can be formed either with a trussed-rib or with a solid-rib , Figure ?a-b. 
The type of hangers is also a classifying feature. Two schemes are distin
guished, the network arch (Burden, 1993) and the vertical hanger arch, Fig
ure 7c-d. Hangers can either be flexible cables or stiff girders. Figure 8 shows a 
solid-rib arched bridge with network cable hangers, while Figure 9 shows a 
trussed-rib arched bridge with vertical girder hangers. This thesis is confined to 
solid-rib arches loaded by vertical cable hangers. 

(a) solid-rib (b) trussed-rib (c) network arch (d) vertical hanger 

Figure 7. Type of rib and hangers. 

Figure 8. Van Brienenoord bridge, Rotterdam, Figure 9. Sydney Harbor bridge, Australia 
The Netherlands 
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Arches are used in buildings with the object to create large open spaces unob
structed by columns. Three categories are distinguished: arched roofs, arch 
superstructures, and integrated arches, Figure 10. The use of the first type is 
mai nly in railway stations and exhibition halls, of the second type in a variety of 
buildings, and of the last type in office buildings. In Section 1.1 .3 the history 
and recent trends of the use of arches in buildings are discussed and several 
examples of arches in buildings are given. In the arched roof the cladding or 
brac ing of the roof, and in the integrated arch, the office floors provide out-of
plane bracing . The arch superstructure can be applied as a freestanding arch 
and out-of-plane stability needs to be supplied by the stiffness of the arch-rib. 
This thesis will be limited to arch superstructures, which are similar to through
arches in bridges. 

(c) arched roof (d) arch superstructure (c) integrated arch 

Figure 10. Classification of arches in buildings. 

1 .1 .2 Bridges 

The earliest arched bridges were formed by nature and Figure 11 shows a natu
ral arched bridge at the Atlantic coast of France. The first arches constructed by 
man date back to Mesopotamian culture. The Egyptians were familiar with the 
arch but used it only scarcely. In Greek culture, a clear preference to column
girder spans existed and it was not until the Romans that the use and the art of 
constructing arches were mastered (The Encyclopedia Americana, 1968, Nor-
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ton , 1994). During Roman civilization , many stone arches were constructed for 
roads and aqueducts, of which many are still in service; a treatise on Roman 
bridges is given by O'Connor, 1993. After Roman civilization , stone and timber 
were the materials of choice until the industrial revolution started in England 
(Schadlich, 1989). In 1779, the Iron Bridge, spanning 30m over the river Sev
ern , was constructed in Coalbrookdale, England. This was the first arched 
bridge to be built of cast iron and it is still in service today, although limited to 
pedestrian traffic. Since then, cast iron has been improved to steel and the 
spans of arched bridges kept increasing. Arched bridges are efficient structures 
up to spans of 550 m, the current record span (Fig. 12). Bridges constructed 
beyond that span are either cable stayed or suspension bridges. Table 1 shows 
the development of the longest span arched bridges over the past century. 

Figure 11. Natural bridge, Biarritz, France. 

Table 1. Longest span arched bridges since 1916. 

Figure 12. The world 's longest arch bridge: Lupu , 
Shanghai , China (photo courtesy lain 
Masterton). 

span [m] year name location type 
298 1916 Hell Gate 1l Long Island City-Wards lsi. NY, USA H-T, PT-R 
504 1931 Kill van Kull 2l Bayonne NJ - Staten Island NY, USA H-T, PT -R 
518 1977 New River Gorge3l Fayetteville WV, USA D, PT-R 
550 2002 Lupu 4l Huangpu River, Shanghai , China H-T, LS-R 

Note. see 1lp. 94 and 2lp. 96 in Brown, 1998, 3lKnudsen , 1977, 4lLin, et al. , 2004; H-T = 
half-through arch , D =deck arch, PT -R =parallel trussed-ribs , LS-R =leaning solid-ribs. 

Outside of the record braking spans, numerous bridges were constructed in the 
range of 200-400 meter in the twentieth century, many of them in the USA 
(Fig . 13). Today, still many steel arched bridges are being constructed, but now 
especially in China. The concrete filled steel tubular (CFST) arch has become 
very popular there, see Table 2. 
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Table 2. Recently constructed CFST arched bridges in China. 

year span [m] name location type 
1998 270 San-an Yangjiang1l Guangxi H-T 
2000 360 Yajisha2l Guangzhou H-T 
2000 280 3'd Hanjiang1l T 
2001 245 Sanmenjiantiao3l Zhejiang Province H-T 
2002 236 Beipanjiang4l Guizhou Province D 

Note. see 1lWenwei , et al. , 2004, 2lDajun, 2001 , 3lChang-jun , et al., 2001 , 4lZhou, et al., 
2002; T =through arch , H-T =half-through arch, D=deck arch. 

span 
[m] 

550 

500 

t 400 

300 
0 

--t:r- record spans 
¢ USA 
o other countries 
o CFST-China 

0 

200 ~--~--~~---4~~--~--~--~--~ 

1910 1930 1950 1970 1990 2004 
-. year 

Figure 13. Development of long span arched bridges (data based on The Encyclopedia Americana , 
1968, and Tables 1 & 2). 

Traditionally, bridges were designed by structural engineers who optimized the 
structures for cost. The appearance of the bridge was usually not of their pri
mary concern , although building bridges that follow the funicular curve pro
duced beautiful structures. Bridges are landmark structures, which attract much 
attention. Therefore, besides efficiency, aesthetics became a more important 
selection criterion. Of the available bridge types, arches are often selected be
cause they are aesthetically pleasing. Others have formulated it as follows: 

Aesthetically, the arch can be the most successful of all bridge types. It ap
pears that through experience or familiarity, the average man regards the 
arch form as understandable and expressive. The curved shape is almost al
ways pleasing (O'Connor, 1971 , p. 491 ). 

The arch is the strongest embodiment of a bridge, its shape expresses obvi
ously its ability to carry loads across a river, valley or gorge. Therefore , 
arched bridges are considered beautiful by their evidently suitable shape. 
This is valid for small and large arched bridges alike (Leonhardt, 1982, 
p. 35). 

7 
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Recently, architects have entered the domain of bridge design, which has led to 
some spectacular structures which often do not follow the fun icular curves . The 
architects changed the appearance of arched bridges by using either one, or a 
combination of the following features : a single arch-rib (S), an arch inclined 
with the vertical (1), a curved on plan bridge deck (C), arch diagonal across 
bridge deck (D) , several arches zigzag over the bridge deck (Z), arch perpen
dicular to bridge deck (P), reducing the number of hangers to one (0). Table 3 
gives an overview of these developments. 

Table 3. New designs in arched bridges. 

fea- year name location architect I span bridge 
lures 
s 
Sl 
SIC 
SIC 
SICm 

so 
so 
SP 
sz 

1989 
1998 
1995 
1997 
2001 

1989 

1997 
1992 
2002 

La Barqueta 1l 

Oriente Station21 

Merchant bridge31 
Campo Volantin41 
Gateshead millen
nium bridge51 
River Yarra61 

Seville Spain 
Lisbon Portugal 
Manchester UK 
Bilbao Spain 
Gateshead UK 

designer [m] type 
Arenas & Pantale6n 165 traf 
Calatrava 68 ped 
RHWL Partnership 50 ped 
Calatrava 75 ped 
Wilkinson Eyre 105 ped 
Architects 

Melbourne Cocks Carmichael 40 ped 
Australia Whitford 

Hulme?) Manchester UK Chris Wilkinson 52 traf 
Haneda Sky arch81 Tokyo Japan 103 traf 
Juscelino Lake Paranoa Alexandre Chan 3 x traf 
Kubitchek91 Brazil 240 

SZ 1993 Expo bridge 101 Daejon Korea Sam Woo Engr. 2x40 ped 

Note. see 11 S~ul, 1992, 21Anon. , 1998b, 31Houghton, 1995, 41Sharp, 1996, p. 57, 51Curran, 
J
1
998, 2003, 1~clntyre , 1990, 71Hussain & Wilson, 1999, 81Shiomi & Nakamura, 1996, 
Ewert, 2003, 1Yoon & Byun, 1996; m=movable, ped=pedestrian, traf=traffic. 

Table 3 shows that the majority of these recent bridges are limited to spans of 
approximately 100 m and that most of them are pedestrian bridges. Also, all 
~xamples are single freestanding arches with solid-ribs. The developments, 
Illustrated by Table 3, go against the definition of an arch, presented at the be
ginning of this chapter. Since most loads a bridge has to carry are vertical in 
direction, the inclined arch is suboptimal. In case of a single hanger, the shape 
of an arch does not fit the funicular curve of the loading. These developments 
change the definition of an arch being vertical or being predominately in com
pression. Arches are now selected because their appearance is very strong in 
attracting ~ttention . Often they are built in dilapidated areas to improve the qual
Ity of public space (Merchant bridge, Campo Volantin, Gateshead). Some of the 
bridges listed in Table 3 are illustrated by Figures 14 through 17. 

Figure 14. Yarra river bridge, Melbourne, Australia. 
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Figure 15. Oriente Station, Lisbon, 
Portugal. 

Figure 16. Campo Volantin , 
Bilbao, Spain (photo 
courtesy Iris Cox) . 

Figure 17. La Barqueta, Seville, Spain (photo courtesy Prof. Frans 
van Herwijnen) . 

1 .1 .3 Buildings and other structures 

In buildings, arches are used to create large column free spaces. In Sec
tion 1.1.1 , three categories were distinguished: arched roofs, arch superstruc
tures, and integrated arches. In the first category, the roof cladding is directly 
mounted on the arches and the building has the same shape as the arch. With 
the introduction of the railway in the nineteenth century, countless stations have 
been built with steel arched roofs spanning many tracks at once. Figure 18 
shows the roof structure of Cologne main station 1 (Koln Hbf) spanning 64 m. 
Today this type of construction is still commonly used: at the Leipzig conven
tion center2 steel arches span 80 m supporting an entirely glass roof, and the 
arches of the hall for the airship Cargo Lifter3 even span 210 m. 

I Architect: S. Pol6nyi & G. Frentzen, constructed 1890-94 

2 Architect: Yon Gerkan, Marg & partner, constmcted !992-96 (Klimke, eta!., 1996) 

3 Architect: SlAT, engineering: Arup, constructed 1998-99 (Anon., !998a) 
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Figure 18. Cologne main station, Germany. Figure 19. Seattle Seahawks stadium, USA. 

While the arches of the first category were selected for their suitable structural 
properties, the second category is also used to dramatize the appearance of 
buildings. From the 1980's onwards, many sport stadiums have been built 
where the roof above the grandstands is supported by arches. These arches 
span the long direction of the field for aesthetic purposes amongst others. Fig
ure 19 shows the stadium of the Seattle Seahawks4 where this principle was 
applied. More examples are to be found in the Sydney 2000 Olympics stadium5 

and in the Athens 2004 Olympics stadium6
. Other examples of arch superstruc

tures are Blaak railway station7 in Rotterdam and Kolnarena sport stadium8 in 
Cologne. At Blaak railway station, a canopy, covering the entrance stairways, is 
suspended from an arch by a single hanger, Figure 20, and at Kblnarena, a giant 
arch spans over the entire building, with the roof suspended from the arch, Fig
ure 21. 

Figure 20. Blaak railway station , Rotterdam, 
The Netherlands. 

Figure 21. Kblnarena, Cologne, Germany. 

The last category is encountered in office buildings, where arches are integrated 
in the fa~ade, carrying the load of the floors to the extreme ends of the building, 
leaving the ground floor free of columns. Examples of this type of building are to 

4 Archi tect: Ellerbe Becket, constructed 1999-2002 (Post , 2002) 

5 Architect: HOK +Lobb, constructed 1996-99 (Davey, 2000) 

6 Archi tect: Santiago Calatrava, constructed 2003-04 

7 Arch itect Harry Reijnders, constructed 1989-93, (Anon., 1995 , Snijder & Vakar, 1998) 

8 Architect Peter Biihm, constructed. 1996-98, (E isele & Grafweg, 1999, Hamm, 1999) 
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be found in London , Minneapolis MN, and Berlin . In London, the Exchange 
House9 spans 78 m over railway tracks. In Figure 22 the arch can be clearly 
seen in the fa~ ad e. The arches in the Ludwig Erhard Haus 10 in Berlin create a 34 
to 64 m column free ground floor. At Marquette Plaza11 in Minneapolis MN, the 
building spans 84 m over a square and the arches are upside down, forming a 
caternary in tension, in the fa~ade. 

Another application of steel arches is as tunnel supports. When tunnels are 
excavated , strata, or loose rock formations, remain around the tunnel shaft. To 
control the strata, steel arches are commonly used as supports in tunneling 
(Mitri & Hassani , 1990). The most common shape is a circular arch with either 
vertical or splay-legs, the latter one is illustrated in Figure 23. 

Figure 22. Exchange House London, U.K. Figure 23 . Splay-leg tunnel support, Schwaz, Austria. 

9 Architect : SOM, completed 1990, (Lueder, 1993) 

I 0 Architect: Nicholas Grimshaw, constructed 1994-98 (Remmele, 1998) 

II fonner Federal Reserve Bank. Architect: Gunnar Birkerts, constructed. 1973 (Allen, 1973 , Slatin, 1995) 

11 
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Figure 24. Billboard Old Street, London, U.K. 

Two more examples are presented of arches loaded by a single hanger at the 
crown. The first example is an overhead wire support of the Brenner railway in 
Austria, presented on the cover of this thesis. The second example shows an 
arch holding up a billboard12 at Old Street underground station in London, Fig
ure 24. These two structures are comparable with Blaak railway station and 
Yarra pedestrian bridge, where the arch is selected for its appearance rather 
than its structural merits, and is loaded by a single hanger at the crown. 

1 .2 STABILITY 

The central theme of this research is stability of steel arches. While the previous 
section defined and presented the use of arches, this section is on stability. At 
first the phenomena stability and instability are defined and illustrated after 
which analyses are discussed that are used in this thesis to determine the sta
bility. Finally, it is discussed how structures are designed for stability and how 
this research fits in that design process. 

1 .2. 1 Phenomena 

Stability and instability are phenomena that occur in many areas of physics. In 
this thesis , only the occurrence in the structural use of steel structures is 
meant. Definitions of these two phenomena were taken from the literature: 

Stability: the capacity of a compression member or element to remain in po
sition and support load, even if forced slightly out of line or position by an 
added lateral force. In the elastic range, removal of the added lateral force 

12 Designed by JC Decaux Inc. 
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would result in a return to the prior loaded position , unless the disturbance 
causes yielding to commence (Galambos, 1998, p. 8). 

Instabil ity: a condition reached during buckling under increasing load in a 
compressive member, element, or frame at which the capacity for resistance 
to additional load is exhausted and continued deformation results in a de
crease in load-resisting capacity (Galambos, 1998, p. 7) . 

The instability phenomenon is illustrated by two examples. In the first example , 
the arch-ribs of the roof of an oil tank collapsed prior to the application of roof 
sheeting, Figure 25 . The arches are very slender and they buckled out-of-plane 
between bracing points. At the bracing points, the arch-ribs were kept in posi
tion, but in-between, they were free to move sideways. Under the obtained in
plane load, the arch-ribs possessed too little lateral stiffness to resist the lateral 
load caused by either imperfections or lateral wind loading. The presence of 
roof sheeting or bracing could have kept the arch-ribs in position, which would 
have prevented lateral loads from emerging, and would have kept the structure 
stable. The second example of arches that failed out-of-plane is described by 
Augustyn & Sledziewski, 1979 (pp. 162-166). A bridge was being built with a 
series of parallel, very slender arches. Temporary bracing was removed before 
sufficient permanent bracing was placed between these arches and they failed 
out-of-plane. Again , the bracing would have kept the arch-ribs in position, 
which would have kept them stable. 

This thesis investigates the stability of freestanding arches where the lateral 
stability needs to be supplied by the arch-rib itself. Therefore, the two above 
described cases are good examples of the type of instability studied in this re
search. 

bracing 

bracing 

arched roof member 

bracing 

Figure 25. Failed arches (photo courtesy of Prof. Peter Vielsack). 

13 
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1.2.2 Analyses 

Two types of stability analyses relevant to this thesis are distinguished: bifurca
tional buckling and limit point analysis (Galambos, 1998, Goto & Fujii, 1996, 
Yabuki & Vinnakota, 1984). Figure 26 illustrates the load-deformation graphs 
associated with these two analyses, as well as the bifurcation point and limit 
point. 

load v bifurcation point ~~ ---/-~i~it point 

i 
____. 

(a) in-plane deformation 

Figure 26. Types of stability. 

initial imperfection 
-+tt+--____. 
(b) out-of-plane deformation 

Bifurcational buckling is associated with perfect (i.e. no imperfections) elastic 
structures. At a certain level of loading, two modes of deformation are possible: 
the structure remains plane or suddenly deforms into a different shape. This 
point is called the bifurcation point, Figure 26. The load at which bifurcational 
buckling occurs can be determined with a linear eigenvalue analysis and is 
therefor'e often called the eigenvalue, which will be adopted in this thesis. The 
eigenvalue gives an upper estimate of the ultimate load a structure can carry. 

If the structure shows either initial imperfections, yielding, or both imperfec
tions and yielding prior to reaching the bifurcation point, then the load
deformation graph becomes nonlinear, see the heavy lines in Figure 26. The 
bifurcation point is degenerated into a limit point, where a limit point is a relative 
maximum on the load-deformation curve (Yabuki & Vinnakota, 1984). A limit 
point can be determined experimentally or numerically and is characterized as 
material and geometric nonlinear, including appropriate imperfections. The limit 
point gives a close estimate of the actual load a structure can carry and beyond 
the limit point, the load carrying capacity reduces. 

1.2.3 Design process 

Classically, in the design for stability, both the eigenvalue and first order rigid 
plastic strength, hereafter called plastic strength, are determined by closed-form 
equations. The plastic strength can be the yield stress, the normal force capac
ity, or the bending moment capacity of a structure. The square root of the ratio 
of the plastic strength over the eigenvalue defines the non-dimensional slender
ness ~ . For each ~ , a non-dimensional reduction factor x is available in buck
ling curves, equations, or tables. The reduction factor was empirically deter-
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mined by experiments or finite element analyses (FEA) and in this factor, all 
nonlinear behavior of the structures is accounted for. The final step in the de
sign process is to multiply the reduction factor by the plastic strength, which 
gives an estimate of the limit load of the actual structure. 

\ 

' 
normalized 

load, 
moment, 
or stress - ..:" ~ - - - - - - - - - ' - • - eigenvalue 

- - - plastic strength 
-- buckling curve 

(reduction factor) i 
1...

1 
-----. ~ non dimensional slenderness 

Figure 27. Design for stability. 

Figure 27 illustrates this design process, where for a non-dimensional slender
ness ~~ computed by hand the buckling curve returns a reduction factor x,. 
Figure 27 also shows that when the non-dimensional slenderness is large, the 
buckling curve approaches the eigenvalue, when it is very small, it approaches 
the plastic strength, and when it is at unity, the difference with both the plastic 
strength and the eigenvalue is largest. The non-dimensional slenderness of 
most practical steel structures lies around unity, and thus for most structures 
the eigenvalue gives a rather large overestimation of the actual limit load. 

As will be discussed in Chapter 2, at present no closed-form equations are 
available to determine the eigenvalue for arches in bending and compression. 
Only numerically, can the eigenvalue be determined. Also, buckling curves for 
inelastic out-of-plane stability of arches under bending and compression do not 
exist in the literature. Therefore, limit point analysis will be the main object of 
research in this thesis , because it gives a closer estimate of the actual failure 
load than eigenvalue analysis. The limit point will be determined both experi
mentally (Chapter 3) and numerically (Chapter 5) . 

The design process outlined at the beginning of this section is used only for 
members in compression , or in bending. For members in bending and com
pression, beam-column equations are commonly used. Recently, in Eurocode 3 
(ENV 1993), two new methods were adopted with which buckling curves can 
be derived with the aid of FEA for structures under general loading. The first 
method is called the General Method and the second the Overall Method. On the 
limit points, determined in this thesis, beam-column equations, the General 
Method, or the Overall Method can be calibrated. However, this thesis will be 
confined to comparing the Overall Method with the experimental limit points 
(Chapter 6). 

15 
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1.3 PROBLEM STATEMENT AND OBJECTIVE 

From the previous sections, the conclusions are drawn that arches have been 
used over a very long period of time and in many applications. Recently, the use 
has changed to new spectacular designs in which freestanding arch-ribs are 
employed. For these structures, stability out of the plane of the arch becomes 
an issue, as illustrated by the failed arches in Figure 25. Also, in arches with 
one hanger, the arch is no longer just a compressive structure and the arch-rib 
needs to be designed for a combination of bending and compression. However, 
the eigenvalue can not be determined with closed-form equations nor are buck
ling curves available for out-of-plane stability of steel arches. 

The problem statement is formulated as follows : for freestanding arches, 
loaded in bending and compression, no design equations for determination 
of the spatial stability are available in the literature or in building standards. 

It is the objective of this research to experimentally generate limit loads, with 
which a finite element (FE)-model is calibrated, and to show which steps 
need to be taken to design an arch for spatial stability. 

1.4 RESEARCH APPROACH 

To connect to the developing use of arches, the following load case was se
lected: a freestanding, circular, solid-rib, through-type, two hinged, abutment 
arch, loaded by a single vertical hanger at the crown, Figure 28. The arch-rib is 
a wide flange beam; the selection of this section will be discussed in Chapter 3. 
The load is applied through a tension rod, which has a ball and socket joint at 
both ends. The center of rotation of the joints coincides at the crown of the arch 
with the centroid of the arch-rib, and at the bridge deck with the chord between 
the supports. As the arch deforms out of its plane, the tension rod becomes 
inclined to its original direction because the bridge deck (or roof) does not de
flect sideways. This load type is referred to as tilting load, and will be discussed 
further in Chapter 3. The support hinges can only hinge in the plane of the arch; 
out-of-plane the arch is fixed. All translations of the supports are prevented. 

The subtended angle of the arch will be varied between goo and 180°. At 
goo, the reaction forces at the supports are nearly equal to the applied load 
(F101 = 1.038F, Table 7, Chapter 3) . An angle of 180° (semicircle) was chosen as 
upper boundary: any angle beyond that is no longer considered an arch, Fig
ure 2g. In this range of angles, the arch is subjected to combined bending and 
compression without either one dominating. 

Limit point analysis will be performed experimentally and numerically for the 
selected load case . The experiments will give the actual limit points while the 
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FEA will give an approximation. The FE-madel is calibrated by comparing the 
numerical and experimental results. Finally, the calibrated FE-madel is used for 
designing arches. 

A arch rib 
B bridge deck or roof 
C crown 
D support 
F applied load 

Figure 28. Selected load case for investigation in this thesis . 

A 
~F ~a= 90°/ ~ 

tot ~ tot 

~ 
Figure 29. Minimum and maximum subtended angle . 

1 .5 OUTLI NE OF THESIS 

1 in-plane hinge 
2 laterally rigid 

bridge deck 
3 ball and socket 

joint 
4 tension rod 
5 chord between 

supports 

----funicular line 
F applied load 
F1, 1 reaction 

In Chapter 2, a review of the relevant literature is given. Based on the available 
literature, the experimental programs of Chapters 3 and 4 were conceived. 
Chapter 3 deals with the setup, execution and results of the stability experi
ments. The geometry of the arches is also related to the selected bending proc
ess. However, for reasons of clarity, the bending process of the members into 
arches is treated separately in Chapter 4. Besides the selection of the bending 
process, Chapter 4 also investigates experimentally the influences of this proc
ess on the material law, the residual stresses, and cross sectional dimensions. 
In Chapter 5 the development of an FE-madel is described. The material law and 

17 
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residual stresses modeled in the FE-madel are based on the results of Chap
ter 4. The FE-madel is then calibrated on the experimental results. In Chapter 6, 
it is shown what steps need to be taken to design arches for out-of-plane stabil
ity. The research presented in this thesis is concluded with Chapter 7 in which 
the conclusions and recommendations for further research are given. Figure 30 
shows the above given outline graphically. 

I 1. Introduction I 
+ I 2. Literature review I 

~--~•--~·~ l t I 3. Experiments I I 4. Effects of bending process I 
~~~--------~ 

• I 5. Finite Element Analyses I 
+ I 6. Discussion on design method I 
• I 7. Conclusions and recommendations J 

Figure 30. Flow chart of thesis. 

2 

Literature review 

This chapter is limited to a review of literature on the out-of-plane stability of 
arches. Other literature was consulted as well (e.g. for the hydrostatic bearing in 
Chapter 3 and for the bending process in Chapter 4), but those sources will be 
discussed in the appropriate chapters. 

A number of publications have been dedicated to the state of the art of the 
stability of steel arches. It is not the objective of this chapter to repeat those 
studies. The reader who wishes to become acquainted with this field is referred 
to one of the seven publications listed below, where for each entry the content 
is briefly summarized . 

Chapter 2 Frames and curved members, in : Handbook of Structural Stability, 
1971. Edited by T. Hayashi and the Column Research Committee (CRC) of 
Japan. 
An overview of a selection of published results of stability research on 
arches is presented in Chapter 2 of this handbook. Per publication, either the 
derived equations or graphs are reproduced. Other than that, little explanatory 
text is given. The information in this handbook is limited to elastic stability 
and is up to date to 1970. No later edition or any other publication that is as 
comprehensive as this one is currently known to the author. 

Yabuki & Vinnakota, 1984. Stability of steel arch-bridges, a state-of-the-art 
report. Solid Mechanical Archives, val. 9(2), pp. 115-158. 
An extensive state of the art of in-plane and out-of-plane stability of steel 
arches is given. Bifurcational buckling is only briefly investigated, for more 
information reference is made to the CRC-handbook and an earlier edition of 
the SSRC-guide (see further down) . Experimental and numerical limit point 
analyses are treated more extensively. 
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Chapter 7 Arches, in: Stability of Metal Structures, A World View, 1990. 
L.S. Beedle (editor) . 
This book chapter is the only publication in which international building stan
dards with provisions for in-plane and out-of-plane stability of arches are 
compared with each other. For out-of-plane stability, the German standard 
DIN 18800 Teil 2, 1990, is the only standard to hold specifications for circu
lar freestanding arches under uniform radial loading. Other standards hold 
specifications for parallel braced arches only. This book was last updated in 
1990 and a more recent edition has not been published. 

Chapter 9 Arches by T. Sakimoto, in: Structural stability design, steel and 
composite structures, 1996. Y. Fukumoto (editor). 
This book chapter is predominately aimed at giving the state of the art of ine
lastic in-plane and out-of-plane stability of steel arches. Reference is made 
to the CRC-handbook for elastic stability. In the out-of-plane stability section, 
research presented by Komatsu & Sakimoto, 1977, and Sakimoto & Koma
tsu, 1983, on braced parallel rib arches of the deck, half-through, and 
through type is paraphrased. At the end of the chapter, specifications for 
braced arch bridges in DIN 18800 Teil 2, 1990, and JRA, 1980, are com
pared. 

Chapter 7 Arches and rings, in: Buckling experiments. Singer et al., 1998. 
This book chapter presents an overview of all published experimental re
search that has been conducted on arches. The studies relevant to this thesis 
are discussed in Section 2.2 of this thesis . 

Chapter 17 Arches, in : Guide to Stability Design Criteria for Metal structures , 
1998. Edited by T.V. Galambos and the Structural Stability Research Council 
(SSRC) . 
In this book chapter results , published in the literature, for the in-plane and 
out-of-plane stability of arches are reproduced and discussed. This chapter 
holds the most current state of the art report on the stability of arches. 

Design of curved steel. King & Brown, 2001 . 
This publication presents a comprehensive study for the practical design of 
steel curved beams and arches. Metallurgic and general design issues for 
arches curved by roller bending are treated and a design approach for arches 
under uniform bending or compression to BS 5950, 2001 , is given, and 
worked examples are included. 

The above cited work gives a good impression of the state of the art of research 
into the stability of arches and curved beams. However, the load case under 
investigation in this thesis is not treated in any of the cited references. 

This chapter is divided into three main sections: Section 2.1 investigates lit
erature on analytical expressions for the eigenvalue, Section 2.2 investigates 

LITERATURE REVIEW 21 

stabil ity experiments and Section 2.3 reviews available literature on nonlinear 
inelastic FEA. 

2.1 ANALYTICAL EIGENVALUE FOR CURVED BEAMS 

In the literature, beams curved in elevation are sometimes referred to as arches. 
In this thesis, the word arch is reserved for structures, where spreading of the 
supports is prevented. Most papers treat stability of beams curved in elevation 
and they will not be discussed in this thesis . Since publications on the eigen
value of arches are lacking a limited number of publications on the eigenvalue of 
curved beams were used to sketch the development of closed-form equations. 

(b) uniform compression 

Figure 31. Two load case of beams curved in elevation. 

l 
(c) out-of-plane support 

The elastic out-of-plane stability of (steel) curved beams has been investigated 
by a number of authors. Closed-form solutions for the eigenvalue have been 
obtained for curved beams subject to either uniform bending or uniform com
pression , Figure 31 . For combined bending and compression, no closed-form 
solutions are available. The first authors to propose a solution were Timoshenko 
& Gere, 1961, who derived their solution for rectangular cross sections for 
which it was admissible to ignore the warping rigidity. They based their solution 
on straight beam theory and replaced terms to account for the curvature of the 
arch . A subsequent solution was suggested by Vlasov, 1963, who also used 
straight beam theory but did include the warping rigidity of the cross section. 
His solution is limited to double symmetric cross sections. These first two ap
proaches were criticized by Yoo, 1982. He proposed closed form solutions of 
his own in which he substituted curvature terms into the strain energy and po
tential energy equations of straight beams. The eigenvalues obtained with Yoo's 
equations are much higher than those obtained by either Timoshenko's or 
Vlasov's eq uations. Rajasekaran & Ramm, 1984, discussed the work of Yoo, 
1982, and compared it to finite element analyses for a few particular arches. 
These analyses showed values for the eigenvalue close to Vlasov's solution and 
an order of magnitude smaller than Yoo's solution. With this analysis , Ra
jasekaran & Ramm showed Vlasov's solution to be correct. The next solution, 
proposed by Papangelis & Trahair, 1987b, was derived from curved beam the-

/ 
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ory. They in turn criticized Vlasov's and Yoo 's solution due to the use of straight 
beam theory. Next, Rajasekaran & Padmanabhan, 1989, published a solution 
based on the principle of virtual displacements. Their results were in-line with 
those of Papangelis & Trahair, Vlasov and Timoshenko & Gere, while the results 
of Yoo, 1982, are considerably off. More recent solutions were proposed by 
Kuo & Yang, 1991, Yang & Kuo, 1986, 1987, 1991, which were also based on 
the principle of virtual displacement and differed only slightly from Rajasekaran 
& Padmanabhan 's results. Delrue, et al., 1998, compared the aforementioned 
closed-form solutions for the eigenvalue amongst themselves and to their own 
FE-results . They concluded that the results of Papangelis & Trahair, Yang & 
Kuo, and Rajasekaran & Padmanabhan were the best and very close to each 
other. 

One study was not included in the comparison by Delrue, which is a revision 
of Yoo's work by Kang & Yoo, 1994a, 1994b. These papers showed results 
better in line with those by Papangelis & Trahair, Yang & Kuo and Rajasekaran 
& Padmanabhan. 

It can be concluded that with the models of Papangelis & Trahair, Yang & Kuo 
and Rajasekaran & Padmanabhan sufficiently reliable expressions have been 
obtained for the eigenvalue of curved beams under uniform bending or uniform 
compression. However, no presently published study has produced analytical 
closed-form expressions for the eigenvalue of out-of-plane stability of arches 
loaded in bending and compression. Either experiments or FEA are needed to 
obtain these eigenvalues. 

2.2 EXPERIMENTAL WORK 

To obtain the eigenvalue of arches under uniform compression, uniform bend
ing, or combined bending and compression, solutions were proposed which 
needed to be solved iteratively by hand or computer. Prior to the availability of 
FEM, the validity of these equations was checked with experiments. Later, ex
periments were set up to verify FE-models. This section reviews the literature 
available on out-of-plane stability experiments on freestanding arches and on 
some curved beams. Although parabol ic arches are not object of study in this 
thesis, experiments on these arches were included since only a limited number 
of experiments have been reported. At first, a glossary of experiments carried 
out in the past is given, in which the test set-ups, boundary conditions and load 
configurations used are reviewed. Then, the cross sections, arches and bound
ary conditions are compared with each other. 
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2. 2.1 Glossary of experiments 

Stlissi , 1944, tested the elastic stability of a parabolic arch , loaded by eight 
equally spaced concentrated loads, see Figure 32. The arch was cut from an 
aluminum plate and had a rectangular cross section. Loads remained vertical 
(gravity loading) as the arch deformed sideways. The objective of these tests 
was to verify the method of calculating the eigenvalue presented in the paper. 

240 
mm 

~,_r __ ____:_:~o~o ~=m=,_r _,_r _rA-+:1 :~~d 
Figure 32. Test arrangement of StOssi. 

lh = 12 mm ~F 
~ 

b = 2mm 

A-A 
cross section 

side elevation 

gravity loading 

Godden, 1954, studied elastic stability of so-called 'stabbogen ' -arches, see 
Figure 33. In a 'stabbogen '-arch , the suspended structure (e.g. bridge deck) 
possesses a greater in-plane bending stiffness than the arch-rib. In this struc
ture, the arch is a pure compressive member. Load was applied in a reversed 
way: the supports were pushed towards each other while the wire hangers were 
fixed in vertical and lateral position, but free to slide along the chord between 
the supports. A vibrating machine was mounted on the test rig to overcome 
fri ction in the (movable) supports and wire hangers. Since the wire hangers 
were fixed in lateral direction, the load tilted as the arch deformed out-of-plane. 
The cross sections used were solid circular bars and hollow seamless elliptical 
steel tubes. The dimensions of the cross sections were not supplied in the pa
per. The objective of the tests was "verifying the validity of the assumptions 
made in the theory outlined" in the paper and in particularly "the assumption for 
the buckling form in each of the two boundary conditions analyzed". See Sec
tion 2.2.3 for the boundary conditions used in these tests. Southwell plots 
(Southwell, 1932) were used to determine the buckling loads from the load
deformation data. 

Kee, 1959, tested the elastic stability of a parabolic tied arch on the test set-up 
of Godden. The cross section was a solid circular steel bar with a diameter of 
0.246 inch. The objective of the experiments was to study the effect of wind 
load and initial lateral eccentricities on the buckling load. The arches were either 
tested with no lateral load, with one lateral load at the crown, or with five equally 
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spaced lateral loads to initiate lateral buckling. Southwell plots were used to 
determine the buckling loads. 

In Kee, 1961, inelastic stability was investigated. The same test setup was 
used as in the previous tests of Kee, 1959. The spans of the arches were de
creased to 40 inch and the number of wire-hangers to seven. The material used 
was commercially pure aluminum with a comparatively large inelastic range and 
low elastic limit. As cross section a tube with 3/8 inch outer diameter was used. 
The tests were carried out to verify a method of computing the inelastic buck
ling load and to examine the validity of modified Southwell plots to predict the 
inelastic failure load. 

figure not to scale 
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buckled shap\ 
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Figure 33. Test set-up of Godden. 

Kloppel & Pratte, 1961, tested the elastic stability of steel circular arches, 
loaded by horizontal loads at the supports (Fig. 34) . The arches had a sub
tended angle of either 90° or 180°. The cross sections were either a rectangular 
plate or an 1-section. These tests were performed to verify analytical work. 

102-65~ 
mm t/ _____,.. 

±F 
400-1300 mm 

Figure 34. Test setup of Klbppel & Pratte 
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Tokarz, 1968, 1971 , studied the elastic stability of 35 arches, of which 13 
arches were free standing. Of these freestanding arches, seven were tested with 
gravity loads and six with tilting loads. Load was applied through 14 equally 
spaced wire-hangers, see Figure 35. The supports were either fixed or hinged. 
Parabolic and circular arches, made of aluminum, were tested. All spans were 
59 inch with heights ranging from 12 to 24 inch. The purpose of these tests 
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was to supply additional experimental verification "of lateral buckling solutions 
of curved members based upon a linear buckling theory". 

figure not to scale 

arabola or circle 

~·· I 18" 
12" 

~ weights free or fi xed in lat. position 

59 " 

Figure 35. Test setup of Tokarz. 
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Oi Tommaso & Viola, 1976, tested the elastic stability of a circular arch with 
built-in ends and a single load at the crown, see Figure 36. The arch was made 
of a thin sheet of aluminum. The arch had a subtended angle of 130°. The ex
periment was performed to compare with analytical results. 

figure not to scale 
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Figure 36. Test setup of Di Tommaso. 
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Papangelis & Trahair, 1987a, tested the elastic stability of circular curved 
beams with a single concentrated load at the crown, see Figure 37. Both sup
ports were rollers and the cross section was an aluminum 1-section. The ex
periments were set-up to evaluate the difference between analytical solutions by 
Timoshenko & Gere, 1961, and Vlasov, 1963, on one hand, with the one by 
Yoo, 1982, on the other hand, as discussed in Section 2.1. The results from the 
tests rebutted the Work of Yoo, 1982. The results were also compared to an FE
madel of Papangelis & Trahair, 1986, and showed very good agreement. 
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Figure 37. Test arrangement of Papangelis & Trahair. 
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2.2 .2 Dimensions of arches and cross sections 

In this paragraph, only circular arches, as tested by the authors mentioned in 
Section 2.2 .1, were used to compare to each other. Figure 38 shows the arches 
scaled to an equal , but arbitrary radius of 1 m. The number at each soffit is the 
scale factor of that arch; dividing by this factor gives the actual radius (e.g. one 
of the 180° arches of Kloppel & Pratte has a radius of 1000/5 = 200 mm) . This 
comparison shows clearly that some arches had larger section depths than 
others. For example, Klbppel & Pratte tested three semicircular arches with 
quite different dimensions. Once these three arches are scaled to the same ra
dius, the different slenderness becomes rapidly visible. Figure 38 shows clearly 
that only a very limited number of circular arches has actually been tested. 

Tokarz, 1968, 1971 Y\ 
1.3 

870 155° 

~ 
Papangelis & Trahair, 1 987a 

50° ~ ~ 
70~~ 

Kloppel & Pratte, 1961 

Di Tommaso & Viola, 1 976 

130°~ 

-2 

~ 

goo.....----....._ ~ ~ 
/ 1.25 ' r 2.86 ' / 1.18 ' 

Figure 38. Circular arches tested. 

Papangelis & Trahair testes the most comprehensive series with subtended 
angles ranging from 40° to goo, while Klbppel & Pratte tested arches with either 
goo or 180°. Tokarz tested two subtended angles and DiTommaso & Viola only 
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one. The arches of DiTommaso & Viola and some of Klbppel & Pratte 's arches 
are the least slender, while those of Papangelis & Trahair and Tokarz are all 
slender. 

To be able to better compare the cross sections to each other, they were all 
scaled to a depth arbitrarily chosen at 100 mm, which is shown in Figure 3g_ 
Underneath the section, the scale factor is given; dividing by this factor gives 
the actual depth (e.g. the section of Di Tommaso & Viola has a depth of 
100/1.25 = 80 mm). From these pictures, it emerges that DiTommaso & Viola 
and Klbppel & Pratte used rather thin rectangular sections compared to Stussi 
and Tokarz. As for the !-sections, Klbppel & Pratte used a much thinner section 
than Papangelis & Trahair. The solid bar of Godden cannot be compared to the 
one used by Kee, since the dimensions of his section were not mentioned in his 
paper. 

I I fll I I I 0 
8.3 2.62 1.25 3.33 2.22 6.32 15.8 10.5 

StOssi Tokarz Di Tommaso Kloppel & Pratte Papangelis Kee 1959 Kee 1961 
& Viola & Trahair 

Figure 39. Cross sections tested. 

2.2.3 Boundary conditions 

In the experiments, several different support conditions were used . Stussi used 
in-plane hinges with out-of-plane fixity. Godden used two support conditions: 
firstly in-plane and out-of-plane hinged and secondly out-of-plane fixed with 
axial torsion free. 

1 in-plane rotation free 4 arch rib 
2 out-of-plane rotation free 5 bearing 
3 in-plane translation free 

) "<._ 
(c) in-plane roller (a) out-of-plane hinged (b) out-of-plane fixed support 

Figure 40 . Supports used by Tokarz (a-b) and Papangelis & Trahair (c). 
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Tokarz used in-plane and out-of-plane hinges in some of his experiments, while 
in other experiments the arch-rib was fixed for out-of-plane rotation, see Fig
ure 40. The support condition of Papangelis & Trahair allowed in-plane and out
of-plane rotation while the entire support was free to translate along the chord 
of the arch , see Figure 40. Axial rotation of the arch-rib was prevented while 
warping of the cross section was free. The working of this support is described 
in Trahair, 1969, and illustrated in detail by Put, et al., 1999. Kloppel & Pratte 
used a similar support to that of Papangelis & Trahair, but instead of the support 
being free to translate, load was applied to it by pulling the support along the 
test rig. 

In the experiments, load was introduced in different ways. Tokarz made spe
cial arrangements to introduce load exactly at the centroid of the cross section. 
As the arch-rib twisted, load remained to act at the centroid , see Figure 41 a-b . 
Papangelis & Trahair introduced load at the top flange by a knife-edge fitting, 
see Figure 41 c. As the arch-rib twisted, the load at the top flange amplified the 
twisting. This effect will be discussed more elaborately in Chapter 3. Godden 
introduced load by inserting wire hangers vertically through the tube and solder
ing them in place. Kee introduced load by wrapping the wire around the tubes 
and twining them together underneath. In these cases, the load acted at the 
bottom of the tube and diminished twisting (Section 3.4.3). 

1 1 ~ ~~~~~rmed 
\Thole! n.a ----r- --r - -- --. . 
. . 

F ~wires/ 
(a) elevation (b) cross section at crown (c) cross section at crown 

Figure 41. Load introduction by Tokarz (a-b) and Papangelis & Trahair (c). 

2.2.4 Loading 

Two issues related to loading will be discussed in this section: the first deals 
with the direction of loading, the second with load control. 

In the glossary of experiments, for each test it was mentioned whether it was 
loaded by gravity loads or tilting loads. Gravity loads are loads that retain their 
vertical direction upon lateral flexure of the arch. Once the arch is deflected, this 
type of loading will enhance out-of-plane bending and torsion in the arch-rib. In 
the experiments, gravity loads were simply applied by suspending a platform 
from the arch on which weights were piled up. Gravity load was applied by 
Stiissi, Tokarz, DiTommaso & Viola, and Papangelis & Trahair. Tilting loads are 
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loads that have a fixed orientation, most often towards the chord between the 
supports . Once the arch deflects sideways, the load will become inclined with 
the vertical. This type of load acts in a stabilizing manner to the arch because 
upon inclination, a horizontal component appears that pushes the arch back to 
the original position. It was applied by Godden, Kee, and Tokarz (the latter also 
used gravity loading) . The load applied by Kloppel & Pratte can be categorized 
neither as gravity load nor as tilting load. 

Different ways of controlling load were used. While most experiments were 
loaded with dead weight (Stiissi, Kloppel & Pratte , Tokarz, DiTommaso & Viola, 
and Papangelis & Trahair) , some were loaded by screw spindles (Godden and 
Kee). Loading with spindles is displacement controlled and one can slowly ap
proach the buckling load and stop before actual buckling takes place. Southwell 
plots were then used to extrapolate the buckling load. Controlling loading with 
dead weight can be done in two ways: load control and buoyancy control. In 
load control, weights were added until the desired load was reached. However, 
as elastic buckling may occur suddenly, little control over the experiments is 
obtained. Buoyancy control was used in the experiments of Tokarz and 
Di Tommaso & Viola. Canisters were suspended from the arch in a water tank, 
see Figure 42a. The load of the cable and canister Fselr is in equilibrium with the 
buoyancy force B,. Then , weights are placed in the canisters, which sinks into 
the water tank. The weights exert a force on the arch but any vertical deflection 
of the arch also increases the buoyancy force B2 on the canisters, see Fig
ure 42b. Adding weights is continued until the lateral deflections become dis
proportional to the weight increase. At this point the water level in the tank was 
lowered which reduced the buoyancy of the canisters . Reducing the buoyancy 
increased the load that the canisters exerted on the arch , without adding 
weights to the canisters, see Figure 42c. By controlling the water level, one 
controls the buoyancy and, indirectly, the displacement. With this method, the 
load and therefore the experiment could be precisely regulated. 

~ F"'' = B, 

canister "" 1 

t B2 > B1 

(a) prior to loading (b) initial loading 
Figure 42. Buoyancy load control. 

t B3 < B2 
(c) loading upon failure 
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2.2.5 Materials and arch production 

In the reported experiments, two types of material were used: steel and alumi
num. Since most studies were aimed at elastic stability either aluminum or steel 
could be chosen. Often aluminum was chosen because it was easy to machine 
into arches. The material type and properties used in the experiments discussed 
are listed in Table 4. StOssi determined the E-modulus of his material by a 
bending test while Godden did not supply any information on the type of steel 
used. Kee , 1961 , used commercially pure aluminum with a comparatively large 
inelastic range because he tested inelastic buckling of arches. However, no 
material data is supplied that determines the inelastic range. Papangelis & Tra
hair used aluminum with a comparatively large elastic range since they were 
testing elastic stability. The E-modulus was determined from bending tests. 

Table 4. Materials used in experiments. 
material specifications E-modulus [N/mm2] 

StOssi aluminum NA 70,000 
Godden steel NA NA 
Kee 1961 aluminum comm. pure alu. 79,200 
Kloppel steel NA NA 
Tokarz aluminum alloy 2024-T3 75,400 
DiTommaso aluminum NA 72,600 
Papangelis & Trahair aluminum AI-Mg-Si-F27 63,000 

Most arches with rectangular cross sections were produced by cutting the arch
shape from flat plates (StOssi, Tokarz, DiTommaso & Viola). The tubes used by 
Godden and Kee were bent into a parabolic shape over a line drawing. The webs 
of the 1-section arch-ribs of Kloppel & Pratte were cut form a flat plate after 
which the flanges, also cut from flat plates, were bent and soldered to the web. 
The 1-section arches of Papangelis & Trahair were roller bent into shape. Pa
pangelis & Trahair made an analysis of the residual stresses due to roller bend
ing and concluded that these were small in the flange and large in the web. Be
cause flange bending controls the stability, the residual stresses would have 
very little effect on the elastic stability. 

It can be concluded that nearly all experiments were set up to verify calculation 
techniques , the older ones for hand calculations, the more recent one by Pa
pangelis & Trahair for FEA. All experiments were carried out on model arches 
and , with the exception of Kee, 1961, were aimed at elastic stability. Most cross 
sections were rectangular; a few were on 1-beams (Kioppel & Pratte, and Pa
pangelis & Trahair). Combined bending and compression was investigated by 
Kloppel & Pratte, Di Tommaso, and Papangelis & Trahair only. Load-deflection 
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diagrams of tests were scarce ly reported . Tokarz, 1968, presented load
deflection diagrams of all his tests up to a load just below ultimate load. The 
elastic buckling load was then extrapolated using Southwell plots . Other re
search also aborted the tests before buckling and determined the buckling load 
with Southwell plots. The load case of this thesis was investigated by 
Di Tommaso & Viola, but limited to elastic stability, rectangular cross sections, 
and fixed supports. Papangelis & Trahair also investigated the load case of this 
thesis and used !-sections (similar to wide flange beams) , but the support con
ditions made the structure act as a curved beam. The only experiments on cir
cular steel arches with wide flange cross sections that were conducted, were 
experiments to determine the in-plane strength of tunnel supports (such as illus
trated in the introduction, Figure 23) . Results were reported by Horvath, 1971 , 
Jukes, et al. , 1983, Khan , et al. , 1996, Mitri & Hassani, 1990, Paul , et al. , 1974. 
The conclusion is that the arches investigated in this thesis have not been ex
perimental ly tested before. 

2.3 NONLINEAR FINITE ELEMENT ANALYSES 

In this section , a review of literature on nonlinear FEA of limit point stability is 
given. Because limited literature is available on arches, curved beams were also 
included and they are treated first. 

2.3 .1 Curved beams 

Two studies were found that treated limit point stability of curved beams and 
proposed design rules. First the study by Pi & Trahair, 1998, is discussed, then 
the one by Delrue, et al., 1998, after which they are compared. 

Pi & Trahair, 1998, published a comprehensive study into the nonlinear sta
bility of curved beams under either uniform bending or compression (Fig . 31 ). 
They used an in-house developed finite element program, of which the devel
opment is described in Pi & Trahair, 1994, 1995, 1996. Generally, the FE-madel 
~onsisted of a limited number (2-6) of curved beam-elements. The FE-program 
mcluded: large displacements, von Mises yield criterion, strain hardening 
(Fig. 43a), and residual stresses (Fig . 43b). Lateral imperfections were modeled 
sinusoidally with the maximum imperfection at the crown, equal to 1/1000th of 
the developed length. The accuracy of the FE-madel was validated against the 
elastic stability tests of Papangelis & Trahair and against numerical examples 
from the literature (Yang, et al. , 1989) and showed very good agreement. Be
SI~es hinged in-plane, these curved beams were hinged out-of-plane as well , 
With support conditions similar to the tests of Papangelis & Trahair, Figure 40c. 
As the subtended angle approaches 180°, the load carrying capacity of these 



32 STABILI1Y OF STEEL ARCHES 

curved beams decreases to zero. Pi & Trahair concluded that the design rules 
for columns and beams in the Australian standard AS41 00, 1990, could not be 
applied directly to arches. They suggested modifications to check stability of 
curved beams either in bending or in compression . 

Delrue, et al. , 1998, studied curved beams with the same support conditions 
as Pi & Trahair, 1998. In the FEA, a bi-linear material law and residual stresses 
as shown by Figure 43 were used. Eight-node shell-elements were used to build 
the arch : four elements in the flanges, two in the web, and 20 over the length. 
Lateral imperfections were modeled with a maximum at the crown equal to 
1/2501

h of the rise, or 1/1 0001
h of the span of the arch, whichever was the larg

est. The analyses were performed with a commercially available general pur
pose FE-program Diana. A design rule, based on the eigenvalue of Rajasekaran 
& Padmanabhan and the buckling curves of Eurocode 3 (ENV 1993), was pro
posed for the inelastic out-of-plane stability of curved beams. 

fy = 250 
235 

E1=6,000 

----t---
1 

I 
I 
I 
I 
I 

Ey = 0.00125 Eh = 11cy 
____. E (-) 

-- Pi & Trahair 
--- Delrue, et al. 

(a) material law (b) residual stresses 

Figure 43. Material law and residual stresses used in nonlinear FEA. 

There are a few principal differences between the work of Pi & Trahair, and Del
rue, et al. Pi & Trahair used only one curved beam-element in the cross section 
and 2-6 elements over the length, Delrue, et al., used 10 shell-elements in the 
cross section and 20 over the length. Pi & Trahair decided to model residual 
stresses due to hot-rolling straight !-sections while Delrue, et al., used residu al 
stresses due to roller bending !-sections into curved beams, Figure 43b. This 
last point was raised by Delrue, et al. , 1999, to which Pi & Trahair, 1999, re
sponded that the roller-stresses are rather small. Since out-of-plane buckling is 
predominately controlled by flange yielding, the roller stresses can be ignored, 
as has been found by Papangelis & Trahair, 1987a. Finally, Delrue, et al., found 
a positive post-buckling behavior (continued increase in load carrying capacity 
at a reduced stiffness) for slender arches while Pi & Trahair did not find th is 
behavior for stocky arches. 
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2.3.2 Arches 

One study by Pi & Trahair, 2000, reported nonlinear FEA of the stability of free
standing arches. Arches hinged in-plane and out-of-plane were analyzed with 
the FE-madel previously used in Pi & Trahair, 1998, and with the properties 
displayed in Figure 43. The load cases investigated were a uniform distributed 
load over half the span or over the full span, and a concentrated load at the 
crown, or at quarter span. The results showed that when the subtended angle 
approached 150° (the maximum angle studied) , the load carrying capacity ap
proached zero, due to the out-of-plane hinges. To check the stability, they pro
posed the following design equation : 

(1) 

With: Nca = design strength of curved beam in uniform compression , and 
Mabx = design strength of curved beam in uniform bending, based on 

Pi & Trahair, 1998. 
Nm = nominal maximum axial compression, and 
Mm = nominal max. bending moment, based on first order theory. 
a = axial compression modification factor for the normal force. any 
a = moment modification factor for moment distribution . amy 
~ = capacity factor, a value of 0.9 is suggested for design. 

In Equation 1, the design strengths (Nca• Mabx) are based on curved beams, 
while the maximum loads (Nm, Mm) are based on the load distribution in an arch. 
For a concentrated load at the crown, the modification factors are aany = 1.4 
and aamy = 1.2. 

Pi & Trahair, 2000, concluded that the design equation worked well for sub
tended angles between 5° and 150° and modified out-of-plane slenderness Aam 
between 0.2 and 5.55, where Aam is defined by Equation 2. 

(2) 

With : Mpx = plastic moment of the cross section 
Mysa = elastic flexural-torsional buckling moment of curved beams as 

defined by Vlasov, 1963, and Pi & Trahair, 1998. 

Pi & Bradford, 2003, published an article dedicated to arches loaded by a single 
load at the crown, which were either fixed or hinged both in-plane and out-of
plane. Subtended angles were studied between 0°-180°. The results showed 



34 STABILITY OF STEEL ARCHES 

that the hinged arches approached zero load carrying capacity, while the fixed 
arches retained load carrying capacity, as the subtended angle approached 
180°. In that paper, the results were not compared to the design equation 
(Eq. 1) proposed by Pi & Trahair, 2000. 

From the literature review presented in this section, it was concluded that only a 
limited number of FEA have been published, most of them on curved beams. 
Although a design rule for arches was suggested by Pi & Trahair, 2000, these 
were on support conditions other than studied in this thesis . Their arches were 
either hinged or fixed in-plane and out-of-plane. The hinged arches will tip-over 
when the subtended angle reaches 180°. The fixed arches of Pi & Trahair, 
2003, cannot be compared with the arches in this thesis, because in-plane, 
they are stiffer. This thesis is confined to subtended angles from 90° to 180° 
but, due to the out-of-plane fixity, the arches will not tip-over and keep load 
carrying capacity at 180°. 

3 

Experiments 

The state of the art of experimental testing of arches was discussed in Sec
tion 2.2 and it was found that no tests have ever been performed on inelastic 
out-of-plane stability of full-scale steel arches. This chapter describes a series 
of tests that were carried out to establish load-deformation relationships on 
which an FE-madel can be calibrated. The next section states the motivation for 
tests and the objectives and restrictions. Section 3.2 gives a detailed account of 
the selection of cross sections and arches and Section 3.3 goes into the pro
duction of model arches. Section 3.4 is on the design of the test setup and 
boundary conditions . In Section 3.5, the measuring of imperfections is de
scribed and Section 3.6 gives a description of the testing procedure, the data 
acquisition system and an overview of all measurements. At the end of this 
chapter, the experimental results are presented both in load-deformation graphs 
and in tables with ultimate loads and stiffnesses. 

3.1 MOTIVATION AND OBJECTIVES 

It cou ld be argued that, with the presently available advanced nonlinear FEA, 
experiments cou ld be skipped. However, performing experiments will yield valu
able information on the stability behavior of arches, it will provide better input 
for fin ite element computations, and makes it possible to calibrate an FE-madel. 
These benefits have led to the decision to perform experiments. 

The test program was devised with the following objectives: 
1. Capture the spatial stability phenomenon of steel arches in bending 

and compression. 
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2. Focus on the inelastic out-of-plane stability and avoid local, snap 
through, or just in-plane buckling. 

3. Gather load-deformation relations for calibrating an FE-madel that can 
describe bi-axial bending, compression, and mixed torsion. 

The restrictions imposed on the tests were the following : 
1. The minimum subtended angle of the arch is restricted to 90° to avoid 

snap through buckling and to avoid compression to dominate over 
bending. 

2. The maximum subtended angle considered is 180°. 
3. Only arch-ribs with solid webs are to be used; built-up or trussed ribs 

are excluded. 
4. Only continuous arch-ribs are to be used; connections are ruled out. 
5. The dimensions of the arch should be chosen such that failure can be 

reached within the capacity of the available equipment. 
6. It is aimed at to apply nearly perfect boundary conditions (supports 

and load introduction). With perfect, either completely free or fully re
strained (e .g. hinges are frictionless and fixity is 1 00%) is meant. 

3 .2 TEST PROGRAM 

In Chapter 1, the selected load case is presented. In this section the selection of 
the cross section of the arch-rib and the dimensions of the arches are deter
mined. 

3.2.1 Selection of cross section 

A number of sections are feasible to use for the arch-rib, see Figure 44. Each of 
these sections has specific advantages and disadvantages. A short discussion: 
• In case of a tube, the moment of inertia is equal about any axis passing 

though the centroid . Torsion is resisted by Saint Venant-torsion only since 
warping does not occur in tubes. 

• The rectangular hollow section (RHS) has such a geometry that some 
warping can occur. However, a torsional moment is mainly resisted by 
Saint Venant-torsion, and only a small part will be resisted by warping re
straint-torsion. 

• The 1-section has a small torsional rigidity and a warping constant of inter
mediate value. The minor moment of inertia is less than one tenth of the 
major moment of inertia. Therefore, this section is highly susceptible to 
failure through lateral torsional buckling. 

EXPERIMENTS 

• In wide flange beams, the ratio between the minor and major moment of 
inertia is not as small as for 1-sections. The warping constant is larger than 
the one of the 1-section. This makes the section less susceptible to lateral 
torsional buckling. 

0 
Tube 
1,/ly = 1 
lw = 0 
It= large 

0 
Rectangular Hollow Section (RHS) 
1,/ly < 1 
lw =small 
It= large 

Figure 44. Cross sections considered. 

I 
1-section 
1,/ly < 0.1 
lw = intermediate 
It = small 

I 
Wide flange beam 
1,/ly < 0.3 
lw = large 
It = intermediate 

In making a selection from these types of sections, the discussed mechanical 
properties need to be considered. The tests are aimed at calibrating an FE
madel. This model needs to be able to describe bi-axial bending, compression 
and mixed torsion. Therefore, the tube and RHS were not selected because no, 
or very little, mixed torsion occurs in those sections. Then the choice came 
down to an 1-section or a wide flange beam. Because the arches tested are 
freestanding, the out-of-plane stability needs to be supplied by the lateral and 
torsional stiffness of the arch-rib . Therefore, a selection was made from the 
standard European wide flange beam series since those have a comparatively 
larger lateral stiffness than 1-sections. Figure 45 shows the ratio of minor to 
major moment of inertia on the horizontal axis versus the mixed torsion parame
ter (Eq. 3) on the vertical axis for the three types of standard European wide 
flange beams. 

rru;
v~ 

(3) 

The wide flange beams have a width equal to the depth up to depths of 
300 mm. After that, the width remains constant at 300 mm. The effect of this 
change becomes apparent in Figure 45. In this figure the ratio 1/ly is almost 
equal for all sections below 300 mm depth, but beyond the 300 mm, the ratio 
reduces rapidly. For the mixed torsion parameter, the opposite occurs: for in
creasing depths, up to 300 mm, it reduces rapidly, while it remains nearly equal 
for section depths beyond 300 mm. 
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Figure 45. Mixed torsion properties vs bending stiffness ratios for wide flange beams. 

From the range of available wide flange beams, a selection was made of two 
different cross sections. An HEA 100 section was selected because it repre
sents the outer extreme of the ratio 1,/ly and mixed torsion parameter. The other 
selected section was an HEB 600 that lies at the other side of the spectrum of 
cross sectional properties, see Figure 45. 

Since these sections are quite different in size, they would each demand their 
own supports, load introduction fittings, and actuator if they were both tested at 
full-scale. This was not feasible and therefore it was decided to scale the larger 
sections to the depth of the HEA 100. To indicate that this section is a model 
section, an astrix is appended to the name, i.e. HEB 600*. See Section 3.3 for 
details about the scaling process. Figure 46 shows the selected sections to 
scale, together with the sections used in previous experiments. The current sec
tions are substantially larger than all previously tested sections. 

previous experiments 

Em~ I I I • 0 
StOssi Tokarz DiTommaso Kldppel Papangelis Kee 1959 Kee 1961 

& Viola & Pratte & Trahair 

current experiments 
100 lc: 48 lc: •I •I 

12 t, = 8 4.32/ t, = 4.8 
tw = 5 96 mm 

tw = 2.48 

HEA 100 full-scale HEB 600* model1 :6% 

Figure 46. Cross section in previous and current experiments. 

EXPERIMENTS 

3.2. 2 Selection of arches 

The cross sections were selected in the previous section. It was decided to vary 
the subtended angle only, so per selected cross-section just the developed 
length needed to be determined. A preliminary FEA was carried out, which is 
reported by Ia Poutre, 2003, to investigate different dimensions. Prior to the 
experiments, the effect of the bending process on the material law and residual 
stresses was unknown. Therefore, a simple bi-linear stress-strain relation was 
used and no residual stresses were modeled. The material ordered was S235JR 
that has a minimum yield strength of 235 N/mm2

. Generally, the actual yield 
strength is higher, so in the preliminary FEA it was varied in three steps: 235, 
275, and 355 N/mm2

. For the model arches, the developed length was fixed at 
2.5 m, due to limitations of the scaling technique, see Section 3.3.1 . The sub
tended angle was varied in three steps: 90°, 135°, and 180°. For these arches, 
it was checked with the FEA whether the ultimate loads were within the capacity 
of the actuator (150 kN) and if out-of-plane buckling would occur. For the full
scale arches, length was not an issue. Several variations were investigated and 
it was decided to use a constant length of 6 m because for this length inelastic 
out-of-plane buckling would occur. The preliminary FEA showed that out-of
plane buckling of the full-scale arches would occur within the capacity of the 
actuator. Table 5 shows the results of the preliminary FEA, where F" 11 is the ex
pected ultimate load for arches with a yield strength of 355 N/mm2

. 

Table 5. Design loads for test setup. 

section HEA 100 HEB 600* 
Test 1 2 3 4 5 6 7 8 
a [ o] 180 160 135 110 90 180 135 90 
Fult [kN] 111.0 111.6 111.7 110.0 107.2 79.2 73.1 65.2 

Figure 47 . Dimensions of test specimens. 

With the lengths of the full-scale and model arches set down, the span and rise 
were determined. To the ends of all arches, 20 mm thick base-plates were 
welded, which increased the span and rise somewhat. For the design of the test 
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setup, the exact span and rise of the arches were needed. The dimensions of 
most interest were the total rise (to the extrados of the arch) and the span from 
center to center of the hinges, Figure 47. In Equations 4-5, the thickness of the 
base-plates was incorporated in the span and rise. Table 6 gives the dimen
sions of the test specimens. 

Shinges = 2 · Rn · sin(y )+ 2 · tb · cos(y) (4) 

Htotal = Re · (1- cos(y )) + tb · sin(y) (5) 

With : tb = thickness of base plate 
R, = radius to extrados 

Table 6. Dimensions of test specimens. 

section HEA 100 HEB 600* 
Test 1A-C 2 A,B 3A,B 4A,B 5A-C 6M 7M 8M 
a [ o J 180 160 135 110 90 180 135 90 
Ln [mm] 6000 6000 6000 6000 6000 2500 2500 2500 

s hinges 3820 4240 4720 5143 5431 1592 1976 2280 

Htotal 1978 1835 1620 1369 1147 864 703 495 

previously tested model arches 

Tokarz, 1g68 ~ ~ 
155° 768 87° 1106 

DiTommaso & ~ 
Viola, 1 g75 130° 705 

r--.. ,----.., _.........._._ 
Papangelis & 
Trahair, 1 g87a 

Rn = 500 mm 1 00° goo 80° 70° 50o 50o 40o 

Rn = 1000 mm 

Klbppel & Pratte , 1 g51 

fl:\ ~ 600' ~ 4o; 30° 

180o ~o ~3 650 goo ~o ~o 7350 

current test program - model arches 

180°f?:;:.., 135°~ goo~ 
Test 6M Test 7M Test 8M 1592 

current test program -full scale arches 

~~~ 
Tests 1A-C Tests 3A,B Tests 5A-C 

~~ 
( m~ \ / '•v '3125 " 

Tests 2A,B Tests 4A,B 
Figure 48. Arches in previous and current experiments. 

EXPERIMENTS 

The ful l-scale arches with extreme subtended angles (90° and 180°) were 
tested three times (A through C) to determine the repeatability of these tests. 
The range of subtended angles in between the extremes was covered by three 
angles, for which tests were repeated once (A and B, Figure 48). The numbering 
of the tests increases with decreasing subtended angles, and the appended 
character distinguishes test specimens with the same dimensions. Producing 
model arches was a laborious and cost intensive process and these tests were 
performed only once. To these test numbers, the letter M was appended to 
clearly indicate that these were model tests. Figure 48 shows the selected 
arches for testing and compares them to the previously tested arches (figure to 
scale). It can easily be seen that the full-scale arches are much larger than the 
previously tested model arches. Even the model arches of the current test pro
gram are larger than any previously tested arch. 

3.3 MODEL TESTS 

In this section, the selection of the scaling technique is discussed and the pro
duction of the model members is described. Model testing has effects on the 
mechanics of the arch, which is investigated in the second part of this section. 

3.3 .1 Production of model sections 

To produce model cross sections a number of techniques are feasible: 
1. welding/soldering plates together 
2. planing down larger sections 
3. milling shapes out of solid bars 
4. electric discharge eroding of shapes out of solid bars 

The first technique was used by Kloppel & Pratte, 1961, where sections were 
soldered together, and by Bartels & Bos, 1973, where they were welded. This 
technique has as advantage that no costly milling or planing is needed. The 
drawbacks are that the fillets cannot be formed exactly, that the plates for web 
and flanges might have different yield strengths, and that a heat affected zone 
(HAZ) will be created at the web-flange junction. In the second technique, a 
planing bench is used to plane down a larger section to a model section. This is 
a costly operation but has as benefit that the exact geometry can be ap
proached, including the fillets, and that the same material is used (for testing of 
both full-scale and model arches). The third and forth techniques are variations 
to the second technique. Generally, it can be stated that milling is more expen
sive th an planing. Electric discharge eroding is a good option because it is a 
very exact technique, the model members could be produced within strict size 
tolerances, and because it introduces virtually no residual surface stresses in 
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the model member. However, the specimens produced in this fashion will be 
limited in siZe. 

A test in which a small sample was planed down showed that planing was 
the best alternative to use for the current test program. The maximum length 
that could be worked was 4 m. After bending the model members into arches 
(Chapter 4) the ends needed to be cut-off, which reduced the developed lengths 
for the arch-ribs to 2.5 m. 

The HEA 100 beams were welded onto five strips equally spaced over the 
length. These strips were clamped down onto the planing-bench. After heat 
treatment (Chapter 4) , some residual stresses remained in the members. If 
large parts of material were to be removed at once, the change in residual 
stress pattern would deform the member. Therefore , the material was sequen
tially removed so that the member would not deform too much. Below this 
process is described and it is illustrated in Figure 49. After step 4, the beam 
was clamped rather than welded to avoid creating a heat affected zone (HAZ) at 
the flange tips of the final model section. 

1. Removing flange tips and bringing web to right thickness (one side) 
2. Turning over the beam and removing flange tips on other side and bringing 

the section to the right depth 
3. Bringing web to final thickness, flanges to the right width (one side) , plan

ing the inside of the flanges to the model thickness, and stepping the fillets 
4. Making the fillets round 
5. Turning over the beam, clamping it onto the plane bench ; planing the 

flanges to the final width and removing HAZ 
6. Planing the flanges to the final thickness and stepping the fillets 
7. Making the fillets round 
8. Finished HEB 600* model member 

material removed 

~;wgy Jt::::i ...._~ _.... 
steel strip 2 3 4 

~ 
material 

~mO<iog \ ~'====='ful rat=== removed 

5 6 7 8 

Figure 49. Planing sequence of the HEB 600*. 

EXPERIMENTS 

Figure 50a shows the HEA 100 member clamped on the plane-bench. The 
member was moved back and forth along a fixed chisel, Figure 50b. After each 
pass, the position of the chisel was altered until a surface (flange or web) was 
completely covered. During the planing process, no major deformations oc
curred due to changing the residual stress pattern . This indicated that the heat 
treatment was sufficient to lower the residual stress. 

Figure 50. Planing of members. 

3. 3.2 Geometric similarity analysis 

The cross sections were scaled with geometric similarity (homologous), which 
means that the cross sections were simply reduced in size, retaining their as
pect ratios. The original cross section is called the prototype and the scaled 
cross section the model, see Figure 51. For geometrical similarity, the section 
properties obey the following laws (Hossdorf, 1974): cross sectional area re
duces quadratically (Eq. 6), moments of inertia reduce quartically (Eq. 7) and 
the warping constant reduces with the scale factor to the sixth power (Eq. 8), 
where A. is the scale factor. Figure 51 shows the prototype and model HEB 600 
section next to each other to scale. The (prototype) HEA 100 section is shown 
as well. 

CSA - CSAprototype (6) model - 2 A 

1 _ lprototype 
model--- (7) A4 

1 _ lw,prototype 
(8) w,model - 6 A 
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I~I 
HEA 100 

prototype (full-scale) 
HEB 600* 

model 

t, = 30 
tw = 15.5 
r = 27 

Figure 51. Prototype and model sections. 

HEB 600 
prototype 

600 mm 

The arches were also, just like the cross sections, scaled with geometric simi
larity. The load distribution is affected with the scale factor as follows 
(Hossdorf, 197 4) : distributed load reduces linearly and concentrated loads re
duce quadratically (Eq. 9). The self-weight of the arch-rib acts as a distributed 
load. Testing arches geometrically scaled means that the effect of the self
weight is underestimated. However, the loading due to self-weight is so small 
compared to the applied load that this does not lead to a large error in the re
sults. Figure 52 shows the prototype and model arches to scale. 

F _ Fprototype 
model - "-2 (9) 

prototype 

A~~ 
180° - Test 6 135° - Test 7 90° -Test 8 

model 
f'l' 
796 "' 1061 ~92 

Figure 52. Prototype and model arches. 

EXPERIMENTS 

3.4 DESIGN OF TEST SETUP 

Figure 28 shows an isometric view of the selected load case, where load is 
applied at the chord (bridge deck) between the supports . Figure 54 shows the 
load case schematically. This section treats the design of the test setup and all 
the special fittings that were produced for the tests. At first, in Section 3.4.1 the 
load case in analyzed to determine the reaction loads acting on the test frame, 
and then in Section 3.4.2 the test setup is discussed. After that, the design of 
the boundary conditions is treated in Sections 3.4.3 for load introduction, 3.4.4 
for supports, and 3.4.5 for actuator guidance system. Section 3.4.6 illustrates 
the tilting load, and finally, Section 3.4.7 treats an axle that was specially de
signed to measure the radii of the arches. 

3.4.1 Analysis of load case 

Before the design of the test setup will be treated , the load case used in the 
experiments needs to be analyzed. Circular arches with in-plane hinges, a single 
point load at the crown, and variable subtended angles were studied. For this 
load case, the in-plane bending moment distribution is given by Equation 1 0 
(Stahl im Hochbau, 1984) and is drawn in Figure 53a. In this equation, the arch
rib is considered inextensible. Pi & Bradford, 2003, investigated the effect of 
axial deformations on the load distribution for this load case. They found a large 
influence for small subtended angles , but as the subtended angle increased this 
influence vanished, and at 90° there was hardly any influence. Therefore ignor
ing the axial deformation is acceptable. The deformations due to bending are 
considered small so they do not affect the moment distribution. The vertical 
reaction force is equal to half the applied load and the horizontal reaction force 
is given by Equation 11. 

(a) moment distribution 
/Ftot Ftot\ 

(b) normal force distribution 

Figure 53. In-plane load distribution for circular arches. 

0< $ < y: M(<jl) = F·Rn [sin y- sin <!J] - Fh ·Rn · [cos ~- cos y ] 
2 

(1 0) 
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1 . 2 [ . l 2 Sin y - COS y · COS y + y · Sin y + COS y 
Fh = F · (11) 

y . [2 + cos 2 y - sin 2 y]- 3 . sin y · cos y 

With: F = applied load 
Fh = horizontal reaction force 
<jJ = variable angle (with origin at the crown) 

The maximum moment occurs at the crown and is given by Equation 12. 

Mcrown = F·Rn siny - Fh ·Rn ·[1-cosy] (12) 
2 

The angle <!JM=o at which zero bending moment occurs is found by equating ex
pression 10 to zero and solving for <jJ. The angle <!JM2nd at which the second 
maximum bending moment occurs is found by differentiating the expression for 
the bending moment (Eq. 1 0) and equating it to zero and solving for <jJ (Eq. 13). 
The resulting angles are listed in Table 7. 

dM(<J>) = Fh ·Rn ·Sin<J>-Fv ·Rn ·COS<j>=O 
d<j> 

(13) 

The normal force distribution is shown in Figure 53b and given by equation 14. 

N(<j>) = _2._ dM(<J>) = Fh ·COS<j> + Fv ·Sin<j> 
Rn d<j> 

(14) 

From the equations, Table 7 was established in which the horizontal reaction 
force is given as a fraction of the applied load and the moment at the crown as 
a fraction of the product of the applied load and nominal radius. The maximum 
normal force Nmax in the arch-rib is found by adding Fh and Fv vectorially 
(Fig. 53b) . The maximum normal force occurs at the location of M2nd• because 
the funicular line is parallel to the tangent of the arch at that point. 

Table 7. Bending moments and reaction forces. 
a Fh Mcrown <l>M2nd M2nd <j>M=O Nmax 
[ 0 l [kN] [kNm] [ 0 l [kNm] [ 0 l [kN] 
180 0.318•F 0.1817•F•Rn 57.6° -0.0927•F•Rn 25.0° 0.593 •F 
160 0.403 • F 0.1596 • F • Rn 51.10 -0.0797•F•Rn 22.3° 0.642 • F 
135 0.533•F 0.1329 • F • Rn 43.1° -0.0649•F•Rn 18.9° 0.731 •F 
110 0.709•F 0.1 072 • F • Rn 35.2° -0.0514•F•Rn 15.4° 0.868 •F 
90 0.910•F 0.0871•F•Rn 28.8° -0.0413•F•Rn 12.6° 1.038•F 
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The reaction forces working on the test setup were determined by substituting 
Fu 11 from Table 5 for F in Table 7. The maximum horizontal reaction force was 
found for the 90° full-scale arches at Fh = 0.91 •1 07.2 = 97.6 kN . Once the 
arch deforms, also out-of-plane reaction forces will emerge, which is shown 
schematically in Figure 54. From the preliminary FEA it was found that the 
crown of the full-scale semicircular arch would deform at the most v1a1 

= 
100 mm out-of-plane. This deformation, combined with the maximum load of 
the actuator (150 kN), gave a maximum out-of-plane design load for the hinge
block of 7.5 kN (Fig. 54a). The out-of-plane load caused reaction loads and 
moments at the supports (Fig. 53b) and these were considered in the design of 
the supports (Section 3.5.3) . 

(a) cross section at crown (b) side elevation 

1 hinge-block 
2 actuator 
3 plane arch 
4 buckled arch 
5 tension rod 

6 F max 
7 Fin-plane = COS [3 ·F max 
8 Fout-ot-plane= sin [3 ·Fmax 
9 Fsupport (= y, Fout·of·plane) 
10 Msupport 

Figu re 54. Out-of-plane force on head of actuator. 

3.4.2 Test rig 

(c) elevation 

~-3---t----r-+ 
9 ~ 9 

4 
(d) plan 

In the previous sections, the dimensions of the arches and the reaction forces 
of the arches on the test rig were established. With these values, the test rig 
was designed. Figures 55 and 56 show an overview of the test rig. The rig was 
composed of standard laboratory HEB 300 members of 3 m length, with regu
larly spaced bolt-holes in the flange. These members were bolted together to a 
length of 6 m as shown in Figure 55. Two sets of members were placed parallel 
~o each other with a spacing of 200 mm. The actuator was placed in this spac-
1~9 - The supports rest on both parallel m.embers and they could slide in longitu
dinal direction to be fixed at the desired span Shinges of Table 6. The test rig was 
very stiff compared to the arches that were being tested, so no major deforma-
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tions occurred in the rig. The centers of the support hinges were elevated 
175 mm above the top surface of the test-rig, see Figure 55c. The design of 
boundary conditions needed special attention and this will be discussed in the 
next sections. 

1 180° arch ~ 
2 goo arch 200 mm ~ 
! ~~;~~i~r 4t=r=~:l ~rm~: ~1: ~4 
5 load-introduction '=::::r-___!~------"'--0 '-"-

0 
O '-!!_O O -'L_O ___ __,=c__d 

6 tension rod (a) plan 

5 

(b) side elevation (c) elevation 

Figure 55. Overview of test rig with arches in it. 

1 data acquisition 3 tension rod 5 load introduction frame 
2 control unit 4 goo arch 6 supports 

Figure 56. Test setup with goo full-scale arch . 
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3.4.3 Load introduction 

Three locations for load introduction were considered: at the top flange, at the 
centroid, and at the bottom flange of the section. Initially, load at any of these 
locations will just produce bending and shear in the arch . However, upon buck
ling, the section twists and the loads at the top and bottom flange will either 
amplify or diminish torsion in the cross section, see Figure 57a. This additional 
effect should be avoided in the experiments; therefore, load will be applied at 
the centroid of the section. 

(a) effect of location of load application 

Figure 57. Locations for load introduction. 

(b) load at the centroid 

Two types of load introduction at the centroid were considered. The first was to 
use a steel wire, similar to the experiments by Tokarz, 1968, see Figure 41a in 
Chapter 2. This solution has as advantage that it is rather simple to realize. The 
disadvantage is that the sections in the current research all have wide bottom 
flang es rather than just a web and these flanges may come in contact with the 
wire hangers once the section twists. While Tokarz used many point loads, in 
the present research only one point load is used. Also, the elastic-plastic stabil
ity is studied of stronger sections than Tokarz. These two items result in a much 
higher load on the single wire hanger, which might cause such high stresses at 
the hole in the web, that the web needs to be reinforced. Therefore this option 
was not selected . The second option that was considered was to use a spheri
cal bearing on top of the section. The centroid of the sphere coincides with the 
centroid of the cross section. Any which way the section twists, the applied 
load will always act at the centroid , Figure 57b. In this solution, zero friction in 
the contact area is needed and the selection of a bearing that can deliver that is 
discussed next. 

There are three working principles for bearings: rubbing contact, rolling ele
ments and fluid films (O'Donoghue, et al., 1970). In the rubbing contact bearing, 
two surfaces slide over each other. This is the simplest bearing but it has, rela
tive to the other bearings, enormous friction to overcome. In the rolling bear
ings, roll ing elements allow for the relative motion of the two load carrying sur-
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faces. In these bearings the concentrated stress at the contact with the rolling 
elements, is the limiting load carrying factor. Of the fluid film bearings two types 
exist: hydrodynamic and hydrostatic bearings. In the hydrostatic bearing, the 
load carrying capacity is governed by the supply pressure of the lubricant, while 
in the hydrodynamic bearing load carrying capacity increases with the rotation 
speed (which distributes the lubricant) . A selection of one of these principles 
needs to be made, and the most important criterion is the starting torque. Fig
ure 58a gives the rotation speed-torque characteristic for fluid film bearings and 
rolling bearings. For the tests under consideration, only torque at zero speed 
and the onset of rotating is of interest. Since a hydrostatic bearings has zero 
starting torque, it is the most suitable bearing, and it was selected for testing. 
The need for zero starting torque is elaborated next. 

0.405 
torque 
[Nm] 

1 
0.27 

0.135 

hydrodynamic 

hydrostatic 
0 -1<"--+---~~ 

0 2000 4000 6000 
_____.. rotation speed [rpm] 

(a) starting torque characteristic 
(after O'Donoghue, 1970) 

~ 
···!··· I W :r: .. ···r~ . ..•.. 

-+ 
bifurcation 

v 

!/ point ""~~~u~~~n-~uckling load 

i 
rapid buckling 

___. v, ~ 

(b) in-plane deformation (c) out-of-plane deformations 

Figure 58. Selection of bearing to allow the crown of the arch to twist. 

Figure 58b shows the characteristic of bifurcational buckling and limit point 
buckling. At the eigenvalue, the section suddenly buckles, or at the limit load, it 
rapidly buckles out-of-plane and twists. If the bearing had any friction, a starting 
torque needed to be overcome to start to rotate. This starting torque would sup
port the cross section against twisting and thus supports the arch. Eventually 
buckling will occur, but at a higher load. Using a hydrostatic bearing avoids thi s. 

Maljaars, et al. , 2002, attempted to used a hydrostatic bearing in lateral
torsional buckling (L TB) experiments of coped beams. The bearing was con
structed such that it contained a fluid in the recesses which would carry the 
load . The experiments returned higher ultimate loads than expected and so the 
friction of the bearing was examined. The friction coefficient was experimentally 
determined to be between 0.004 and 0.007. With an FEA, the sensitivity of LTB 
to friction was established , and it was found that for the determined friction, the 
ultimate loads increased between 10 and 30%, Figure 59. 
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Figure 59. Influence of friction on load carrying capacity (after Maljaars, et al., 2002) 

Figures 60 and 61 show the bearing that was designed for the current test pro
gram. The top part of the bearing, the socket, was divided into three recesses 
(Fig. 60a). Oil entered the recesses through three orifice restrictions . The oil 
formed a film between the socket and sphere and ran off at the perimeter into a 
receptacle . Gutters were cut between the recesses so that oil could run off there 
as well, see Figure 60. The sphere was electrically insulated from the arch-rib, 
to be able to monitor the oil film, which is treated in detail in Section 3.6.1 o. A 
disc with inclined edges was bolted onto the bottom side of the sphere to limit 
the contact area to 25 mm times the width of the arch-rib (Fig . 60b) . 

(a) bottom view of socket 
1 restriction 

recess 
gutter 
socket 
sphere 
oil receptacle 

9 strip 
10 oil supply 
11 drain 
12 disc 

2 
3 
4 
5 
6 
7 
8 

bolts to reinforce web 
insulator 

s-) 

s-1 
(b) section A-A (c) section B-B 

Figure 60. Hydrostatic bearing for load introduction at the crown. 
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Figure 61. Hydrostatic bearing in operation. 

1 socket 
2 sphere 
3 pressure 

transmitter 
4 oil receptacle 
5 load-

introduction 
frame 

Two strips, bolted on the bottom side of the disc, prevented the ~phere from 
sliding off the arch. In plane, the bearing was not fixed , but stayed m place due 
to the built up friction between the bottom of the disc and top surface of the 
arch-rib. 

Three recesses were needed for the self-aligning of the socket on the sphere . 
The principle of self-aligning and the requirement for restrictions is illustrate? in 
20 in Figure 62. Oil is pumped with a pressure P s from the pump to t~e beanng. 
Through the restrictions, the pressure drops to P,1 and P,2. The magnitude of the 
drop depends on the type and dimensions of the restrictions ; a dro~ of 
p ;p = 112 was aimed at in the design of the restriction (Fig . 62c) to obtam a 
s~fficiently stiff bearing. If the load acts at the center of the bearing, the pres
sure distribution will be equal in both recesses , see Figure 62a. If the load acts 
eccentrically, the pressure in recess one drops, while in recess two it increases, 
which counterbalances the eccentric load. 

recess I 
pressure P P 

t r1 r2 

~~ 
recess 1 recess 2 

I 
I 

bearing I 
land I 

c===========~ I 

(a) bearing with centric load (b) bearing with eccentric load (c) orifice restri cti on 

Figure 62 . Principle of self-aligning of the bearing (a, b) and orifice restriction (c). 
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Due to the restrictions, the pressure in the supply line is virtually unaffected. 
Therefore, the change in pressure P,1 does not influence pressure P,2. If the re
strictions weren 't there, all oil would gush out in recess one and the bearing 
land of recess two would be pressed against the pad. 

The hydrostatic bearing was designed, dimensioned, and manufactured at 
the Technische Universiteit Eindhoven. Measurements showed that the diameter 
of the socket exceeded the diameter of the sphere by 0.02 mm, which was a 
perfect gap for the oil film. The design and calculations were based on Rowe, 
1983, and are reproduced in Appendix A.1 . Working drawings of the bearing 
can be found in Ia Poutre, 2004. 

3.4 .4 Supports 

At the end of the arch, a 20 mm thick base-plate was welded. The base-plate 
was bolted onto a notched support platen on which two axles were mounted, 
see Figures 63 and 65. These axles were supported by two inline, double-row 
spherical self-aligning roller bearings. If the notched support platen deforms, or 
if the axels are misaligned, these bearings can adjust to small deviations from 
perfect alignment without jamming, see Figure 64. This ensured that the hinge 
function was not impaired during testing. The support-platen was notched, so 
that the surface of the arch-rib base-plate was fixed at the center of rotation of 
the support hinges, see Figure 63. The arch-rib was fixed against out-of-plane 
rotation by the bolted down base-plate. At failure , the crown of the arch moved 
laterally, causing a bending moment at the supports, Figure 54b. This moment 
is carried by two opposite radial loads at the bearings. 

1 notched support platen 
2 inclined support block 
3 support base-plate 
4 slotted bolt hole 
5 bearing fixed on axle 
6 bearing free 
7 arch-rib base-plate 

~N 

(b) section A-A 

Figure 63. Support for arch-rib. 

N normal force 
RN reaction to N 
V shear force 
Rv reaction to V 
M bending moment 
RM reaction to M 

!~A 

!~A 

(d) elevation 
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The bending moment is accompanied by a small out-of-plane shear force, 
which is transferred as an axial load onto the bearings, see Figure 63c. Such a 
load is not favorable for this type of bearing but will be carried because the two 
rows of rollers are on a spherical surface. The axial load too remains small 
compared to the radial load. Per support only one bearing was fixed on the axle, 
see Figure 63b. 

All elements of the supports were manufactured at the Technische Univer
siteit Eindhoven with the exception of the bearings and the bearing houses. 
These came from NSK and the bearings were of type 22208CDE4 with a radial 
static load capacity of 81 .5 kN each. Figure 65 shows the support in the ex
perimental setup. Working drawings of the support are available from Ia Poutre, 
2004. 

1 axle 
2 inner ring bearing 
3 outer ring bearing 
4 spherical raceway 

80 mm 5 barrel shaped roller 
6 radial load 
7 axial load 

8 8 nut fixing axle to 
inner ring 

23 mm )I 
Figure 64. Double-row spherical roller bearing mounted on support axle. 

Figure 65. Support with full-scale semicircular arch-rib. 

~:S:Zi 1 notched support 
'!'~ platen 

2 inclined support 
block 

3 support base-p late 
4 arch rib base

plate 
5 bearing house 
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3. 4.5 Actuator guidance system 

In the selected load case, load was applied through a tension rod with a fixed 
origin. Due to size limitations, the actuator had to be placed underneath the test 
setup. This had as disadvantage that the origin of the load (the ram) moved 
downwards, rather than staying fixed in location. However, this was unavoid
able and therefore a movable hinge-block needed to be mounted on the ram, to 
which the tension rod was connected. This system will be called actuator guid
ance system hereafter. The maximum stroke of the actuator was 100 mm while 
smaller strokes were expected, based on the preliminary FEA, in the tests. The 
starting position of the hinge-block was located just above the chord between 
the support hinges and during testing it moved down to just below the chord. 
The chord was 175 millimeter elevated above the surface of the test-rig. 

The actuator guidance system was designed as depicted in Figure 66. It had 
to carry the out-of-plane load acting on the hinge-block (see Section 3.4.1 ), 
which was mounted on the ram. This load was carried across to the test setup 
by a lever arm (Fig. 66c). The lever arm showed some out-of-plane deflection 
under the out-of-plane load and a few improvements were made, which are 
described in detail in Ia Poutre, 2004. After the improvements, the lateral stiff
ness was still not sufficient and the guidance system was redesigned com
pletely, which is described next. 

1 hinge block 
2 actuator 
3 ram 
4 hinges of lever pl. 

(a) plan 

5 ro d-end bearing r-
6 test frame A 
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(b) side elevation 
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(c) section A-A 

Figure 66. Actuator guidance system. 
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A completely new guidance system was designed, see Figure 67, which was 
first implemented in Test 28 and used thereafter. Measurements showed that 
the system was sufficiently stiff after the redesign . In this new design, the 
hinge-block slides through two grooves (Fig. 67c) in solid steel blocks. These 
blocks were bolted down on steel batten plates, which themselves were bolted 
down on the test setup, see Figure 67a. Figure 68 shows a picture of the initial 
and redesigned actuator guidance system. Working drawings of the actuator 
guidance systems are given by Ia Poutre, 2004. 

1 hinge-block 
2 actuator 
3 ram 
4 groove 

(a) plan ·r·-· 
I 
I 

5 rod-end bearing 
6 test frame 
7 batten plate ~7 
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(b) side elevation 
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Figure 67 . Modified actuator guidance system. 

1 hinge block 
2 load cell 

3 ram 
4 groove 

5 rod-end bearing 7 batten plate 
6 test frame 

Figure 68. Initial (left) and redesigned (right) actuator guidance system. 
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3.4.6 Tilting load 

In the previous sections, the boundary conditions were described individually. 
However, in applying the load to the arch, they work together, which is illus
trated in Figure 69. As the arch buckles out-of-plane, the crown moves laterally 
and twists. The center of twist of the cross section does not necessarily coin
cide with the center of the tilting load . The load is tilted by an angle <1>1 and the 
cross section is twisted beyond <!>1 by an angle <j>2. If the hydrostatic bearing had 
not been used, the crown of the arch would have been forced to twist with the 
same angle <j>1 as the tilting load. This would have supported the arch and in
creased the ultimate load. 

1 load introduction frame 
2 hydrostatic bearing 
3 tension rod 
4 load cell 

(a) buckled arch in Test 7M 

Figure 69. Tilting load. 

5 rod-end bearing 
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5 
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(b) schematic representation 



58 STABILITY OF STEEL ARCHES 

3.4. 7 Axle for measuring arch radius 

To measure the radial imperfections of the arch, an axle was designed which 
was located on the chord at midspan of the arches. This location coincided with 
the hinge-block and therefore the axle was made removable from the support 
plates between which it was mounted, see Figure 70. The axle was notched to 
the center, such that a measuring tape could be hooked onto it and the radius of 
the arch could be measured, without having to add the thickness of the axle to 
the radius measured. The axle could rotate so that the circumference could be 
measured without unhooking the tape. The notched parts were spaced at about 
the same width of the flanges of the arch-rib so that the tape could be extended 
from the axle to either side of the arch-rib . Figure 71 shows a picture of the axle 
with a measuring tape hooked onto it. In Section 3.5.4 it is described how the 
radii of the arches were measured and how the imperfections were determined 
from these measurements. 

. . 
I A I 

~------------------------~-
(a) section A-A · (b) section B-B 

Figure 70. Axle at center of arch for measuring radius. 

1 measuring tape 
2 support plate 
3 test rig 
4 removable axle 
5 notch 
6 bearing 

Figure 71. Notched axle to facilitate measuring the radius. 
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3.5 IMPERFECTIONS AND PERMANENT DEFORMATIONS 

3.5.1 Aligning the test setup 

Prior to testing, the supports and the center of the tilting load (hinge-block) 
were aligned. They were lined up along a brass wire, which was tensioned over 
the test-rig. The supports could move sideway only a few millimeters while the 
hinge-block could be adjusted laterally in the order of tens of millimeters, so the 
supports were aligned first and then the hinge-block. After the hinge-block was 
fixed, the supports were slid to the correct span. Then it was measured if the 
distance from the support to the center of tilting load (S/2) was equal on the left 
and ri ght side (Fig. 72a). The notched support-platens were measured diago
nally and, if needed, corrected for parallelism. After this was completed, a 
dumpy level was used to set up a horizontal plane over the supports and it was 
checked if the center of the supports were level (Fig . 72b). Finally, each support 
was adjusted to a level position by placing a spirit level over the notched plat
ens , see Figure 73c. The adjustments were made by sliding the bearing-houses 
over the inclined blocks, see Figure 72b. This affected the span, which needed 
to be readjusted. 

5 

(b) elevation 

Figure 72. Aligning the test-setup. 

4 ... 

1 wire for lining up 
supports and actua
tor 

2 laterally adjusting 
hinge-block 

3 sliding supports to 
correct span 

4 level plane 
5 leveling staff 
6 sliding bearing 

houses to adjust 
height 

7 spirit level 

~ De 
(c) side elevation 

Aligning the test setup was an iterative process and many steps were repeated 
until a satisfactory alignment was obtained. The precision of the alignment was 
± 0.5 mm (reading the measuring tape and the leveling staff to the nearest mil-
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limeter) . After the alignment was final , the notched axle for measuring the radius 
was aligned, see Section 3.5.4. 

3.5.2 Assembling the arch 

The actual radii of the arches differed slightly from the nominal radii. However, 
the test-rig was aligned for the nominal radius which meant that the arch 
needed to be deformed to fit in the test setup. The arch was first bolted down 
on one support after which it needed to be pushed in or pulled out to fit on the 
second support, Figure 73a. Figure 73b shows the bending moments that arise 
due to assembling. Table 8 gives the horizontal projection (Uproi) per arch of the 
assembly deformation Uassem that were made per arch. A positive number means 
that the arch was pulled outwards, a negative number that it was pushed in
wards. With Equation 15, which was derived by Ia Poutre, 2004, (pp. 137 -138) , 
the bending stresses at the crown were determined. These stresses occurred at 
the outer surface of the flanges and Table 8 lists the absolute values . If the arch 
was pulled in, tension occurred at the top flange and compression at the bottom 
flange, if the arch was pushed out, the stresses were reversed. 

notched support 
platen can hinge 
in-p\ane 

base plate 

R(1-sin(C,)) 

(a) assembl ing deformation (b) moment distribution due to assembling 
Figure 73 . Assembling the arch in the set-up. 

u proj . h. E · (1 - sin s) 
Gflange,crown = ±-----'--'--------

R~ [(n -2 · s)· (1 + 2 sin 2 s)- 6 ·cos s ·sins] 

With : Uproi = horizontal assembly deformation 
h = section depth 
E = E-modulus 
Rn = nominal radius 
~ = n/2- y 

(15) 
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Table 8. Assembly deformations and calculated assembling stresses in full-scale arches. 
Test Uproj lcrcrownl Test Uproj lcrcrownl Test Uproj lcrcrownl 

mm N/mm2 mm N/mm2 mm N/mm2 

1A.l 0 0 2B 0.0 0 4B 0.3 0.7 
1B.l 0.6 1.1 3A 4.3 8.9 5A -4.5 12.9 
1C.l 6.5 11.4 3B -0.5 1 5B 0.4 1.1 
2A 1.8 3.4 4A 2.0 4.8 5C 3.8 10.9 

Note. •J span between supports was 8 mm too large. 

During assembly of the model arches, strain was measured with strain gages, 
which were located close to the crown, see Section 3.6.9. The measured 
strains were converted to stress and the results are listed in Table 9. Because 
the strain gages were not placed directly at the crown, the assembly stress was 
calculated at the location of the strain gages. Table 9 shows that there is a rea
sonable to good agreement between measured and calculated assembly 
stresses, except for Test 8M . The stress obtained from the strain measurements 
was considered the most accurate determination of the assembly stress. 

Table 9. Calculated and measured assembling stresses in model arches. 
Test uproi lcr l calculated cr measured at top flange 

mm N/mm2 N/mm2 

6M 10.5 1 05 -90 
7M 0.4 4.7 -9.9 
8M 3.2 52 -17 

3.5 .3 Influence of imperfections 

cr at bottom flange 
N/mm2 

91 
8.9 
17 

The lateral imperfections are very important for initiating out-of-plane deflec
tions. Once the re is a lateral imperfection, an out-of-plane bending moment is 
introduced in the arch-rib. The bending moment will be equal to the applied load 
times the distance between the arch-rib and the tension rod, see Figure 7 4a. 
The larger this imperfection the larger the bending moment will be. The twist 
imperfection has a similar effect on the initiation of failure . If the arch-rib is 
twisted, the principal axes of the cross section are inclined with the direction of 
loading. This will induce bi-axial bending which produces an out-of-plane de
formation . For the out-of-plane deformation, the reasoning of the lateral imper
fection applies. 

The hinge-block was slightly misaligned, which caused an out-of-plane load 
on the arch-rib. If the arch were perfectly plane, the out-of-plane load pulls the 
arch in the direction of the hinge-block imperfection. If the arch had a lateral 
imperfection at the crown, and the hinge-block imperfection was in the same 
direction, than it would diminish the out-of-plane load at the crown. If the hinge-
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block imperfection were in opposite direction to the crown imperfection, it 
would increase the out-of-plane load at the crown, Figure 7 4b. 

The radial imperfection is not as important as the lateral and hinge-block im
perfections. In the chosen load case, an in-plane bending moment occurs from 
the start of loading onwards. The bending moment is equal to the reaction 
force , F101, times the distance of the arch-rib to the funicular line, Figure 7 4c. 
Small radial imperfections will produce only small changes in the in-plane bend
ing moment that is present anyway. This is different from the lateral and hinge
block imperfections, where there will be no out-of-plane bending moment if 
there were no imperfection. 

plane ~ F 
arch !t' buckled out-of plane 

1 F arch 

M=F•e I e 

~tens ton rod_ 

support ~~ 1 J1 
~Msupport Ftot 

(a) lateral crown imperfections (b) hinge-block imperfection (c) radial imperfections 

Figure 7 4. Influence of imperfections. 

3.5.4 Imperfections of the arch-rib 

In this section the measurements of the imperfections of the arch-rib are 
treated. The lateral, the hinge-block, the radial, and the twist imperfections will 
be discussed successively. 

The imperfections were measured at regular intervals along the developed 
length of the arch. To facilitate this process, an angular graduation was marked 
on all arch-ribs: for the full-scale arches the graduation was the subtended an
gle divided by 12 and for the model arches this was the subtended angle di
vided by 24. At the supports, the measurements were taken 40 mm removed 
from the base plates. Figure 75 shows the positive directions for the imperfec
tions. The twist imperfection Simp of the arch-rib coincides with the positive 
twisting direction in the local co-ordinate system. The lateral imperfection coin
cides with the positive direction of the local and global y-axis. The positive ra
dial imperfection r;mp is against the positive direction of the local z-axis. Note 
that the global co-ordinate system is indicated in capitals whereas the local co
ordinate system is indicated in lower case. 
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1 global co-ordinate system 
2 local co-ordinate system 
V;mp lateral imperfection 
r; mp radial imperfection 
C,;mp twist imperfection 

R 
a 

~ 
Figure 75. Positive signs for imperfections. 

With the aid of a theodolite, an optical vertical plane was established parallel to 
the test set-up, Figure 76. From this plane, the position of the arch was meas
ured at the angular graduation. The values measured were entered in equa
tion 16 to determine the magnitude of the imperfections. The measurement was 
taken to the tip of the flange. 
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3 h-b imperfection 
4 alignment of supports 
5 chord through flang es 

Figure 76. Measuring the out-of-plane imperfections. 
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Because bottom flanges were on average about one mill imeter wider than top 
flanges, half of the flange width was added to the measurements to get the im
perfection of the center line of the flanges , see Figure 76c. 

The values 'c' and 'd ' should have been identical. However, small difference 
occurred due to a misaligned arch-rib on the base-plates, and due to play be
tween bolt and bolt-holes during assembly. The difference between 'c' and 'd ' 
generally did not exceed two millimeter. Equation 16 determines the imperfec
tion relative to a chord through the center of the flanges at the supports, rather 
than relative to the vertical plane, established with the theodolite. In the next 
section, this is explored further. Appendix A.3.1 gives the graphs of the lateral 
imperfections for all tests . Table 10 gives the imperfection at the crown and the 
maximum imperfection measured, in parentheses, if this did not coincide with 
the crown value . 

0 <X< S: vimp(x) = v(x) + c~d -x - c (16) 

With: c = distance to tip of flange at first support 
d = distance to tip of flange at second support 
v(x) = distance between vertical plane and tip of flange at location x. 

Table 10. Crown and maximum imperfection. 

Test crown (max) Test crown (max) Test crown (max) 
[mm] [mm] [mm] 

1A 4.9 (5 .7) 3A 16.2 (18.6) 58 0.3 (-3.4) 
18 -3.5 (-6.1) 38 7.1 (15.3) 5C -2.2 (6.0) 
1C 12.0 (15 .5) 4A -16.0 (-16.2) 6M -4.3 (-5.0) 
2A 9.3 (10.1) 48 -12.6 7M 8.6 (9.7) 
28 -1 .1 (-1 .6) 5A -4.6 (-6.0) 8M 4.3 (4.4) 

The hinge-block was aligned with the center of the support platens. Unless the 
mean value of 'c' and 'd' plus half the flange width in equation 16 is equal to 'a' 
in Figure 76c, the position of the hinge-block is misaligned with the chord 
through the center of the flanges. For all tests , the hinge-block misalignment 
(vh-b) was determined with Equation 17, and is listed in Table 11 . The misalign
ment of the hinge-block could have initiated out-of-plane deflection of the arch
rib (see also Section 3.5.3) , and therefore it is important to know the amount of 
misalignment, which was modeled in the FEA (Chapter 5). 

EXPERIMENTS 

C+ d+ b 
vh- b = 

2 
- a (17) 

With a = distance between alignment of supports and vertical plane 

Table 11. Imperfection of hinge block. 

Test vh-b Test vh-b Test vh-b Test vh-b 
[mm] [mm] [mm] [mm] 

1A 1.3 28 1.5 48 -1 .0 6M -0.7 
18 -1.6 3A -0.1 5A -0.1 7M 0.7 
1C 0.5 38 1.5 58 -0.8 8M 0.2 
2A 1.2 4A -0 .6 5C -1 .6 

In plane, the imperfections were measured with measuring tape , fixed at the 
center of the semicircular arch, see Figure 77. The measuring tape was hooked 
onto a notched axle and could move along the arch-rib to take measurements at 
the angular graduation. With this set-up, the deviations from the nominal radius 
of the semicircular arches could be measured directly. For non-semicircular 
arches, the axle was fixed at midspan on the chord between the supports, see 
Figure 77. This chord was taken from the top surface of the base-plate , rather 
than the center of rotation of the hinges (bottom surface) , because the base
plates were not part of a segment of an arc. 

(a) cross section at crown (b) elevation (c) cosine rule 

Figure 77. Method of measuring the radius. 

With the cosine rule, Equation 18 and Figure 77c, the nominal distance from the 
axle to the intrados of the arch-rib (Do« center) was determined. The radial imper
fection was found by subtracting Doff center from the measured distance (D measl , 

see Equation 19. 

(18) 
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With: R; = radius of intrados 
k = distance from center of arch to chord between supports 
Doff center = nominal distance from axle to intrados arch-rib 
Dmeas = measured distance from axle to intrados arch-rib 
r;mp = radial imperfection 

(19) 

The twist imperfection of the arch-rib was not measured directly; it was deter
mined from the lateral and radial imperfections. Two methods were employed: 
in the first one, the twist imperfection was determined from the radial imperfec
tion, in the second one, it was determined from the lateral imperfection. At each 
graduation on the arch-rib, two imperfections were measured, either at the left 
and right side of the arch-rib, or at the top and bottom flange. Both methods 
consist of taking the difference of the two measured values and dividing by the 
distance between them. The difference can be either the flange width or the 
depth between the centers of the flanges (h-tf), see Figure 78. 

(R) 

b 
vertical plane established 
parallel to test setup 

Figure 78. Determining twist from the radius and lateral imperfection measured. 
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Figure 79. Twist of the arch-rib, determined from the radial and lateral imperfections. 

This arithmetic procedure gave an angle of twist that was similar for both meth
ods. Figure 79 shows the initial twist for one experiment. The accuracy of the 
initial twist was not very high since all measurements were read to the nearest 
millimeter. The fact that the two independent measurements (radial and lateral) 
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gave similar results ( ± 1 °) showed that the trend could be trusted. The average 
of the results of both methods was used and is plotted in Appendix A.3.3. 

For FE-modeling, all imperfections were approximated with a polynomial ex
pression. The advantage of using an approximation is that in the FE-program, 
the imperfections can then be modeled based on a continuous function, rather 
than an array of data points . A sixth degree polynomial function was fitted with 
regression through the values measured. Equation 20 was used for the lateral 
imperfection; the radial and twist imperfection were approximated with a similar 
polynomial function. In Appendix A.2, the coefficients for the polynomials are 
listed. Figure 80 shows an example of the fit of the lateral imperfections. In Ia 
Poutre, 2004, all fits are shown. 

(20) 

With : \If = variable angle between 0°- a 0 [deg] 

3. 5.5 Permanent deformations after testing 

After testing, the permanent deformations of the arch-rib were measured in the 
same way as the initial imperfections. The out-of-plane deformations were 
measured in the same ways as the imperfections. When the permanent radial 
deformati ons were measured after testing, it was not the radius that was meas
ured, but an inclined line from the axle to the arch-rib. This was due to the per
manent out-of-plane deformation of the arch-rib. This inclined line was pro
jected on a vertical plane to get the actual radial deformations. Generally, there 
was very little difference between the deformations measured on the inclined 
line and the projected radial deformations (Ia Poutre, 2004, p. 33). The results 
of al l deformation measurements are given in Appendix A. 

3.5.6 Categories of imperfections and permanent deformations 

The lateral imperfections, the permanent lateral deformations, and the perma
nent radial deformations showed clear patterns. Next, they are classified in dif
ferent categories. 

Two main categories of lateral imperfection-shapes, which each two subcate
gories, were distinguished: 

1 a. one sided 
1 b. one sided with a (nearly) straight section 
2a. (nearly) symmetric S-curve 
2b. asymmetric S-curve 
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The four categories were defined as follows : Category 1 a showed imperfection 
in one lateral direction only. Category 1 b was the same as 1 a, except for a 
nearly straight section at one end of the arch. Category 2a showed a nearly 
symmetric S-curve, with two approximately equal extremes, which crossed the 
axis at or close to midspan. In category 2b, the asymmetric S-curve had two 
profoundly different extremes and it crossed axis well removed from midspan. 
Figure 80 illustrates the categories and Table 13 shows to which category each 
test belongs. 

-:~ 
0 subtended angle [0 ] ------. 90 

_5 1 b. one sided with straight section (Test 1 C) 

0 '-y--1 

straight 
section 

20 0 180 

-~ts=z 
0 1M 

Figure 80. Examples of four types of initial lateral imperfections. 

For all tests, graphs of the permanent lateral deformations are given in Appen
dix A.3.1 . In these graphs, the initial imperfections of the arch-ribs are shown 
as well. The magnitude of the permanent deformations is of minor importance, 
because it is related to how far the arch was post-critically loaded, and for each 
experiment, this was different (Section 3.6.1). The shape of the permanent de
formations was of principal importance: it revealed the mechanism in which the 
arches had failed. The failure was divided in two main categories with two sub
categories: 

1 a. three plastic zones, symmetric failure in direction of imperfection 
1 b. three plastic zones, symmetric failure against direction of imperfection 
2a. three plastic zones, push back, failure in direction of imperfection 
2b. three plastic zones, push back, failure against direction of imperf. 

The categories were defined as follows . Category 1 a: the arches showed a 
symmetric out-of-plane failure in the direction of the initial imperfections. The 
deformations were concentrated in three plastic zones, in between which the 
arch-rib was nearly straight. The plastic zones always occurred at the crown 
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and at the angles of the second largest in-plane bending moment (Fig . 53, Sec
tion 3.4 .1 ). Category 1 b: same as category 1 a, except that the failure occurred 
in a direction opposite to the initial imperfection. Category 2a: the failure was 
asymmetric and one part of the arch-rib was pushed back at the angle of the 
second largest in-plane bending moment. Category 2b: same as category 2a, 
except that the failure occurred against the lateral imperfection. The four catego
ries are illustrated in Figure 81 and Table 13 shows to which category each test 
belongs. 

Category 1 a (Test 7M) 

-70 
Category 2a (Test 4A) 

-100 
Category 1 b (Test 1 A) 

failure against 
direction of rr ; m p •rt•ct;oo 

a~--*-~~~~~~ 

20 0 180 

Category 2b (Test 5A) 
-10 
0~~~----~~~~~ 

--lat. imp. 

60 
--ir- perm. lat. def. 

110 0 --------. subtended angle [0 ] 90 

Figure 81. Examples of two categories of out-of-plane failure . 

The results of radial imperfections and the permanent radial deformations of all 
tests are given in Appendix A.3.2. The permanent radial deformations reveal 
how the arch failed in-plane, and four categories were distinguished: 

1. sway mode 
2. symmetrical failure 
3. mixed mode 
4. no in-plane failure 

The categories were defined as follows. Category 1: in the sway mode, two 
plastic zones emerged, creating a mechanism which made the arch sway in
plane . In between the plastic zones , the arch-rib retained its shape. Category 2: 
three plastic zones occurred and the failure mode was symmetrically. Cate
gory 3: the arches fail in a sway mode, but between the support on one side 
and the crown, the onset of a plastic zone was visible . Therefore, this was la
beled as mixed mode. Category 4: barely any permanent radial deformation was 
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visible after testing (which was the case for the model arches). Figure 82 illus
trates the four categories and Table 13 shows to which category each test be
longs. 
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Figure 82. Examples of three types of in-plane failure modes. 

In Appendix A.3.3 the twist imperfections and permanent twist deformations of 
all tests are given. Most tests exhibit an irregular twist imperfection pattern. 
After testing, the crown was twisted furthest while the angle of permanent twist 
diminishes towards the supports. No clear patterns were observed which cou ld 
be categorized. 

3.6 TESTING PROCEDURES AND MEASUREMENTS 

3.6.1 Testing procedures 

First, the wires for measuring deformations of the arch-rib were connected and 
the LVDTs (linear variable displacement transducers) and digital gages were 
placed at the supports. Then the sphere of the hydrostatic bearing was placed 
on the crown of the arch and aligned with the centroid of the arch-rib. The 
drain-hoses were connected to the oil-receptacle. Next, the load-introduction 
frame was lifted over the sphere but contact was not yet made. The. tension rod 
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was connected to the load-introduction frame. At th is stage, oil was pumped 
through the bearing to start heating up both parts of the bearing as well as the 
heat exchanger. After approximately half an hour, preparations were made to 
start loading. The start of the actual test was marked by turning on the data 
acquisition system. Then, the load-introduction frame was lowered with the 
crane until the socket made contact with the sphere. The nut on the tension rod 
(Fig. 69b) was tightened and the hooks of the crane removed from the frame. At 
this point, the signal generator was activated which controlled the movement of 
the actuator. Because there was some play between the tension rod and the 
load-introduction frame, and between the actuator and the test setup, it took a 
while before load started to build up. Figure 83 gives an example for one test. 

Test 5A 

- applied load 
---ram displacement 

ram moving down 
100 -r--------===~~==±1±~ 

F 
[kN] 

t 
_____. time [sec] 3000 

Figu re 83. Start of loading. 

1 start data acquisition 
2 speed of ram (loading) 
3 speed of ram (unloading) 
4 play between actuator and frame 
5 weight of actuator 
~----------~--~8 

displ. 
[mm] 

t 
~--4---~--~--~0 

----.time [sec ] 400 

Load was applied with stroke control and it was decided to keep the deforma
tion rate the same for all experiments. In the full-scale tests, the deformation 
rate was 1.67 mm/min. In the model-tests, the deformation rate was divided by 
the scale factor and rounded to a number that could be entered on the signal 
generator (see Section 3.6.3). This corresponded with a deformation rate of 
0.267 mm/min. 

Unloading was started after both the ultimate load had been reached and 
considerable deformations were visible. For each test it was judged on the spot 
if these two conditions were met. The decision to unload was based on the load 
drop after ultimate load, read on the steering console of the actuator, on the 
load-lateral displacement graph that was being plotted real time (x-y recorder in 
Figure 84), and on the observed lateral and twisting deformations of the crown . 
Often, the angle of twist at the crown was the single deciding factor to unload. 
The arch had twisted so much that the bearing would reach its limit of 20° rota
tion. Sometimes the recorder of the lateral displacement was the limiting factor 
because it went out of range (especially for the deep, full-scale arches). 
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The speed of unloading was many times higher than the speed of loading, usu
ally in the order of four or five times, see Figure 83. Measurements were contin
ued to be recorded at this stage. Just before all load was removed from the 
arch, the load-introduction frame was hooked to the overhead crane. Then the 
load was reduced to zero and the nut on the tension rod was loosened. The 
load-introduction frame was lifted slightly off the sphere (about 30 mm) while 
the oil pump was still working. After these procedures, the recording of meas
urements and the oil pump were stopped. The independent measuring frame 
(Fig. 86) could now be touched and the disassembling of the measuring equip
ment (wires), the hydrostatic bearing, and the arch-rib commenced. However, 
first the permanent radial and out-of-plane deformations of the arch-rib were 
determined (see Section 3.5.5). 

3.6.2 Data acquisition 

The inputs to the measurement-system were physical parameters, such as 
force, displacement, and strain . The output was a file with digitized values of 
force, displacement, and strain. Next follows a more detailed description. The 
physical parameters were measured with different sensors: force with a load 
cell, strain with a strain gage, and displacement with, an LVDT, a digital gage, 
or a potentiometer. The load cell actually houses a core with strain gages, so it 
could be categorized as the recording of strain as well. All these sensors, with 
the exception of the digital gages and LVDTs, produce a change in electrical 
signal, which was amplified to an electrical value within bounds of ± 10 V. The 
LVDTs produce a change in inductive behavior, which in turn produced an elec
trical signal. The amplification was done either by an external conditioner, in 
case of the displacement-recorders, or within the data acquisition unit, in case 
of the strain gages. The signal was then processed by the data acquisition unit: 
a National Instruments (NI) Signal Conditioning eXtensions for Instrumentation 
(SCXI) system, see Figure 84. The computer communicated with the SCXI with 
an Nl-proprietary parallel communication language. The analog signals were 
sampled at 20 kHz during 100 mS (2000 samples) and from these samples, the 
average was determined. Displacements read by the digital gages were differ
ently processed. In each gage, the measured displacement was directly dig i
tized and transmitted by a Mitutoyo-proprietary communication language to a 
multiplexing unit (MUX) that scanned eight channels. The MUX then transmitted 
the values to the computer by standard serial communication , see Figure 84. 

In all tests, an analogue x-y recorder was used as visual check for the test in 
progress. On this recorder, the lateral displacement at the crown (x-ord inate) 
was plotted against the applied load (y-ordinate). This was also a back up if the 
data acquisition was unsuccessful. 
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Each test took about one hour and measurements were taken with intervals of 6 
to 12 seconds in Tests 1 A-2A, and with intervals of 2.5 to 5 seconds in the 
remain ing tests. These intervals were so short compared to the duration of the 
test, that all data points formed a continuous graph. Therefore, no markers were 
plotted in the load-deformation graphs, presented at the end of this chapter. 
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Figure 84. Measurement system. 

3.6. 3 Controlling the actuator 

Nl-com. 

ADC 

computer r--. 

output 
(aSCII file) 

Figu re 85 shows the control loop of the actuator. The displacement of the ac
tuator was steered with a digital controlling unit, which had as input the position 
of the ram, the load that the actuator produced, and a displacement-rate signal. 
The position of the ram was read by an LVDT inside the actuator housing and 
the load was read by a load cell mounted on the ram. 

± 10 v 
load cell 

actuator lvdt 

input signal 

Figure 85. Actuator control system. 
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The displacement-rate signal was produced by an external generator that pro
duced a signal with constant slope. The controlling unit then used a proportional 
integrating and differentiating (PID) control loop to steer the movement of the 
ram. In this loop, the position of the ram was compared with the desired posi
tion given by the external signal generator. If these two were not the equal, the 
control unit sent a current to the servo valve to correct the flow of oil to one of 
the two the chambers, which moved the ram. This control loop was performed 
at 5 kHz. Because the external signal had a constant slope, the movement of the 
ram was uniform in time (Fig. 83). 

3.6.4 Measuring frame 

The deformations of the arch-rib were measured from a frame that was inde
pendent from the test setup. This was done to avoid that any deformation, 
which might occur in the setup, would influence the displacement measure
ments. In Figure 86, it is shown how the independent measuring frame was built 
over the test setup. The deformations of the arch-ribs were measured at three 
points along the span: two points were at M2nd and the third point was close to 
the crown. Measuring exactly at the crown was prevented by the hydrostatic 
bearing and load-introduction frame. In the results (Section 3.7), the angle <!>crown 

is given with which the measurements were removed from the crown. 

(a) plan 

(b) section A-A (c) elevation 

Figure 86. Independent measuring frame (in gray). 

cement r 

A 
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At each of these three points, the deformations were measured in-plane in the 
global co-ordinate system. See also Section 3.5.4 for the choice of co-ordinate 
systems. Out-of-plane, the deformations were measured perpendicular to the 
arch-rib. The out-of-plane deformations were measured at both the top and 
bottom flange . The average of these two measurements gave the out-of-plane 
deformation and the difference between the two displacements, divided by the 
distance between them, gave the twist of the arch-rib. The twist of the arch-rib 
was determined in the local co-ordinate system. 

3.6.5 Correcting nonlinear effects 

All LVDTs and potentiometers, shown in Figure 86, were connected to the arch
rib with wires. The measuring frame was designed such to maximize the length 
of the wires to avoid nonlinear effects in measuring the deformations. For each 
different subtended angle of the arch, the length of the wires changed. There
fo re , the length of each wire in each test was measured to be able to correct the 
measurements for nonlinear effects, if necessary. If the wires were short in rela
tion to the deformations that were measured, they would become substantially 
incl ined to their original direction, see Figure 87b. If they were long in relation to 
the deformations, the inclination would be negligible. The cosine rule was used 
to assess whether the measurements needed to be corrected. Equation 21 gives 
the relation between the measured displacement (Lla and Llb) and the displace
ment in orthogonal directions (Lly and Llx). 

~ = cos(~a)· (b + ~b )- b 1\ M = cos(~l3 )·(a+ ~a) - a (21) 

As an example, the crown deflections of Test 1 C are considered in Figure 88. 
The lengths of the wires were a = 750 and b = 670 mm and the distance c = 

1020 mm. At ultimate load the deflections were Lla = -35 and Llb = -87 mm. 
Correcting these deflection to orthogonal directions with Equation 21 gives 
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l'ly = -40.7 and l'lx = 88.1, a difference of 16% and 1.8% respectively. From 
Figure 88 it becomes clear that the in-plane vertical crown deflection needed to 
be corrected from the point that lateral deflections occurred, at about 60 kN. 
With the increase of lateral deflections, the amount of correction needed for the 
in-plane deflection increased to 16% at ultimate load. In Section 3.7, all cor
rected load-deflection and load-twist diagrams are given. 

100 

F 
[kN] 

i 
--measured 
-corrected 

0~-.....--J..-[__~-~ 

Test 1 C 

0 - t:,y ----. [mm] 60 -130 t:,x ----. [mm] 0 0 ----. [%] 16 24 
(a) vertical crown deflection (b) lateral crown deflection (c) corr. of vert. crown defl. 

Figure 88. Correction crown deflection. 

3.6.6 Rigid body displacement of test setup 

Per support, three rigid body displacements and two rigid body rotations cou ld 
occur. The measurements were set-up such, that each of those rigid body dis
placements and rotations could be determined, see Figure 89. Also, the out-of
plane deflection of the hinge-block was measured. All measurements were 
made from the independent measuring frame. 
• Rotation on plan: The horizontal in-plane deformations of each support 

were measured at both axles , mounted onto the notched support platen, 
see Figure 89a. From any differences between these two measurements, 
rotations on plan of the supports could be determined. A review of the re
sults showed that rotations generally did not exceed 0.005°, which was 
sufficiently small to ignore. 

• Out-of-plane rotation: The vertical rigid body displacement of the test setup 
were measured at both supports, see Figure 89b-c. From the difference in 
measurements on the left and right axle of each support, the rotation of the 
support was determined. The rotation multiplied by the rise of the arch 
gives an out-of-plane deflection at the crown. These crown deflections 
were generally no more than 0.3 mm for the full-scale arches and much 
less for the model arches. In relation to the crown deflections, which 
amounted to 30-150 mm, these were negligible and were ignored. 

• Out-of-plane displacements: The out-of-plane rigid body displacements of 
the supports (Fig. 89a) were measured and were so small (0.2 mm) in re
lation to the lateral deflections that no corrections were made. 
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• Vertical in-plane displacement: Some vertical displacements were meas
ured at the supports, because the test setup bent upwards under the reac
tion load of the actuator. In the full-scale arches, these displacements were 
about 0.5 mm. Compared with the approximately 50 mm vertical deflection 
of the crown of the arch, the rigid-body displacement amounted up to 1% 
and the vertical crown deflection was corrected for the uplift of the sup
ports. 

• Horizontal in-plane displacement: The horizontal displacement of the sup
ports was of particular importance, because it allows the arch to spread, 
wh ich reduces the stiffness of the arch. This is treated more elaborately 
next. 

(a) plan 

difference gives out-of-plane rigid 
rotation on plan body displacement 

~+-----'1 1--' ------\J :--~--+--~ ® digital gage 

orLVDT 

I. 

X 
y~ 

difference gives out- z'Y 
of-plane rotation 

(b) elevation (c) side elevation 

Figure 89. Measu ring of rigid body displacement of supports and hinge-block. 

The measurements of the horizontal displacements of the supports show an 
approximately linear relation between the displacement and the applied load, 
Figure 90a. Unloading follows nearly the same path, which indicates that the 
deformations were elastic and no slip occurred at the supports. The arch could 
be considered as being supported on two rollers with horizontal springs at
tached to them. These springs possess the stiffness ksupp of the test-setup, see 
Figure 90b. The stiffness ksupp was determined by dividing the horizontal reac
tion fo rce Fh by the deflection u. The experimentally determined values of the 
stiffness are given in Table 12. 
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F 
[kN] 

t 
-0.6 
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(a) displacements of support (b) model for test setup stiffness 
Figure 90. Measuring stiffness of test-setup . 

Table 12. Experimentally determined horizontal support sti ffness. 

Test ksupp Test ksupp Test ksupp 
[kN/mm] [kN/mm] [kN/mm] 

1A 92 3A 75 5B 76 
1B 81 3B 76 5C 78 
1C 87 4A 75 6M 118 
2A 65 4B 73 7M 124 
2B 79 5A 77 8M 152 

3.6. 7 Lateral stiffness hinge-block 

In Section 3.4.5, the design of the actuator guidance system was described and 
it was stated that the initial design lacked enough lateral stiffness. After Test 2A, 
it was decided to modify the actuator guidance system. From Test 2B onwards, 
the actuator guidance system was improved and was so stiff that the hinge
block deflected no more than 0.6 mm out-of-plane. In the FEA, the hinge block 
will be considered rigidly supported in those tests. This section deals with de
termining the out-of-plane stiffness of the initial design of the hinge-block. The 
hinge-block was mounted on the ram of the actuator and out-of-plane deflec
tions were measured from the independent measuring frame . Figure 91 a shows 
the lateral deformations measured and Figure 91 b shows how the stiffness of 
the actuator guidance system was analyzed. With Equation 22, the stiffness 
was determined for Tests 1 A through 2A. 

F · sin[arctan( v crown - v h- b JJ 
kh- b = Fout- ot- plane = F ·sin(~)= Hn 

vh- b vh- b vh- b 
(22) 

With: Vcrown = out of plane deflection of crown 
vh-b = out-of-plane displacement of hinge block 

120 

F 
[kN] 

t 
I 
\ 

h-b = hinge block 

0~~--~--~~~~--~-, 
starting deflected 

-10 0 7.5 
____. vh-b [mm] position position 
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(a) out-of-plane deformations (b) determining out-of-plane stiffness 

Figure 91. Out-of-plane stiffness of initial design of actuator guidance system. 

In Figure 92 the results of the calculation of the out-of-plane stiffness of the 
hinge-block for Tests 1 A though 2A are given. In these graphs, the out-of-plane 
load on the hinge block (Fout-ot-prane) and the out-of-plane stiffness of the hinge 
block (kh-b) are plotted on the left vertical axis against the successive measure
ments on the horizontal axis. The applied load is plotted on the right vertical 
axis, which makes it possible to identify where ultimate load was reached . 
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Figure 92. Experimentally determined lateral stiffness of hinge block. 
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The stiffness kh-b at ultimate load is considered normative and will be used in 
the FEA (Chapter 5). The values for the tests are as follows: Test 1 A kh-b = 0.9, 
Test 1B kh-b = 1.4, Test 1C kh-b = 1.8 and Test 2A kh-b = 1.5 [kN/mm]. In the 
graphs of Tests 1 B-2A, kh-b decreases from infinite to a constant value around 
failure. In these tests, the displacement of the hinge block reversed in direction 
and passed through zero, which made the denominator of Equation 22 zero , 
making the fraction infinite. 

3.6.8 Load 

The applied load was recorded with a load cell . In the design of the test setup, a 
tension rod was selected to carry the load from the actuator to the arch. A cable 
would have simplified the actuator guidance system: the cable could simply run 
over a reel at the chord between the supports, providing the fixed orientation of 
the load. However, a cable has the disadvantage that it starts to unwind under 
load, placing a torque on the load cell. This is not favorable for the accuracy of 
the measurements. Also, the hydrostatic bearing would not be able to resist the 
torque, because it has no starting friction to overcome, and the load
introduction frame would start to spin. 

The load-introduction frame weighed 78 kg, which corresponds to a load of 
approximately 0.78 kN . The load of this frame was not recorded by the load 
cell, because the frame was initially hung in a crane, and then lowered on the 
arch. After that, the tension rod, with the load cell as part of it, was connected 
to this frame. The load of the frame was one percent, or less, of the ultimate 
load of the arches, and was neglected. Also, the weight of the sphere, wh ich 
was 16.7 kg, was neglected in the load-deflection diagrams. 

3.6.9 Strain 

Strain was measured at the center of the top and bottom flange at four points 
along the arch: at the second largest in-plane bending moments, and near the 
crown. The out-of-plane bending of the arch was recorded by strain gages on 
the tips of the flanges. In one half of the tests (Tests 1 A, 2A, 3A, 4A, SA, 6M-
8M), the strain gages were located 40 mm removed from the base-plates. In the 
other half of the tests (Tests 2B, 3B, 4B, 5B, 6M-8M), the out-of-plane bending 
was measured at M2nd· Figure 93 shows how the strain gages were distributed 
on a semicircular arch. The angle <!>crown was the same for the displacement and 
strain measurements in the full-scale arches. Next, the strain measurements at 
the different locations are discussed and illustrated for a few tests. The load
strain graphs were similar for all other tests and are reproduced in Ia Poutre, 
2004. 

(a) strain gages for in-plane bending moments 

in-plane bending 
_ moment distribution --- ...... , 

" ) '\M2nd 
!, \ 
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I 

/ 40 mm l 
180° 4 
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/<~~~-of-,' 
! / plane 
I! bending 
1'\eflection 

! strain 
/gages 

(b) strain gages for out-of
plane bending moments 

Figure 93. Strain measurements. 

• 

• 

Strain at the crown: In Figure 94a the strain measured near the crown is 
plotted against the applied load. Before failure, the strain reduced, which 
indicates that a plastic zone emerged at the crown. In the plastic zone , de
formati ons concentrate while the elastic regions unload. The strain gages 
were located in the elastic region and strains remain below the elastic limit 
Ey = f/ E = 290/210000 = 0.0014. These measurements show that the 
plastic zone is confined to a length Lcrown = <l>crown Rn between the strain 
gages. 
Strain at M2nd~ It can be clearly seen that at the second largest in-plane 
bending moments plasticity occurs. Post-critically, the yielding concen
trates at one of these two bending moments (strain gages 1 and 2 in Fig
ure 94b). 

reduction in 
bending 

0 

1800 
continued plastic bending 

__ ./ \ 
\ 

\ 

0.0015 -0.006 0 0.006 
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(b) at second largest moment (Test 1 C) (a) near crown (Test 1 C) 

Figure 94. In-plane bending strains. 
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Figure 95. Out-of-plane bending strains. 

• 

• 

Strain at the supports: The strain measurements at the supports showed 
that the arch-rib remained elastic at the supports during testing, Figure 95a. 
At the ultimate load, all strains were well below the elastic limit. After the 
load starts to reduce , the elastic limit is exceeded in a few tests only. The 
in-plane bending moment is zero, because of the ~inge at the suppo~s. 
However, out-of-plane the arch-rib is fixed and bend1ng moments can anse 
in the flanges. The arch-rib is also fixed against warping at the suppo~s. 
Figure 95a indicates that the bending moment in the flanges have oppos1te 
signs, i.e. warping is restrained . . . 
Out-of-plane bending strain at M2nct~ At the angle of M2nct• a c~mb1nat1on of 
in-plane and out-of-plane bending occurred. These two bendmg moments 
enhanced (strain gages 0 and 3) and reduced (strain gages 1 and 2) the 
strains at opposite flange tips, Figure 95b. Plasticity occ~rred a~ t~e flange 
tips, where the two bending moments enhanced the strams while m oppo
site flange tips, the strains remained elastic. 

3.6.1 0 Monitoring the hydrostatic bearing 

The hydrostatic bearing did not immediately function correctly. In a preliminary 
test, not reported in this thesis (Ia Poutre, et al., 2003), the pump could not 
supply enough flow and pressure for the bearing to work properly. In a seco ~d 
preliminary test, not reported in this thesis either, a pum~ w1th a larger capac1ty 
was used which improved the functioning of the beanng. However, close to 
failure, the temperature of the oil had increased such that the viscosity of the 011 
was probably too low to sustain a film between both parts of the _beanng. There
fore, it was decided to start fully monitoring the hydrostatic beanng. The follow
ing changes were made: 
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• pressure transmitters were placed in the three recesses of the socket, 
to monitor if neither one of the restrictions was clogged up; 

• a flow meter was installed in the supply line; 
• an agitator was installed on the load-introduction frame; 
• a heat exchanger was built in the return line to cool the oil , and 
• the temperature of the oil was measured in the tank of the pump, at the 

bearing, and at the exits of the heat exchanger. 
The monitoring consisted of three parts : firstly measuring electrical contact 
between the socket and sphere, secondly measuring flow and pressure in the 
supply line and pressures in the recesses, and thirdly measuring the tempera
tu re of the oil at three different locations. These three parts are discussed next. 

In the ideal situation, a film of oil separates the socket from the sphere. An elec
trical potential applied to one part of the bearing would be insulated by the film 
of oil, because oil is a non-conductor. If, for any reason, the two parts of the 
bearing make physical contact, the applied potential could be measured on the 
other part. In that sense, the bearing works as an electrical switch: if the two 
parts are insulated, no potential is measured, if the two parts make contact, the 
applied potential of approximately 5.5 V would be measured. The measuring 
scheme is explained next. Figure 96a shows the electrical scheme of measuring 
the potential. Two equal light bulbs were placed in the circuit, one to make con
tact easily visible while carrying out the test, and the other one to be able to 
measure the potential over the bulb. A capacitor was placed parallel to the sec
ond light bulb to make the measurement of contact less sensitive for contact of 
very short duration (anything less than 10 )..lS). If contact was made during 10 
).IS or more, the capacitor would be fully loaded and the full potential of -5.5 V 
wou ld be measured. Figure 96b shows that in Test 5A, most of the time no con
tact was measured (the concentration of markers at zero potential level). 

+------. light bulb (6 V 
10V 120mA50Q) 
power supply 

switch 
(hydrostatic bearing) 

J.IF = micro Farad 
mA = milliampere 
o =Ohm 

potential 
[V] 

t 
F 

[kN] 

t 

+ electrical contact - applied load 
(a) electrical measuring scheme (b) electrical contact and applied load (Test 5A) 

Figure 96. Monitoring electrical contact in the hydrostatic bearing. 
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Full contact was measured only once. Prior to and after ultimate load, a cloud of 
markers appears. In these areas, a number of very short electrical contacts 
(less than 10 J.!S) were measured. At ultimate load, no contact was measured. 

Measuring no contact was proof for the hydrostatic bearing to work fric
tionless. Measuring full contact was no proof of friction being built up in the 
bearing. When full contact persisted, evidence was found, after testing, that the 
insulation between the sphere and arch-rib (Fig . 60b-c) had ruptured. The other 
means of monitoring (pressure, flow, and temperatures) needed to be incorpo
rated in judging whether or not the bearing functioned properly. Short contact 
indicated that the two parts of the bearing touched. Generally, the agitator, in
stalled on the load introduction frame, produced enough vibrating force to 
quickly overcome the contact. It was assumed that short contact did not impair 
the frictionless working of the bearing. 

From Test 1 B onwards, an agitator was installed on the load-introduction 
frame, to produce a small vibrating force, which helped sustain a perfect oil 
film, Figure 97. The agitator consisted of an electromotor, turning at 2300 rpm, 
with a weight mounted eccentrically on the axle. The weight was 66 gr and the 
eccentricity 4.7 mm. The arm from the weight to the center of the bearing was 
350 mm, so the agitator produced a fluctuating moment on the bearing of 
0.16 Nm at 38 Hz. Measurements of the electrical contact revealed that if elec
trical contact was made, the vibrating force of the agitator was able to break it. 

weight eccentrically mounted on axle 

Figure 97. Agitator installed on load introduction frame. 

The second part of monitoring the bearing was to record the flow and pressure 
in the supply line and the pressures in the recesses. Figure 98a shows the 
measuring scheme in the oil circuit of the bearing. A pressure drop over the 
restrictions of 0.5 was aimed at in the design of the bearing (Section 3.4.3). 
The pressure transmitters made it possible to measure the drop and Figure 98b 
gives the results. On the left vertical axis the ratio of recess pressure to supply 
pressure (P/Ps) is given. All three recesses had approximately the same drop, 
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which was stable between 0.5 and 0. 7 during testing. These measurements 
proved that none of the restrictions was clogged during testing and that the 
pressures were approximately equal to each other. On the right vertical axis, the 
flow is plotted. It shows that a flow between 3.5 and 4 1/min was sustained dur
ing testing. This corresponded to the demanded flow of 3.37 1/min from to the 
design calculations (Appendix A.1 ). 

flow ) ( restrictions 4 

P,/P, 
supply P, recess [-] flow 

pressure \ i (I/ min] 

filter i heat-exchanger 

water 

oiltank U 
(a) oil circuit 

0 
____. time [sec] 3000 

(b) pressure and flow measurements 
Figu re 98. Monitoring pressure drop over restrictions. 

The third part of monitoring was to measure the temperatures of the oil to verify 
the effectiveness of the heat exchanger. Temperatures were monitored at four 
places: in the oil tank, at the bearing, at the oil exit, and at the water exit of the 
heat exchanger. Figure 99a shows the oil circuit and the points where tempera
tures were measured. Figure 99b shows what happened to the temperatures of 
the oil before and during Test 58. A typical test started two hours in advance of 
loading (at 13:30 h in this example) by preheating the oil in the tank of the pump 
to 40°C. Operation conditions of the pump demanded a viscosity that could only 
be met at approximately this temperature. 

heating up oil tank heating up 

451
_---)'!+--...::.:be'""ar:.::.in"'-g ____,~ __ te_st __ 

1 

4 

oil tank - 1. bearing 
- 2.oiltank 20~-~--~~~~~~~~ 

---- 3. oil exit h-e 
- ·- 4. water exit h-e 

(a) temperature measuring scheme 

Figure 99. Monitoring temperatures of oil. 
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After one and a half hour (14:50 h), oil was circulated through the system, to 
heat up the bearing and to replace the cool oil in the heat exchanger. The re
placed cool oil flowed into that tank and caused the temperature to drop to 
about 32°C. After about 45 minutes of preheating the bearing, the actual test 
was started. The temperature of the oil at the exit of the heat-exchanger in
creased until it hit about 40-45°C and the cooling jumped in automatically. This 
rapidly reduced the temperature and the cooling shut off at about 38°C. 

The temperature measurements proved that the temperature of the oil in the 
bearing fluctuated around 40° C, which meant that the viscosity fluctuated 
about the design value of 68 eSt. With this viscosity, the design value of 
0.03 mm for the oil film (see Appendix A.1) could be sustained . 

The conclusions of the monitoring was that the bearing worked properly and 
that no starting torque needed to be overcome as the arch-rib started to twist. 
Monitoring graphs of all tests are reproduced in Ia Poutre, 2004. 
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3. 7 EXPERIMENTAL RESULTS 

The results are shown in load-deformatioo graphs and in tables with ultimate 
loads and stiffnesses of the tests. The crown deflections were the largest de
flections measured while deflections measured at M2nd were substantially 
smaller. Therefore, the crown deflections were selected to represent the test 
results and they are shown in this section. The load-deformation graphs meas
ured at M2nd are reproduced in Ia Poutre, 2004. 

3. 7. 1 Load-deformation graphs 

For all tests, four graphs are given: the first with the vertical in-plane crown de
flection, the second with the horizontal in-plane crown deflection, the third with 
the out-of-plane crown deflection and the fourth with the axial twist of the arch
rib. The deflections were measured just next to the crown and a pictogram indi
cates with which angle the measurements were removed from the crown. 

Semicircular arches 

The load-deformation graphs of Tests 1A-C are depicted in Figure 100 and 
show that Tests 1 A-C have a comparatively equal deformation behavior. Only 
the sway deflection is not consistent for all tests. In Test 1 A, the arch initially 
sways in one direction and post ultimately reverses directions, whereas the 
other tests fail in the direction they started to sway. Swaying started at about 70 
(Test 1 B) and 80 kN (Tests 1A and 1 C), which is after the onset of out-of-plane 
deflection of all tests that started at about 60 kN. This indicated that the out-of
plane swaying initiated the failure of the arches, rather than the in-plane sway
ing. Out-of-plane, all three arches failed against the direction of initial imperfec
tion. 
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In Test 1 A the actuator guidance system slipped, causing the lateral deflections 
to suddenly increase. Because the twist of the arch-rib was determined from the 
lateral deflections, some irregularities appear in the twist diagram of Test 1A. 

In Test 1 B, loading had to be aborted, due to technical difficulties, just before 
the ultimate load was reached . After resuming the test, the original load
deformation path was picked up (Ia Poutre, 2004, p. 92). However, in Fig
ure 100, the unloading-loading cycle was removed from the graphs of Test 1 B. 

o~----~L---~--~ 

F 
[kN1 

i 

0 60 
bending deflection w [ mm 1 

110 /--, 
/ I 

I 
I I 

I I 
I I 
I I 
I I 
f I 
f I 
f I 

l 
I 
I 
I 

-150 0 150 
out-of-plane deflection v [mm1 

Figure 100. Load-deformation graphs of Tests 1 A-C. 
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160° arches 

Tests 2A and 2B show a nearly equal in-plane and out-of-plane deflection be
havior. However, the twist of Test 2B exceeds that of Test 2A somewhat. The 
in-plane sway behavior is equal in shape, but opposite in direction. Test 2A 
failed against, and Test 2B in the direction of the lateral imperfections. In-plane 
swaying started in both tests at about 70 kN , while major out-of-plane deflec
tions started to take place at about 60 kN . This indicated that the out-of-plane 
swaying initiated the failure of the arches, rather than the in-plane swaying. 
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Figure 101 . Load-deformation graphs of Tests 2A and 28. 
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135° arches 

The in-plane bending deflection was, up to the ultimate load, equal for both 
tests, while the out-of-plane deflection and twist was a little more pronounced 
for Test 3A. Both tests had an S-shaped lateral imperfection pattern and failed in 
the direction of the largest lateral imperfection. In-plane swaying started in both 
tests at about 70 kN , while major out-of-plane deflections started at about 
60 kN . This indicated that again the out-of-plane swaying initiated the failure of 
the arches, rather than the in-plane swaying. 
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Figure 102. Load-deformation graphs of Tests 3A and 38. 
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110° arches 

Up to the ultimate load of Test 4B, the bending deflection was equal for both 
tests. However, Test 4B failed at a slightly lower load. The lateral deflections 
beca~e earlier visible in Test 4B than in Test 4A. In these two tests , no in-plane 
sw~ymg occurred before the ultimate load was reached. Thus failure was solely 
attnbuted to out-of-plane swaying. 
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90° arches 

Tests 5A-C showed good agreement in in-plane bending deflections. Test 5A 
failed against the direction of the lateral imperfection and exhibited the highest 
ultimate load, while Tests 58 and 5C failed in the direction of lateral imperfec
tion and had slightly lower ultimate loads. Test 5A and 58 showed in-plane 
sway deformations prior to ultimate load, while Test 5C showed sway deflection 
only after failure . Generally, out-of-plane swaying started before in-plane sway
ing, thus failure was attributed to the out-of-plane swaying again. 
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Model arches 

These th:ee tests were performed on arches with different subtended angles. 
The sem1c1rcular arch, Test 6M, shows clearly the highest ultimate load, while 
Tests 7M and 8M show about the same ultimate loads. In all tests very little in
plane swaying occurred. 

Due to a malfunctioning displacement recorder, a complete graph of the in
plane bending deflection was available for Test 8M only. 

F 
[kN1 

t 

or-~-L~----~----~ 
0 

bending deflection w [mm1 
12 

(--- ... , 70 

\ ', \ \ 

\ '\ F ' \ 

[kN1 \ ' \ \ \ t \ \ 

I 
\ I 
\ 
\ 
\ 
\ 
\ 

-60 0 40 
out-of-plane deflection v [mm1 

Figure 105. Load-deformation graphs of tests 6M-8M. 
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3.7.2 Ultimate loads 

The ultimate loads of all full-scale arches are plotted in Figure 106. For eac~ 
pair of tests, the mean value and percentage ?ifference between the largest :~d 
smallest ultimate load are given . For each tnplet of tests, the mean value. 
standard deviation are given . For the triplets, also the largest percentage differ-
ence is given with the highest ultimate load taken as norm. . 

In comparing arches with the same subtended angle to each other, .the ulti
mate loads are all rather close to each other. The largest dif~erence IS found 
b tween Tests 4A and 4B and amounts to 3.1 %. In companng all full-scale 
a~ches to each other, it was observed that the semicircular and 160o arche.s 
gave the highest ultimate loads, while for the smaller subtended angles the ulti
mate loads reduced somewhat. 
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Figure 106. Ultimate loads full-scale arches. 

Table 13. Ultimate loads of full-scale arches. 

subt. angle 180o 160o 135° 11 0° goo 

Test: 1 8 1 c 2A 28 3A 38 4A 48 5A 58 5C 
~~4 . 7 103.2 104.8 104.9 104.3 100.0 gg,2 99.4 g6.3 97.3 g5 .2 g5.0 Fu11 [kN] 

crown imp. 4.g 
(mm] 
hinge-block 1.3 
imp. (mm] 
assembly str. 0 
(N/mm2] 

lat. imperf 2a 
category 
perm. lat. del. 1 b 
cat. 
perm. radial 
def. cat. 

-3.5 12 9.3 -1.1 16.2 7.1 -1 6 

-1 .6 0.5 1.2 1.5 -0.1 1.5 -0.6 

-1.1 -11 .4 -3.4 0 -8.9 1 -4.8 

1b 1b 1b 1b 2b 2a 1a 

1b 1b 1a 1b 1a 1a 2a 

2 2 2 3 3 3 

-12 .6 -4.6 0.3 -2.2 

-1.0 -0.1 -0.8 -1.6 

-0.7 12.9 -1.1 -10.9 

1a 1b 2a 2a 

2a 2b 2a 2a 

3 3 3 3 
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In Table 13, the ultimate loads are compared with the magnitude of the lateral 
crown imperfection, the imperfection of the hinge-block, the assembly stresses, 
and with the different categories for the shape of the imperfections and perma
nent deformations. Per set of tests with equal subtended angles, the largest 
ultimate load, the largest initial imperfection, the lowest hinge-block imperfec
tion, and the largest assembly stress were printed in bold. By comparing the 
ultimate loads in Table 13 with the size and shape of imperfections the following 
observations were made: 

• Per set of tests with equal subtended angles, the largest ultimate loads 
always occurred in arches with the largest lateral imperfection at the 
crown, the smallest initial imperfection of the hinge-block, and the 
largest prestress stresses caused by assembly. 

• There seems to be no relation between the shape of the initial imper
fection and the ultimate loads. 

• There seems to be no relation between the shape of the initial imper
fection and the permanent lateral deformations. 

• The shape of the permanent radial deformation does not seem to be 
related to the magnitude of the ultimate loads. 

Table 14 gives the ultimate loads of all model arches. The ultimate loads of the 
prototypes were calculated, with Equation 9 from Section 3.3, and are given in 
Table 14 as well . The HEB 600* arches failed through lateral and torsional de
formations, but showed virtually no permanent radial deformations (Appen
dix A.3.2). 

Table 14. Ultimate loads of prototypes and model arches. 

Test: 6M 7M 8M 
subt. angle 

model 
prototype 

Futt [kN] 
Fult,prot [kNJ 

180° 
66.8 
2608 

59.8 
2336 

goo 

58.9 
2302 
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3. 7. 3 Stiffness 

All tests showed a similar behavior of the in-plane load-de~lect!on~ of the 
crown. This behavior was captured in three straight lines .. Th~ ftrst lmee~~ ~o t~~~ 
gent to the start of the experimental curve. The second lin~ IS a tang d d 
near! straight part of the experimental curve where th~ stiffness had re uce . 
The {hird line is a secant through the origin and the ~Oint of ultimate load. Th~ 
I e of these lines is the stiffness and is indicated with k;nit• kred and ku~t respec 

~ o~Y Figure 1 07. The point where the initial and reduced tangent stlffne~ses 
C
lvross' ·Is called F These lines were fitted by hand and based on the Visual 

, red· . h r and the corre-
best fit All experiments were approximated With t ese mes, . 

. . . l'sted ·In Table 15 Per subtended angle , the stlffnesses 
spondmg st1tnesses are 1 · d 1 
are re resentative tor all arches with that subtended angle. For . the mo e 
arche:. only the stiffness of Test 8M could be d~te~mined , because tn the other 
tests, parts of the load-deflection curves were mlssmg. 

load I experiment 
[kN] I 

I 

1 Fred / kult 
I 

I 
I 

I 

____. deflection [mm] 

Figure 1 07. Determining stiffnesses of experiments. 

Table 15. Stiffnesses of tests. goo goo 
180° 160° 135° 110° 

2A,B 3A,B 4A.B 5A-C 8M 
Test: 1A-C 18.g 

5.24 5.58 5.52 5.13 
k;n;t [kN/mm] 4.78 

1.g1 1.g3 2.07 1.71 7.76 
kred 1.81 10.7 

2.g3 2.g4 2.g8 2.7 
kult 2.62 65.5 43 

71 67 65 .5 
Fred [kN] 71.4 g5.8 58.g 

104.2 104.6 gg ,6 g7,g 
F ult 

0.36 0.35 0.38 0.33 0.41 
k,,Jk;nit [-J 0.38 

0.56 0.53 0.54 0.53 0.57 
kuiJkinit 0.55 0.68 0.73 -

0.6g 0.68 0.67 0.67 
F,,JFult 

From Table 15 the following observations were made tor the full-sea~ ~~~~:~~ 
the initial stiffness is highest tor the 135o arches and the reduced an u 
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stiffness tor the 110° arches. The load at which the in-plane stiffness reduces 
lies around 70 kN , which is about 68% of ultimate load. By taking the ratios of 
the stiffnesses, it appears that the reduced stiffness is approximately 35% and 
the ultimate stiffness approximately 55% of the initial stiffness. 

3.8 DISCUSSION OF RESULTS 

For column buckling and L TB, the buckling loads are related to the magnitude of 
the out-of-plane imperfections: the larger the imperfection, the lower the ulti
mate load. In these two structures, usually gravity loading, i.e. the line of action 
remains vertical, is assumed. For buckling of columns, the distance between 
the line of action and the deformed column increases, which increases secon
dary bending moments and reduces the buckling load. 

For the arches, it was observed that the highest ultimate loads occur at the 
largest lateral crown deflection, Table 13. This is contrary to column buckling 
and L TB. However, the difference is that the arches were loaded by tilting loads. 
The larger the lateral imperfection , the larger the horizontal load component at 
the crown, pulling the arch back, see Figure 7 4 in Section 3.5.3. So in that re
spect, it seems valid that the higher ultimate loads occur at the largest lateral 
imperfections. It also needs to be mentioned that the differences in ultimate 
loads are small: the largest difference is between Tests 4A and 48 and is 3.1 %, 
but tor most other tests the difference is about 1% (Fig . 1 06). 

The highest ultimate loads also occurred in those arches with the largest as
sembly stresses. The assembly stresses are caused by an external force, and 
are not in equ ilibrium over the cross section. If the two ends of the arch were 
pulled out, compression would occur in the top flange, if they were pulled in 
tens ion would occur. The largest compressive stresses, due to the point load at 
the crown (Fig. 53) , occur at the top flange of the crown. In Table 13, the sign 
of the assembly stresses is given and it appears that all highest ultimate loads 
occurred at negative assembly stresses, except for Test 5A. This goes against 
what one would expect because the negative assembly stresses at the top 
flange take away some capacity from the stresses that occur due to the point 
load. Therefore, the fact that in certain tests higher ultimate loads were encoun
tered than in other tests can not be definitively attributed to either the lateral 
crown imperfections, the hinge-block imperfections, or the assembly stresses. 
The cause mu st be found in the combination of these effects. 
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Effects of bending process 

In this chapter the effect of the bending process on the material properties and 
dimensions of the arch-ribs is investigated. Section 4.1 describes the bending 
process, Section 4.2 a series of tensile tests , Section 4.3 residual stress meas
urements and Section 4.4 measurements of the geometry of the cross section. 
A precise knowledge of the material properties is needed for the FE-simulations 
of the experiments, which is treated in Chapter 5 

4.1 THE BENDING PROCESS 

For all arches used in this project, the pyramid-type three-roll bending, or in 
short 'roller bending' , was used. Of the available types of bending, roller bend
ing is most common for structural shapes, such as wide flange beams. This 
bending process was studied by Hansen & Jannerup, 1979, who investigated 
bending of solid bars , and Kervick & Springborn, 1966, who gave a few rec
ommendations as to minimum bend ratio (Eq . 2) and web thickness. Other than 
that, there seems to be a gap in the knowledge of the effects of the roller bend
ing on wide flange beams. Other bending processes, such as induction bending, 
pinch-type roller bending, stretch bending, and rotary draw bending were inves
tigated more thoroughly. Hua, et al., 1999, investigated bending of plate in four
roll pinch-type roller bending, while Ludowig & Zicke , 1981 , studied the bending 
of plate in three-roll pinch type bending; and Welo, et al. , 1994, investigated 
bending of singly and doubly chambered aluminum RHS in rotary draw bending. 
However, these bending processes are uncommon for wide flange beams and 
these studies could not be used. This chapter is not aimed at studying the roller 
bending process itself, but rather at studying the effects of the bending process 
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on the structural properties of the arch-ribs. This is done by tensile tests, resid
ual stress measurements and dimension measurements of the cross section. 

In the roller bending process, a straight member is passed through three roll
ers in pyramid configuration, see Figure 1 08a. After each pass, the middle roller 
is moved inwards until the desired curvature is obtained. During each pass, the 
middle roller was kept in place, giving a constant radius to the arch and thus 
producing a circular arch. With this process, it is easier to produce circular 
arches than , tor example, parabolic arches and therefore, circular arches were 

selected to be tested . 
At the inside of the top flange , flange support-rollers pull with a force F1

, 

which is a percentage of the applied load F, Figure 1 08b. This puts the web in 
tension and prevents it from crippling . The outer flange is plastically stretched 
and the inner one plastically compressed, leaving such permanent strain in the 
member that it remains curved. The ends of the member cannot pass com
pletely through the machine, leaving them partly curved and partly straight, and 

they were cut off. 

(b) section A-A 
(a) plan 

Figure 108. Three roll pyramid type bending process. 

When a straight member is bent into an arch, permanent strain remains in the 
cross section. This strain can be determined based on geometrical considera
tions only. The maximum permanent strain occurs at the outer surfaces of the 
flanges, and can be determined with Equation 23. The results tor the test pro-

gram are listed in Table 16. 

h 
(23) 

Efl perm = --
, 2·Rn 

Besides using permanent strain , the curvature of arches can be classified by a 
non-dimensional bend ratio, which is defined by Equation 24 and listed tor the 
test program in Table 16. The bend ratio is used in this chapter to indicate the 

curvature of each arch. 
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bend ratio = Rn 

2 · Efi,perm h 
(24) 

Table 16. Permanent strain at the top suriace of the fla 
arch nges. 

Test a Rn bend ratio Etl,perm Ebent Es-b O'"m ax 
[D] [mm] [ -] [%] [%] [%]] (N/mm2

] 

1 180 1910 19.9 2.51 2.66 0.146 299 
2 160 2149 22.4 2.23 2.38 Ey 

full-scale 3 135 2546 26.5 1.89 2.03 Ey 

4 110 3125 32.6 1.54 1.68 Ey 

5 90 3820 39.8 1.26 1.40 E 

6M 180 796 8.3 6.03 6.22 398 
Model 7M 135 1061 11.1 4.52 4.70 356 

8M 90 1592 16.6 3.02 3.17 313 

Figure 1 09a shows the engineering str - . 
pons taken from the flanges of the i~s~l stram curves fro~ four tensile cou-
Section 4.2). Up to engineerin strai~ o~ anges beams (pnor to bending, see 
with a tri-linear graph. Figure~ 09b zoo 0:07, these curve~ were approximated 
is defined by· E==205 000 [N/ ~ls In on the approximated curve, which 

· , mm , f ==290 [N/m 2] 
Eh ==16.6•cy, and E

1
==E/73.3 [N/mm2 _Y_ • m , Ey ==0.00141, 

exemplified by Test 
7
M When th ]. ~h~ ~ngmatlon of the permanent strain is 

passed through the rolle~s it is strea l·nserdalg tt membe~ shown in Figure 1 08 is 

0 
· . · up o a stra1n E with 

unng thiS straining, the direct stress increases t th be.nt• Ebend ~ Efl,perm· 
ment E in Figure 1 09b) to rem . . 

0 
e y1eld stress (I me seg-, a1n constant 1n the yield ( 

pending on the desired final curvature the t zone segment fy)- De-
into the hardening range (segment E) , h. ~ ~esses could even increase further 
bending strain Ebend is reached, the s~c;o IC IS the case_ for Test _?M . When the 
accompanied by a reduction in strain w~ · u~l?ads elastlc~lly. ThiS unloading is 
cated by Es-b in Table 16. In tests whe' IC IS c~lled spnng back and is indi
the spring back is equal to the yield st~:i~o hardening_ occurred ~uring be~ding, 
permanent strain which determines the EytThe stram after spnng back, IS the 
maximum strain (Eb d) reached duringc~rv~~re of the arch. Table 16 gives the 
(crmaxl · en en lng and the corresponding stress 

101 
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1-BM unloading of Tests 1-BM 10 elastic unloading 
E elastic loading 

9 approximated curve 11 spring back 
fy yielding 
E

1 
strain hardening 

450 

300 6M 
E 

I 
I 
I 
I 
I 
I 

ll-~~-~1-J--~~~~--~~ 
1 &h &tl,perm &bent 0.07 

0.4 0 By 
_______. & [-] 

0 
0 

____.. &[-] 
(b) straining due to bending process 

(a) approximating material law . 
Figure 109. Permanent strain in arches due to bendmg. 

d t mbient temperatures thus cold-working 
The bending pr~cess was perfor~~ aff:cts on the material behavior. In the next 
the material which has consldera e e d t rmined by means of tensile tests . 
section, the effec~s of cold wor~ngl ar: es~:s which is treated in Section 4.3. 
The spring back_ mtroduces resl ua d st~e geo~etry of the cross section, which 
Finally , the bending process change 
is treated in Section 4.4. 

4.2 TENSILE TESTING 

s the effects of cold working of the mate
Tensile tests w~re performed to ass~s material of straight members was tested 
rial in the bendmg p~ocess .. Flrst,2t 1 e S ondly tests were performed on cou-
which is discussed In Section 4. . . ec , 
pons taken from the curved ribs , see Section 4.2.2. 

4 2 1 straight members 
. . t all arches were produced from 

To avoid material differences betwee; ~e~ os;dered was steel grade S235JRG2, 
members from the same heat. The m~ 9~~a which is comparable to ASTM A36 
as defined by standard EN 10025, mate;ial certificate showed that the tensi le 
steel (A 36/A 36M-91, 199~): The e ladle analysis14 complied with the de
test1 3 and chemical composition o: th d d EN 10025 gives locations tor test 
mands of EN 100.25. Appendix A o ~~:; :~oved from t'he tips, which was used 
coupons at one s1xth of the flange WI r 

2] d AS - 38% 
13 ReH = 293 [N/mm2], Rm = 433 [Nimm , an - ' 1 = 0 Ol % 

. - 0 67o/. p = 0.019%, S = 0.019%. N = 0.0 10 Vo , A . 
14 C = 0.08%, Sl = 0.24%, Mn - . ' • 
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for four coupons. ASTM standard A 6/A 6M, 1993, assigns the web tor taking 
coupons. The yield strength is known to vary along the extends of the cross 
section of wide flange beams (Petersen, 1982, p. 89) so two additional cou
pons were taken from the web-flange junctions to determine this variation , Fig
ure 110. 

:::'Jt::::·b/

6

1,3,4,6 
7-9 

4 5 6 

EN 10025 
ASTM A6 

Figure 110. Location of test coupons in HEA 100 cross section. 

All coupons had a proportional gage length of L0 = 5.65 v'S0, in which S0 is the 
cross sectional area (GSA) prior to testing. The coupons were tested in a 
250 kN Schenck servo-controlled screw-driven testing machine with hydraulic 
grips . In the elastic range, the stress was applied at 0.6 N/mm2/s, which corre
sponded to the minimum rate provided by standard EN 10 002-1 , 1990. Well 
after the yield point, the strain rate was increased to 0.00025 s·1. In the harden
ing range, the strain rate was further increased within allowable limits. With this 
test, the dynamic yield strength fy,dyn and dynamic ultimate tensile strength 
UTSctyn were determined. For coupons 2 and 4, the static yield strength fy,stat and 
static ultimate tensile strength (UTS5131) were determined experimentally accord
ing to Technical Memorandum B.? and B.8 of the SSRC guide (Galambos, 
1998). For the other coupons, the static yield strength and UTS were not deter
mined experimentally, but instead they were calculated with Equation 46 (see 
Chapter 5) . Table 17 gives the static yield strength and UTS for the straight 
member. From this table, it emerges that the web coupons give the highest yield 
strength, while the coupons at the web-flange junction give the lowest yield 
strength. This agrees with what is expected: the more steel is deformed in the 
hot-rolling process, the higher the yield strength is. The web has been reduced 
most in thickness in the hot-rolling process while the web-flange junction has 
undergone the littlest reduction. 

Table 17. Yield strength and ultimate tensile strength. 

location coupons 1 2.) 3 4 5•) 6 7 8 9 
fy,stat [N/mm2

] 263 262 274 268 250 271 305 274 296 
UTSstat [N/mm2

] 392 407 392 391 384 400 402 397 397 
Note. ·1 static value determined experimentally 
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4 .2.2 Cu rved ribs 

From each arch with a different bend ratio, nine coupons were taken which were 
distributed over the cross section (Fig . 111 a-c) in the same way as the coupons 
of the straight member (Fig. 11 0) . The coupons were taken from the curved 
parts of the cut-off ends. It was verified that this curved part had exactly the 
same curvature as the arch from which it was severed. All coupons taken from 
the flange were curved, while those from the web were straight. The curved 
coupons were straightened by the hydraulic grips of the test bench prior to sub
jecting them to axial load. This straightening introduced a bending stress in the 
coupon and two strain gages on opposite sides were needed to determine the 
average stress-strain characteristic of the curved coupon. 

(a) coupons in 
HEA 100 
cross section 

(b) web coupons in (c) coupons in (d) web coupons in 
elevation of cut-off end HEB 600* elevation of cut-off end 

cross section 

Figure 111 . Test coupons from curved ribs. 

A yield plateau was absent from most of the strain-hardened coupons, there
fore , the static 0.2% offset proof stress (f0 2.stat) was determined. Figure 112 
shows a typical stress-strain relation. At approximately 0.3% offset strain the 
crosshead of the bench was stopped and the stress level reduced to the static 
value. After the load had dropped and stabilized, the test was resumed. This 
procedure was repeated at approximately 0.5% and 0.7% offset strain . Through 
the three static values, a line was fitted . The point where this line intersected the 
0.2% offset strain was considered as the static 0.2% proof stress. At the ulti
mate load, the motion of the crosshead was stopped again to obtain the static 
UTS. 

,, 
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,- , I I 

Jl, - ~ 

420 

enlarged area 
i 
i 
i 
i 0.2% offset 

Or-~--~--~--~~ 
0 350 +----'-----'--r--------r---

---. c [-] 0.25 0 
{a) entire test ---. 10 [-] 

. (b) enlarged area 
Frgure 112 Stress-strain characteristic of {a) entire test, (b) enlarged area 

0.01 

Figure 113 shows the results of several tensile tests, performed on co 
f~o~ ~he top flanges ?f arches with increasing curvatures and one test f~~~n~ 
s rarg t beam .. ~hr~ frgure shows clearly, that with an increased curvature a 
~~e~ bend ratro, grven '.n parentheses in the figure) the ductility decreases t~e 

rncreases and the yreld plateau disappears. · 

500 

t a 
[N/mm2] 

i 
straight 

yield plateau 

0 ~--~~--------------~-
0 0.1 0.2 0.3 0.4 

0 0 0 ------. c [-] 
Frgure 113. Engrneenng stress-strain graphs of several tensile tests from coupons of the top fla 

nge. 

F!g~reh 114a shows the variation in the cross section of yield strength of the 
s rarg t beam. (Ta.ble 17) and 0.2% proof stress of the arches. General! the 
~~oo~ str~ss rs hrgher than the original yield strength of the straight ~earn 
f as ed line) . T~e largest increase was observed at the center of the bottom 
/ange (at b/2). Vrrtually no increase was found at the center of the web (at h/2) 
rgu~e 114b shows the variation of the ultimate tensile strength in the eros~ 

se~tron . ~t the center of the web, hardly any increase in UTS was observed 
whrle the rncrease was largest at the center of the bottom flange. ' 
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430 • -II .... 
fo2 

~ 
[N/mm2] 

t 
230 

0 b/2 

h 

h/2 

0 _j____."--,.----1' 

230 _. fo2 [N/mm2] 430 

430 

top flange 

480 

UTS 
[N/mm2] 

i 
380 

b 

web 

h 

h/2 

...---------.. 
t?!~ 

-------

0 b/2 b 

-e- 8M 
~7M 

- 6M 
-+-SA-C 

_._4A,B 

-+-3A,B 

0 -a-2A,B 
380 __. UTS [N/mm2] 480 ~ 1 A-C 

bottom flange 
480 

UTS 
[N/mm2] 

---straight 

230 L _!_ __ ,-----'-'--
i 
380L---,----~ 

O b/2 b 0 b/2 b 
(a) variation of static yield strength and (b) variation of static ultimate tensile strength 

0.2% offset proof stress . 

Figure 114. Variation of static yie ld strength and static UTS in cross section. 

4.3 RESIDUAL STRESSES 

d to heat treatment to relieve residual 
The straight members were expo~e . the HEA 100 sections to model sec-
stresses. This was necessary for. P anlng planed but to avoid differences in 

tions .(Section 3rt._3 .1 )be~~::~ ~~~~~ocna~e w:~~ model ex~eriments, all mem~ers 
matenal prope 1es h t ture was ra1sed 

;e;~~~~s~~r::~e~~~r!"1~~: ~;~s~;;;i~~~;t:;~~:~~~; ~:~P:~,~~~e for one :our 0 
. d with a maximum cooling rate of 1 ooo C per our. 

Then, It .was slowly redte t ssoo C a phase transition of the steel is avoided 
By keepmg the tempera u~e a t have changed substantially. 
an~ the stru~tural properties ~:~~ ~~:t:x~~~t:~o~ed no appreciable difference 
T~ls was e.vldence(~ bi- th~ t~) However the hot-rolling residual stresses were 
w1th the m111 test ec 10n ·. · .d.enced by the absence of major deforexpected to be reduced , which was evl 
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mations after the planing of the model sections (Section 3.3.1 ).Next, a theoreti
cal analysis is performed to determine what residual stresses could be expected 
(Section 4.3.1 ). Then, the residual stresses are measured to see the actual dis
tribution (Section 4.3.2), and lastly, the differences between theoretical and 
measured residual stresses are discussed. 

4.3.1 Theoretical analysis 

For a rectangular cross section, the residual stresses, as a result of plastic 
bending, were investigated by Timoshenko, 1956. A beam was subjected to a 
plastic moment causing tensile yielding in the top and compressive yielding in 
the bottom part, Figure 115a. The plastic moment is given by Mp==Wp

1

•fv, in 
which Wp1==plastic section modulus. After bending, the applied moment was 
released elastically, Figure 115b. The released moment was equal to the applied 
moment and is given by M,e ==We1 • cre~o in which cre

1
==Wp/We

1
•fy and We

1
==elastic 

section modulus. The stresses that remain are given by Figure 115c. The sign 
of the residual stresses at the extreme fibers is opposite to the sign of the origi
nal bending stresses. This analysis was extended to wide flange beams, where 
it was assumed that the residual stresses did not vary over the width of the 
flanges. The ratio Wp/Wer for the HEA 100 is 1.141 and for the HEB 600* is 
1.1 27. With an assumed yield strength of fv== 290 N/mm2, a residual stress of 
/41 I and /37/ N/mm

2 
remained at the extreme fibers of the HEA 1 00 and 

HEB 600* cross sections respectively. In Figure 116 the residual stress distri
bution of the top half of both sections is drawn to scale. It emerges that the 
stress changes sign within the flange of the HEA 1 00 and just below the flange 
of the HEB 600*. 

(a) plastic bending 

"~\- ~~{:--oa 
cr,r=Wp/W,(fy = G res = G el - fy 

(b) elastic unloading (c) remaining stresses 
Figure 115. Theoretical analysis of residual stresses due to bending process. 

{ I 
- -r----

14 

n.a. 

I 
I 
I 
~------. cr 290 

(a) elevation top (b) residual (c) elevation top 
half HEA 1 00 stress distribution half HEB 600* 

Figure 116. Residual stress distribution in top half of sections. 

-37 

/ 
-4 

--. cr 290 
(d) residual 
stress distribution 
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4.3.2 Measuring residual stresses 

The residual stresses were measured experimentally to verify whether the actual 
residual stresses corresponded to the in Section 4.3.1 theoretically determined 
stresses. There are two practically applicable experimental methods which are 
sectioning and the center hole drilling method (Technical Memorandum B.6, 
Galambos, 1998). The first method is commonly used whereas the second is 
less common. However, the first method is fully destructive and a specimen 
(arch) would be lost if this method were applied. Therefore, the center hole drill
ing method was selected, which is semi destructive. The measurements were 
distributed over the cross section in the same way as the coupons of the tensile 
test, where the hole coincided with midwidth of each tensile coupon, Fig
ure 117a-b. The residual stresses were measured on an arch prior to testing. 
Although the holes drilled were rather small, they were drilled at the location of 
zero bending moment (tl>M =o in Table 7, Section 3.4.1) to minimize stress con
centrations around them. 

(a) HEB 600* (b) HEA 100 (c) center hole strain gage rosette 

Figure 117. Location of residual stress measurements and strain gage rosette . 

The residual stresses were measured with the center hole drilling method, 
which is described by Hoffmann, 1987, and in ASTM standard E 837 - 92, 
1993. In this method, a small hole (0 < 2 mm) was drilled with air abrasive at 
the center (inner circle in Figure 117c) of a strain gage rosette. The rosette con
stitutes three strain gages 'a', 'b', and 'c ' where 'b' is at 45° and 'c' at 90° with 
'a', Figure 117c. By drilling with air abrasive, no heat was introduced that could 
influence the measurements. From the differences in strain before and after 
drilling (~~:: ) , the principal stresses were computed with Equation 25. In th is 
equation, factor A (Eq. 26) and B (Eq. 27) determine the strain relaxation due to 
the hole drilled (Hoffmann, 1987, pp. 232-233). 

(25) 

A= a2 (l + v) 
2 · ra . r; 
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(26) 

(27) 

With: ~Ea, ~£b: and ~Ec is the relaxed strain in strain gages a b and 
a == rad1us of hole drilled ' ' c 

250 

cr 
[N/mm2] 

v == Poisson ratio 
ra ==.outer radius of strain gage rosette 
r; == mner radius of strain gage rosette 

top flange 

t 0~-~~..,.::::::: 

b/2 

web 
h 

h/2 

~3~00~~--~--~0~~~~~-
300 

---.. cr [N/mm2j 

300 bottom flange 

b/2 
Figure 118. Residual stresses measured. 

b 

b 

--&- 8M 
-4- 7M 

---- 6M 
-+-SA-C 

-.-4A,B 

-t-3A,B 

-e-2A,B 

~1A-C 

---theoretical 
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For the structural behavior, the direct stress and not the principal stress was of 
interest. Therefore , the principal stresses of Equation 25 were transformed to 
direct and shear stress and the direct stress component is shown in Figure 118. 
From this figure, it appears that the res idual stress distribution in the bottom 
flange is quite different from the theoretically expected distribution. At the web
flange junction, the stresses measured are much higher than the theoretical 
stresses. At the flange tips , the measured stresses are the same order of mag
nitude as the theoretical stresses, but the sign is not equal for all arches. At the 
top flange , the residual stress pattern is quite different from the bottom flange. 
However, in a few arches, the measured residual stresses were considerably 
higher than theoretically expected. The residual stresses in the web showed the 
double stress reversal that was expected theoretically. However, near the neu
tral axis (at half depth of the section) they were considerably lower than the 
theoretical stresses. 

4.3.3 Discussion of residual stress 

The discrepancies between the measured and calculated residual stresses 
could have been caused by a number of factors . Firstly, in the center hole drill
ing method, it was assumed that the stresses did not vary through the flange 
thickness, while Figure 116 clearly shows that there might be a considerable 
stress gradient through the thickness. Secondly, the theoretical stress distribu
tion might not be correct. In Section 4.3.1 , the Timoshenko analysis was ex
tended from a rectangular bar loaded in bending only, to a wide flange beam 
loaded in shear and bending. It was assumed that the stresses did not vary over 
the width of the flanges, however, this assumption is not correct when shear is 
present in the cross section of a wide flange beam. Thirdly, the Timoshenko 
analysis is based on the assumption of homogeneous material, while in the 
wide flange beams, the yield strength varied through the cross section. Next, 
the plastic bending of wide flange beams in the roller bending process is inves
tigated qualitatively to show that the simple theoretical stress distribution has 
shortcomings. 

bending: 

1 
direct stress 
distribution: 

shear: 

Figure 119. Origination of residual stresses in roller bending. 

1 stress free 
2 elastic 
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4 elastic 
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Figure 119 shows a member passing thro h . 
T~is process could be represented sche~;ti t~~ rollers ~~ the bending process. 
With a point load at mid span and t .ca Y by a Simply supported beam 
enters the rollers (1) the ~0 ~antllevering ends. Before the member 

· cross sect1on 1s stress f ( 
sidual stresses) . Between roller A and B b . ree e~cept for h?t-rolling re-
plastic at mid-span (3) . Between roller B endmg IS elastl.c (2) and Increases to 
(4) and after it passes roller C resid I ~nd C the section unloads elastically 
(5) . However, besides bending' shea~~s s ~esses are l~ft In the cross section 
midspan the combination of shear a a s~ pr~sent In the member, and at 
cross section at midspan is consider;dd be~~~n·g IS largest. In Figure 120, the 
Then, each point in the cross section n , an ' IS .assumed to yi.eld completely. 
ri.on (Eq. 28) . Since the cross section i~e~~~o~~:tlsfy .the Von Mises yield crite
direct ~tress cannot be equal to the yield stren de~ In shear, Figure 120a, the 
flange JUnctions Figure 120b b gth In the web and at the web-
stress. If the dir,ect stress di;tribeu~fou:~s s~:e c.~pacity is taken by the shear 
and the section unloads elastically the residu ~n~ orm across the flange width, 
non-uniform. ' a s resses are also expected to be 

with: a vM = Von Mises stresses 

+ 

(a) shear stress (b) direct stress 
Figure 120. Considering shear and direct stress. 

4.4 CROSS SECTIONAl MEASUREMENTS 

(28) 

[ + J crvM 

"~8 
[ + 

(a) fully plastic cross section 

In th is section, the influence of the bending process on 
~ross section is investigated. In the first part th d' . the geometry of the 
tlOn were measured befor .' e lmenslons of the cross sec-
bending process. In the se~o~~dp:~e~hbenhdmg to ~et~rmine the effect of the 
co , e s ape deviatiOns were measured d 
mpa~ed to tolerances from building standards The 1 t ~n 

properties , which were calculated based on the ~easu~~ ~i~e~:~~st~e section 
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4.4.1 Dimensions and tolerances 

Schulz & Alpsten , 1977, studied the dimensions of a large range of wide flange 
beams. They found that the variation between nominal and actual flange thick
ness was the most important geometrical factor influencing the cross sectional 
properties. However, they also found that the variations of actual to nominal 
yield strength influenced the strength of sections more than the variations in 
cross sectional dimensions. Melcher, et al. , 2004, studied the dimensions of 
IPE-sections with five depths ranging from 160 to 240 mm. They also found 
that variations in the flange thickness influenced the strength of the sections the 
most, and that the influence of the variation in yield strength was more impor
tant. 

All dimensions of the arches were measured, despite the fact that it is ex
pected that the influence on strength of variations in cross sectional dimensions 
is small compared with the influence of variations in yield strength. This is done 
because it is yet unknown in the literature what influence the bending process 
has on the geometry of wide flange beams. The approach was to measure the 
geometry of the straight members (prior to bending) and compare it to the ge
ometry of the arch-ribs (after bending) . From the detected differences, the influ
ence of the bending process was assessed. In this section, the method of 
measuring and processing of the data is discussed. The section is concluded 
with results and a discussion of the results. 

HEA 100 

2, 3, hweb• lwc• and b comply with EN 10034, 1993 
1, 4, twt• tw>• hright• h1ett advised by Galambos, 1998 

top flange 

bottom flange t 
HEB 600* 

Figure 121 . Locations of cross-section measurements. 

Per cross section, 16 measurements were taken which were spaced as shown 
in Figure 121. Standard EN 10034, 1993c, gives locations in the cross section 
where the dimensions need to be measured. The section depth needs to be 
measured at the centerline of the web, which corresponds to hweb in Figure 121. 
The thickness of the web needs to be measured at mid-height, which corre
sponds to twc· The thickness of the flanges needs to be measured at a quarter 
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width. Technical Memorandum No 4 (G I b 
th~ depth of the section at both fla~g~ ti ~a~ as, 1998), advises to measure 
thickness at the tips and the web th ' k P ( reft & h,;ghr). to measure the flange 

' IC ness near the fillets (t & ) 
. The members that were bent into arches wer wt twb : 
mg, but instead, additional straight lengths of h e not measured pnor to bend-
17 equally spaced places along the length C \ e same heat were measured at 
model beams were measured prior to ben.dinon rary to the full-~cale arches, the 
ured at 11 equally spaced locations alan th; ·l The cross sections were meas
these measurements were located on th g h ength. After bendmg, only six of 
cut-off ends, see Figure 122 After bendine arc , ~he ot~ers were located at the 
were measured but now at 25 g, the dimensions of the model arches 
cut-off ends we~e not measured) ei~all~hspaced places along the arch-rib (the 
compared with the measureme~ts te: e ~easurements pnor to bending were 
were measured at 13 equally s ~ e~ a er bending. The full-scale arches 
locations where the lateral radiai~cned t P .a~~s along ~he arch-rib (at the same 
tion 3.5.4) . ' ' Wls ImperfectiOns were measured, Sec-

25 measurements 
-after bending -

base plate 

/ 
11 measurements 
before bending 

\ 

F rgure 122. HEB 600* model arches with cut-off ends. 

T.able 18 gives the nominal dimension th . 
Slons and the average results of all ~·. e t?lerances on the nommal dimen-
arches and Table 19 for the model ar~~ensiOns measured. for t~e full-scale 

~atalog values and the tolerances are by Ee~ . 1 ~~~4n~~~;~ dimensions are the 
tiOns, the tolerances were divided by th I f , . F?r the model sec
tain the model tolerances The result e sea e actor A. (Section 3.3.2) , to ob
ments: for example the th · k s are the averages of several measure-

, IC ness of the top flanges of the 11 oo full-scale 
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h 'dth of the flanges (Fig . 121) arches is based on four measurement~ over:; :'ecimens (Tests 4A and 48) 
times 13 locations along the length, /'m;~e t individual results are given by Ia 
making a total of 1 04 measuremen s. re the averages of several 
Poutre, 2004. The results of the full-scale arch:~e ~~sed on single members or 
arch-ribs, whereas those of the model ar~hes :ated The cell in the table of a 
arch-ribs because model tests were no rep . . 
measurement that fell outside of tolerance limits IS shaded gray. 

Table 18. Dimensions and tolerances of full-scale sections. 

nominal 
tolerance 
straight 
location: 
180° 
160° 
135° 
110° 
goo 

straight 
180° 
straight 
135° 
straight 
goo 

t 
tf 8 

7<tt<10 
7.72 
top bottom 
7.63 7.8g 
7.67 7.81 
7.60 7.85 
7.61 7.87 
7.64 7.87 

t 
tw 5 

4.3 < tw < 5.7 
5.36 
to~ cent. bot. 
5.38 5.40 5.51 
5.40 5.3g 5.46 
5.34 5.36 5.47 
5.35 5.3g 5.47 
5.35 5.37 5.45 

h b 
h g6 b 100 

g4 < h < gg gg < b < 104 
g6,g2 100.76 

to~ bottom 
g6.og 1 oo.og 102.03 
g6.16 1 00.16 101.83 
g6.22 100.20 101 .66 
g6.26 100.40 101 .67 
g6.33 100.50 1 01.44 

. . EA 1 00 straight members and arch-ribs were 
The average dimensions of all H e thickness of all flanges and webs 
within specifications, Table 18 .. T~e ~verag t for the 180o arch, where the 
of the model members were Within ~~~~~~k~~~ Only the section depth of the 
web had been planed to an incorre~ ·t~ rior t.o bending, but all depths were 
goo model members. exceede~ thhe liml ~ithin specifications before bending, 
too small after bending. All Widt s. were 
but after, nearly all of them fell outside. 
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The effect of the bending process on the dimensions of the arches was as
sessed by taking the difference of measurements before and after bending. The 
following observations were made: 

• In the bending process, the thickness and width of all top flanges de
creased, while the thickness and width of the bottom flanges increased. 
The smaller the bend ratio of the arches, the larger either the reduction or 
the increase was for the top or bottom flanges respectively. 

• The web thickness, measured at the center of the web, did not show much 
change before and after bending. However, the thickness of the web near 
the top reduced, while at the bottom it increased. 

• The bending process reduced the depth of all sections. Again, the smaller 
the bend ratio, the more the reduction was. The effects on the model sec
tions were so severe that after bending they no longer complied with the 
tolerances of EN 10034, 1993. 

When comparing the results to the literature it is observed that the thickness of 
the web of all HEA 100 straight members exceeded the nominal value, and in 
96% of the IPE 160-240 sections, studied by Melcher, et al., 2004, the web 
thickness exceeded the nominal value. The flange thickness of all HEA 100 
members was less than the nominal value. Both Melcher et al., 2004, and 
Schulz & Alpsten, 1977, found that in 50% of the cases studied, the flanges 
were thinner than catalog values. So the ordered sections agreed with the ten
dency in hot-rolled sections for the web to be thicker and the flanges to be thin
ner than nominal values. Melcher et al. reported that in 66% of the cases the 
depth exceeded the nominal one. In the present study, all depths of the HEA 100 
members exceeded the nominal depth. It can be concluded that the actual di
mensions of the HEA 1 00 sections agreed with what is expected from literature. 

The model sections were not produced through hot-rolling, so they cannot be 
compared to the deviations found by Melcher, et al., 2004, and Schulz & Alp
sten, 1977. However, in general it can be observed that the flanges and webs 
were thicker than the nominal values. The thickness of the web of the 135° 
HEB 600* arch was an exception. 

The tolerances for the model sections are stricter than those for the full-scale 
members. Nevertheless, nearly all model members complied with the toler
ances. In that respect, planing was a successful method to create model members. 

4.4.2 Shape deviations 

Besides showing deviations from nominal dimensions, the shape of the cross 
section can be distorted as well . Figure 123 shows three different distortions on 
Which tolerances are imposed by EN 10034, 1993a. The trapezoidal distortion 
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. d b taking the difference of the depth at the flange tips (hl~ft and 
was determ~nr~llel~ ram distortion and web eccentricity were me~sured With the 
hnghtl· The p . g (F" 123b-c) The trapezoidal distortion was meas-
aid dofata tchaerps~~e: ~o~~~~~~ a~gthe dime~sions of the cross section. Howdev~r . 
ure k d 1 All these shape ev1aparallelism and web eccentricity were spot chec e on y. d with the 
. measured on the HEA 100 members and compare . . 
~~~s 1 ;Oe~erches. On the model arches, only the trapezoidal shapde dt ertv~oatnlosn :a~~ 

b d' The other two shape IS o 1 
measured prior to a.nd after en lhng. II log ram EN 10034 gives limits for 
measured after bendmg only. Fort e para e . f d and d 
the value 'k' whereas 'd' was determined as the ~ver~g~/bo• 2k 1 in whic~ 

~F~d;p~~b~~;h;!~~~~e~~r~h~d·s:~~~~: ~~~t~a~~o f~~~~:·2~0 !or the HEB 600*. 

a~ 0.96 for the HEA 100 section (based on nominal dimensions) . 

k 

(a) trapezoid (b) parallelogram 
Figure 123. Deviations of cross sectional shape. 

carpenter's 
square 

(c) web eccentricity 

Table 20 Tolerances and measured shape distortion of full-scale arches. t .. t 
. .d parallelogram web eccen ncl Y trapezo1 l e [mm] 

tolerance 
straight 
180° 
160° 
135° 
110° 
goo 

k [mm] d [mm 
1 5 1.44 2.5 
0.42 0.32 0.7g 
0.55 0.48 0.62 
0.15 0.52 0.75 
0.13 1.15 0.84 
0.23 0.48 0.78 
o:21 0.54 o.8g 

d h distortion of model arches. Table 21 Tolerances and measure s ape t .. t 
. .d parallelogram Web eccen ncl Y trapezo1 l e [mm] 

k [mm] d [mm_ -

Note. 'l flange heavily distorted at location of measurement. 
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In Tables 20 and 21 the limits on shape distortions by EN 10034, 1993, are 
given. In all arches, the parallelogram distortion and web eccentricity were spot 
checked only. In Table 20 the results for the HEA 100 straight members and 
full-scale arches are given. The parallelogram distortion and web eccentricity 
were not measured before bending. Therefore, all comparisons were made with 
the measurements of the straight members. All distortions were within the 
specified tolerances. In Table 21 results of the model arches are given. All de
viations were within limits, with the exception of the trapezoidal shape devia
tions of the 135° arch. Part of the top flange was heavily distorted due to bend
ing, which brought the average shape distortion outside the limits. In the 180° 
arch, the parallelogram distortion fell outside the tolerance limits. 

4.4.3 Section properties 

From the dimensions measured, the following section properties were calcu
lated: cross sectional area (GSA), centroid, shear center, and principal mo
ments of inertia. In these calculations, the nominal fillet radius was used since 
the actual radius was not measured. Shape deviations were not used in the cal
culations. For the flange thickness, the section depth, and the web thickness, 
the averages of values in Tables 20 and 21 were used. The results for the full
scale arches are given by Table 22 and for the model arches by Table 23. In 
these tables, Mcent is the distance from half the depth to the centroid, and ~zs.c. 
the distance from half the depth to the shear center (s.c .). 

Table 22. Calculated section properties of full-scale arches. 
section properties ~Zcent ~Zsc GSA ly [mm] [mm] [mm2] [mm4] nominal values 0 0 2124 34g2251 straight members 0.10 -0.05 2115 3522852 difference ' l 0.10 mm -0.05 mm -0.43% 0.87% 180° arches 0.7g 1.g5 2130 347g556 difference +l 0.6g mm 2. 0 mm 0.70% -1.24% 160° arches 0.52 1.46 2124 3476401 difference + l 0.42 mm 1.51 mm 0.42% -1 .34% 135° arches 0.6g 1.62 211g 3473683 dif erence + J 0.60 mm 1.67 mm 0.1g% -1.42 0 11 0° arches 0.72 1.55 2125 34854gg difference +l 0.62 mm 1.60 mm 0.47% - .07% goo arches 0.56 1.21 2125 34g222g difference +l 0.46 mm 1.26 mm 0.47% -0.88% 

Note. 'J difference straight- nominal, +l difference arch-straight member. 

Tab le 22 shows that the calculated section properties of the straight beams 
deviated only little from the nominal catalog values. The area was 0.43% 
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smaller, and the major moment of inertia exceeded the nominal values by 
0.87%, while the minor moment of inertia was 1.28% smaller. The calculated 
average GSA of all arches was slightly higher than that of the straight members 
but never exceeded 1%. The major moments of inertia reduced compared w1th 
the straight members, while the minor moments of inertia increased. Generally, 
the changes become larger with smaller bend ratios . . 

Table 23 gives the results for the model members and arches. By companng 
the arches to the members before bending, it was observed that the area of the 
goo arch exceeded the area prior to bending by 0.62%. The major moments of 
inertia reduced between 1.82% and 0.95%, while the minor moments of inertia 
increased between 0.1% and 3%, with increasing bend ratio. 

Due to the bending process, the centroid shifted from its original location to
wards the bottom flange. Because both full-scale cross sections and model
cross sections were used, the graph for the shift of the centroid was norm?lized 
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by dividing it by the depth of the section. To find the shift in millimeters one has 
to multiply Shiftcent with the depth of the section (.1z == Shift • h, [mm]) 
F ~ ~ . 
1gure 124 shows how the shift relates to the bend ratio. The relation between 

the bend ratio . and the shift of the centroid seemed hyperbolic and a hyperbola 
(Eq. 29) was fitted through the data. A constant was used to raise the hyperbola 
t? cross the markers in Figure 124. Equation 29 represents an empirical rela
tiOn, based on the results of the measurements, between the bend ratio and the 
non-dimensional shift of the centroid. 

Sh.ft a · h 
1 centr = 

Rn 

With : Shiftcent == non-dimensional shift of centroid 
a == 0.145 non-dimensional constant 

(29) 

The shear center shifted down towards the bottom flange even further than the 
centroid, Figure 125. The graph for the shift of the shear center has been nor
malized by dividing the shift by the depth of the section. To find the shift in mil
limeters, one has to multiply it with the depth of the section (.1z == 
Shiftsc •h [mm]) . The relation seems again hyperbolic and Equation 30 r~~re
sents an empmcal relation between the shift of the shear center and the bend 
ratio 

Sh. b ·h 
lftsc = -.. Rn 

With: Shiftsc == non-dimensional shift of shear center 
b == 0.38 non-dimensional constant 

0.06 

Shift,, 

[-] 

i 

180° 
0~EB600 

180° 
HEA 100 

o~----~----~------~----~-
0 

---. bend ratio (R0 /h) [-] 
Figure 125. Relation between shift of shear center and bend ratio . 

40 

(30) 

+ HEA 100 

0 HEB 600 

-hyperbola 
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R 
PC1y = 0.02-f -1 .72 

R 
pc1z = -0.0255 -f + l .8 7 

I, 4 180° 180° goo i <Y'HEB 600/ HEA 100 / HEA 100 

% change ~o,--:t=$'=t':f:-:-+-=i:i=---=£1:... 
of moment 0 -f------'~~-~~~±-~-
of inertia <> r:;: + $ + 

~ <>o + 
~ 0 0 ----. bend ratio [-) 4 

Figure 126. Percentage change of the principal moments of inertia. 

+ %change + + + 
ofCSA + + + + 

i 0 f--__ __!_____: __ 

o<> 

+ 

<> 
-1 l 40 0 ____. bend ratio[-

Figure 127. Relation between bend ratio and change of CSA. 

(31) 

(32) 

+ HEA 100 

o HEB 600* 

linear 
regression 

+ HEA 100 
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Finite Element Analyses 

In this chapter, the finite element simulations of the experiments are described. 
The objective is to establish a suitable FE-madel for the wide flange sections 
used for the arch-ribs. The FE-madel should accurately describe inelastic bi
axial bending, compression, and mixed torsion. The development had a few 
stages: first, an appropriate element was selected and the cross section was 
modeled (Section 5.1 ), then the arch-rib and boundary conditions were mod
eled (Section 5.2). After that, the material modeling and residual stresses are 
treated in Section 5.3 and the calibration of the FE-madel on the experimental 
results is treated in Section 5.4. At the end of the chapter, the results of the 
simulations of the experiments are given. 

5. l MODELING THE CROSS SECTION 

The objective is to establish an FE-madel of the sections used for the arches. 
For the current research, it was decided to use a commercially available FE
program. To verify the applicability of the FE-madel built in the selected pro
gram, two stages of testing were distinguished: testing the cross sectional 
properties , and testing the arches. The cross sectional properties of the FE
madel were compared with analytical solutions, while the structural properties 
of the FE-madel of the arch was compared with the experiments. 

It is necessary that the FE-madel accurately describes the section properties. 
Different ways of modeling the cross sections are explored and special attention 
is paid to modeling the elastic section properties , and more specifically, model
ing the fillets (Fig. 129). 
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5.1 .1 Approach 

Different approaches are feasible to model wide flange beams, and three ap
proaches from the literature are given. First, Pi & Trahair, 1994, 1995, 1996, 
developed an advanced beam-element, as has been discussed in Chapter 2. 
This model was used to investigate inelastic stability of arches. Secondly, Del
rue , et al. , 1998, used a commercially available FE-program and modeled the 
cross section with several shell-elements in the cross section. With this model 
the inelastic stability of arches was studied , as has been discussed in Chap
ter 2. Thirdly, Tryland, et al. , 2001 , used also a commercially available FE
program and modeled wide flange beams with solid elements. Three eight-node 
brick elements were used through web and flange thicknesses. That study was 
not aimed at stability, but investigated the effects of the introduction of concen
trated loads on the strength of aluminum and steel sections. 

In this thesis, a black box approach was used to determine the section prop
erties of the FE-models, see Figure 128. The cross section and member were 
modeled in the FE-program. Then boundary conditions and loads were applied 
such, that the model resembled a mechanical model with a known analytical 
solution. Next, the load case was solved in the FE-program. The output was 
then compared with the analytical solution of the load case. The unknown pa
rameter, the section property, was factored from the analytical expression , into 
which the applied loads and deformation of the FE-madel were substituted. This 
way, the section properties of the FE-models were determined to be compared 
with the relevant nominal cross sectional properties. 

~+(! Mt) input 

~ I· L •I 
cross section mechanical model 

Figure 128. Black box approach. 

shape functions 
stiffness matrix 
solver 

FE-program 

5 .1.2 Analytical section properties 

deformations 

~~ 
section I =~ 
property 2-E · '1 

As long as a material is linear elastic, section properties depend only on ~he 
geometry of the section. However, as soon as plasticity occurs, the properties 
change and they become functions of the amount of plasticity in the secti~n. 
Initially, this analysis is limited to linear elastic material behavior. To determme 
the nominal section properties, the section was divided into separate areas: 
flanges , web, and fillets , see Figure 129a. The contributions of the individual 
areas were determined and added up to find the full section property. 

FINITE ELEMENT ANALYSES 

D=1 4.57mm 0=7.1 

HEA 100 HEB 600* 

(a) composition cross section (b) largest inscribed circle web-flange junction 

Figure 129. Cross section for analyzing the section properties. 

Analy~ic~l expressions for the moments of inertia about the major (ly) and minor 
(lz) ~nnc1pal axes were compiled from contributions of the web, the flanges and 
the fl.llets . Any textbo~k on the matter can be used as reference. Exact analytical 
solut1o~s f~r the tors10n constant were not found for wide flange beams but 
approx1mat1ons were proposed by Terrington, 1968, Wagner, et al. , 1999, and 
Young , 1989, which were all similar in form, but produced slightly different re
s~lts. The approximation by Wagner, et al. , 1999, will be used hereafter and is 
g1ven by Equation 33. 

(33) 

The first term of this equation represents the contribution of the flanges , the 
second of the web, and the third of the fillets. The largest inscribed circle at the 
web-~lange j~n~t~on (Fig. 129b) plays an important role in this equation, since 
t~ e diameter D 1s used to the fourth power. This illustrates that the fillets con
tnbute significantly to the torsion constant: the contribution to 1 of the HEA 1 oo 
secti_on is 32%, and of the HEB 600* is 14%. Disregarding th~ contribution of 
the fillets woul.d underestimate 11. A distinction has been made between analyti
cal and numencal approaches in determining section properties. In the study by 
Wagner: et al., 1999, tables were produced with numerical approximations of 
th_e ~ors10n constant of wide flange beams. The results from Equation 33 were 
Wlthm two percent of the numerically determined values from Wagner, et al. , 
1999 .. Nevertheless, the numerical values were considered to be more accurate 
and Will be used for comparison with the FE-results. 

Exact solutions for the warping constant of wide flange beams were not 
found in the literature. Two types of warping can be distinguished: contour 
warping and thickness warping. Contour warping is associated with thin-walled 
sections and thickness warping is associated with solid sections. The analytical 

123 
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expression for the warping constant was determined with the theory of double 
sectorial areas (VIasov, 1963), which disregards thickness warping. This is an · 
acceptable simplification for design for wide flange beams. The warping con
stant is found by lw=h0

2 •1,/4. 1n Wagner, et al., 1999, the finite element method 
was used to determine the warping constant, in which the thickness warping 
was included. In comparison with the solutions by Wagner, et al. , 1999, the 
analytical expression for lw overestimated the warping constant by one to four 
percent. This means that the stresses due to warping were underestimated by 
the same percentage. Therefore , the numerically determined values from 
Wagner, et al., 1999, were used for comparison with the FE-results, because 
they are assumed to be more accurate. 

5.1.3 Selection of element type 

The finite element program used was the commercially available, general
purpose, implicit FE-program Ansys, release 7.1 . The model was built paramet
rically with the built in Ansys parametric design language (APDL) . This had the 
benefit that changes in geometry, mesh, and imperfections could be quickly 
incorporated by changing the relevant parameters in the APDL input. 

There is a variety of elements to choose from to model standard steel mem
bers. With solid-elements, the geometry of the cross section can be modeled 
very accurately, see Figure 130a. However, this results in a model with many 
elements and many degrees of freedom (DOFs), which will cause quite a heavy 
computational load for contemporary computers. Another element type is the 
shell-element (Fig. 130b), requiring less input, thus reducing the computer load. 
However, by choosing these elements, the exact geometry cannot be modeled: 
the fillets are ignored and the web and flange overlap slightly. Consequently, 
there is a discrepancy between the section properties of the FE-model and 
those of the actual section. Finally, a beam-element can be selected to repre
sent the actual section (Fig. 130c). This element again has fewer DOFs, thus 
further lowering the computer load. However, this element has the same draw
backs as the shell-element has, regarding modeling the geometry. The fillets are 
also ignored but there is no overlap between web and flange. 

In solid modeling, an 8-node solid (SOLID 45, Ansys Element Reference , 
2003) was used. This element has straight edges and approximates the round
ing of the fillets, and the curvature of the arch. The solid-element has three 
DOFs per node (translations) and 2x2x2 Gauss integration points, which are 
located at approximately one fifth the thickness below the surface of each ele
ment (Fig. 130a). A minimum of four elements through the thickness is gener
ally recommended to correctly describe the shear stress due to Saint Venant
torsion. 
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In the shell-element model, 4-node shells (SH . 
e~ge~ and approximate the curvature, were used E~~ 181 ), Which have straight 
Mmdlln-Reissner shell theory and h . 

1 
· ese .elements are based on 

through thickness a minimum of threaeve :n-p a~e 2x~ Integration points and 
integration points were used of which t~~ egratiOn POI~ts. In this project, five 
element (Fig. 130b). Each node has s· d outer ones lie on the surface of the 
and three rotations. IX egrees of freedom, three translations 

The beam-element was a 2-node element (BEAM 188) b d . 

~~~~ ~:~~r~o~~~::~ei~:~g~ation points at approximatel:s;ne o~;~~~;~e~~~ 
tions, and an additional warpin egg~eOeFs (ofhfreedom: ~hree tr~nslations, three rota

c ange of ax1al rotation) . 

SOLID 45 
8 node 

[ : : ] overlap CCIJ 
integration points BEAM 188 

integration points SHELL 181 
4 node 2 node 

c::c=!!!:=---:=r=:Jfillets ignored------- ~-~ 
(a) 134 solid-elements (b) 12 shell-elements 

F1gure 130 Off (c) one beam-element 
. I erent types of elements for modeling a wide flange beam. 

5.1 .4 Determining elastic FE-section properties 

~~e 1 ~~ct~oo~ rrope~ies of th~ FE-models were determined as shown in Fig

the sup~orts ~e ~~~rt~~db:~ora moments of .inertia, rotations were applied at 

From the reaction forces the corre~~~~~~neg ~:~~ and minor axis respectively. 

i~~~ ~~~u~o~~~t ~~ i~:t:~~~~s t~~c~ored from the ~~;l;i~~een:;r:se:i~~~~e;~~~~~ 
at mid span and loaded with orsiOn constant, the member was supported 
constant over the I a couple at each end. The torsional moment was 

from adn a.nalytical ::~~:s~~o~~o7~~~e~o~~~o~~es~~~~o;~u~~:tae~tawl as20fa0c4torfed 
more eta1ls. · ·· , or 

con~~~~: ~~~,~~~,~~~s:;~,~:~~n;~~,;~:,n~~~;,:~;b~~;~h~'\~~;nz1 t:emwarping 
~:;~t,sV~~~~~-~:s;~~t t~~t dwatrpin? restraint-torsion always occurs togeth:~~~ 

· e ermme the warpmg constant th b 
~~ket~as a cantilever beam with a torsional load at the free ~nd ~e~~~u~; 1~~s 

r IS ca~e , the angle of twist at the free end was determined with an · ~ 
~al expression for mixed torsion, see Equation 34 (Terrington 1968) Th analytl 
mg constant lw.FE was unknown, however, it was varied until 'the sa~e aen~:r~; 
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twist at the free end was obtained (in ~q. 34) as in the FE-simulations. In this 
analysis, the previously determined torsiOn constant lt. FE was used. 

fixed end 

M, 

Figure 131. Cantilever beam for determining the warping constant. 

Mx /cl·cosh(!cl)-sinh(!cl) 
4>(/c) = leGit ,FE cosh(!cl) (34) 

) 
GluE In which: ~c(lw,FE = 
Elw,FE 

General! increasing the number of elements in the cross section fr~m t~e 
number ~·hown in Figure 130 did not have an influence on the moment of ~ne~a 
All FE-models had a length of 600 mm and the number of elements over e 

. d b tween 30 and 90 The more elements over the span, the span was vane e . · 
better the torsion constant was estimated. 

5.1 .5 Results and discussion of modeling cross sections 

The anal tical values of the major and minor moment of inertia for t~e two cross 
t' Yare listed in Table 24. The analytical values for the torsion cons~ant 

sec Ions . constant were taken from Wagner, et al., 1999. The analytical 

:~~ti~: ;~~;~ies are compared in Table 24 with those obtained from thedthr~: 
types of FE-models. The percentage difference in Table 24 was determme WI 

th\~:a~~:~::~:~::d nt~;ihe major moment of inertia 1, was undere~timat~d 
the shell-elements and beam-element FE-models, while the solld-e emen s 

~~-model accurately estimated it. The undteres~~tt~o;e :~~e'~ess~i~;ti~: ~t~~~~ 
1 t model than for the beam-elemen mo · 

e ~men~oment of inertia I, was equal for the shell-elements and be~m-e.lement 
~~~;Is The solid-elements model estimated the minor moment. of mertla very 

~ch~~~a:~~~u~~:d ~~~g~~t3~~~~r~~~i~:ti~~el~:~:~~~~: ~n0~:~ ~~~s~~~li~-~~:~,a~t.~t;l 
. 1 ntness with 1 4% The ana Y 1ca model slightly overestimated the tors1ona s I · · h 

warping constant was nearly the same for the shell-elements model w ereas 
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the beam-element model underestimated it up to 3.3%. The warping constant of 
the solid-elements model was within one percent of the analytical value. 

Table 24. Comparison of section properties 

sec- property analytical FE-madel 
~--~~---=~~~~-=~~~~--tion Beam (diff. %) Shell (diff. %) Solid (diff. %) 

ly [mm
4

] 3.492·10
6 

3.32·106 (4.9) 3.39·1Q6 (2.9) 3.51-106 (-0.4) 
HEA I, [mm

4
] 1.338·1 0

6 
1.334·1 06 (0.3) 1.334·1 06 (0.3) 1.339·1Q6 (-0.1) 

100 It [mm
4
] 51998 ') 36746 (29.3) 35939 (30.9) 52616 (-1.2) 

lw [mm
6
] 2.475·1 0.

9
') 2.556·1 09 (-3.3) 2.485·1Q9 (-0.4) 2.457·1 09 (0. 7) 

ly [mm
4

] 1.121·10
6 

1.092·106 (2.6) 1.116·106 (0.5) 1.124·106 (-0.3) 
HEB 1, [mm

4
] 88672 88583 (0.1) 88603 (0.1) 88698 (0.0) 

600* It [mm
4
] 4453') 3847 (12.0) 3769 (15.4) 4514 (-1.4) 

lw[mm
6
] 1.818·10

8
' ) 1.83·108 (-0.6) 1.785·108 (1.8) 1.802·108 (0.9) 

Note. ')numerical values from Wagner, et al. 1999. 

The differences for the major moment of inertia ly were due to a small area that 
was taken into account twice at the web-flange junction (Fig. 130b) in the shell
element model, which made it slightly stiffer than the beam-element model. 
However, both the beam and shell-elements FE-models lacked stiffness due to 
ignoring the area of the fillets. 

The minor moment of inertia was well estimated by all models. The beam
element and shell-elements FE-models produced little difference with the ana
lytical value because the fillets hardly contribute to bending stiffness about the 
minor axis. 

The large underestimation of the torsion constant It by the beam-element and 
shell-elements models was caused by ignoring the fillets in the sections. Be
tween the beam and shell-elements models, some differences were found. 
These were, again, most likely caused by the overlap at the web-flange junction 
(Fig. 130b) in the shell-elements model. The percentage underestimation of It by 
the FE-models corresponded largely with the percentage contribution of the 
fillets to It in Equation 33. 

5.1 .6 Final FE-model of cross section 

Correctly estimating the torsion stiffness is particularly important when studying 
lateral torsional buckling, which is the case for the study of the out-of-plane 
stability of arches. Therefore, an FE-model with the correct torsional stiffness 
needs to be selected. Although the solid elements model performed best, the 
shell-elements model was selected to model the cross section, because it pro
duced a smaller computational load. This model was improved by adding beam
elements at the web-flange junctions which possessed the stiffness of the lack-
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ing fillets. Square hollow section (SHS)-elements (BEAM 188) were used ~ee 
Figure 132, because they could possess both the lacking torsional and bendmg 

stiffness based on their geometry. 
For the FE-geometry, the torsion constant is precisely estimated with Equa-

tion 35. The difference between Equation 35 and Equation 33 is the lacking tor
sional stiffness that was assigned to both SHS-elements at the web-flange junc-

tions, Equation 36. 

(35) 

211 = t~ l ht - ho ( 1 - 0 .63~ I]+ 2tw ( 0.1!.._ + 0.145l o4 
t. ac 3 l ho ) t1 l t, ) 

(36) 

Not only torsional stiffness is lacking, some area is also lacking that slightly 
reduced the moment of inertia for major axis bending. An expression for the 
major moment of inertia is given by Equation 37. The moment of inertia of the 
FE-geometry can be determined with Equation 38 and the difference between 

the two with Equation 39. 

(37) 

(38) 

(39) 

dimensions of SHS 

Figure 132. FE-model of cross section 
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The major moment of inertia ly,lac in respect with the centroid of the full section, 
and the torsion constant luac of an SHS are given by Equations 40 and 41. In 
these equations is bsHs the width and depth, and tsHs the wall thickness of the 
SHS (Fig . 132). Since ly,lac and luac are already known, the dimensions bsHs and 
tsHs can be determined by Equations 42 and 43. From wh ich it follows that bsHs 
= 37.3 mm and tsHs = 0.16 mm for the FE-madel of an HEA 100 section, and 
bsHs = 32.6 mm and tsHs = 0.0087 mm for the FE-madel of an HEB 600* sec
tion (based on nominal dimensions) . 

t _ lt,lac 
SHS -~ 

SHS 

bsHS = 
2 

I I -- ltl y, ac 
3 

,ac 

(40) 

(41) 

(42) 

(43) 

After the dimensions for the SHS were established, the FE-madel was modified 
and the procedure to determine the section properties was repeated . Table 25 
shows that the modified FE-madel has the same major moment of inertia as the 
analytical section properties. The minor moment of inertia has slightly in
creased. The torsion constant is now closely approximated with the modifica
tion to the FE-madel. 

Table 25. Section properties modified FE-model. 

section property analytical modif.shell-model 
ly [mm4

] 3.492·106 3.49·106 

HEA I, [mm4
] 1.338·1Q6 1.345·1 06 

100 It [mm4] 51998.l 51439 
lw [mm6] 2.475·1 09•) 2.49·1 09 

ly [mm4
] 1.121-106 1.121 ·W 

HEB I, [mm4
] 88672 89022 

600* It [mm4] 4453·l 4479 
lw [mm6] 1.818·108•) 1.803·108 

Note. ·l numerical values from Wagner, et al. 1999. .. 

diff. with analytical (%) 
0.0 
-0.5 
1.1 
-0.6 
0.0 
-0.4 
-0.6 
0.8 

129 



1 30 STABILITY OF STEEL ARCHES 

5. 1. 7 Plastic FE section properties 

When the cross section is subjected to major axis bending, the SHS will start to 
yield first because it sticks out above the flange. However, the part of the SHS 
that sticks out towards the web wi ll start to yield later because it is closer to the 
neutral axis . These two effects are expected to cancel each other out. Of the 
plastic cross sectional properties, only the major axis plastic bending moment 
was investigated, because major axis bending dominates. It was found that the 
theoretical plastic bending moment was underestimated with 2.4% for an 
HEA 100 without fillets and with 0.2% for an HEA 100 with fillets. For an 
HEB 600* without fillets the plastic bending moment was underestimated with 
0.3% and with fillets with 0.2%. 

The final cross section was modeled with six shell-elements per flange and 
in the web, and two beam-elements for the fillets, see Figure 132. Due to the 
bending process, the dimensions changed from nominal dimension, as has 
been described in Chapter 4. For the thickness of the flanges, the average of the 
four measurements over the width were taken. The thickness of the web was 
the average of the three measurements over de the depth of the web. The depth 
of the section was the average of three measurements (see Section 4.4.1 for 
the spacing of measurements) . Along the developed length, the measurements 
showed very little fluctuations and therefore the average values of the dimen
sions were used for the FE-madel. So in the FE-madel, the cross section is 
constant along the developed length. The average values are reported in Appen
dix 8.2. In each simulation of a test, the average values of measured dimen
sions of the corresponding test were modeled. 

5.2 MODELING THE ARCH 

5.2.1 Arch-rib and imperfections 

The arch-rib was modeled with a regular mesh. The length of each element is 
equal to the developed length divided by 44. The total number of elements of the 
arch-rib was 792 shells (18 per cross section, 44 over the length) and 
88 beams (two per cross section, 44 over the length) . Figure 133 illustrates the 
mesh, where the dimensions were exaggerated for purpose of clarity. 

Lateral and radial imperfections were modeled with a sixth degree polynomial 
function. Figure 80 (Chapter 3) shows how the polynomial approximates the 
imperfections measured. The use of polynomial functions made it possible to 
model the imperfections smooth and continuous. Appendix A.2 gives all coeffi
cients for the polynomials (Eq. 20). The twist imperfections were not modeled 
since these were generally less than 2° (Ia Poutre, 2004, pp. 109-111) and 
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were not expected to have a large · fl . 
ble 11) were modeled. In uence. The hmge-block imperfections (Ta-

(a) elevation 

Figure 133. FE-mesh of arch 

z 

(a) modeling hinge with CEs 

Figure 134. FE-modeling of support. 

w 

(b) side elevation 

(b) error in displacement due to CE 
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CEs are only valid for linear problems, which excludes rotation. However, the 
rotation of the supports was less than 2° at ultimate load (Ia Poutre, 2004, pp. 
119-127) which made a linear approximation acceptable. Figure 134b shows 
schematically the displacement 'u' of a node at the top flange. With the CEs, 
this node only translates horizontally and does not descent, as it would have if it 
were on a circular path . A vertical displacement of werr = 0.03 mm is neglected 
with a section depth of 96 mm and an angle of rotation of 11 =2°. This error was 
considered acceptable. 

5.2.3 Load introduction 

The load introduction was designed such that a load acted at the centroid of the 
arch-rib. When the rib twists, the load continues to act at the centroid due to the 
application of the hydrostatic bearing. Load introduction was modeled rather 
simple: a link element (LINK 8), representing the tension rod, was connected to 
the node at the centroid of the crown, see Figure 135. In the full-scale tests, the 
top flanges were reinforced by placing bolts between top and bottom flanges 
(Fig. 60c, Chapter 3) . In the model tests, the top flange was reinforced by a 
metal block, adhesively bonded between the top and bottom flanges. These 
reinforcements transferred load from the top to the bottom flange and prevented 
the web from crippling. In the FE-madel , the reinforcement was modeled with 
shell-elements with the same thickness as the top flanges , see Figure 135. 

shell-elements as 
----~reinforcement of web 

----
------

---------- ----
tension rod -------111 -Ill 

.!l,w 
Figure 135. FE-modeling of load introduction. 
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5.3 MATERIAL MODELING AND RESIDUAL STRESS 

5.3.1 Material law 

Figure 136 shows the stress-strain relation of . 
lme segments indicate the static values ( hone tensJie test, where the vertical 
Chapter 4). To be able to model the m t ~ re the test bench was stopped, 
~pproximated by a piecewise linear rel:ti~~a ~i~ the FEA, the tensile test was 
first segment represents the E-mod I F h seven se~ments, where the 
stress-strain co-ordinates which u us. or all consecutive segments the 
we~e determined. The ten~ile testsa~~;~~~~~ente~ by ~he markers in _Figure ,136, 
While true stress and logarithmic st . engmeenng stress-strain relations 
Th rain are needed for the m t . II . , 

e stress-strain co-ordinates of the a . a ena aw m Ansys. 
stress and logarithmic strain by E PP~?XImated curve were converted to true 
ordinates were used in Ansys for a q~a 10~~ 44 and _45. The resulting co
hardening (KINH) material law. ultl lmear, rate Independent, kinematic 

cr true == cr eng (1 + Eeng ) 

EJn == ln(l + Eeng) 

With: crtrue =true stress 
creng = engineering stress 
c1n = logarithmic strain 
ceng = engineering strain 

500 
HEA 100 - 16oo - coupon from tip of top flange 

O'eng 

i 
I 

200 -::' ----.----.-----.-----, 
0 

----. €eng [ -] 

Figure 136 App · · 
. roxlmatmg stress-strain curve of tensile test. 

0.2 

- tensile test 

0 approximation 

(44) 

(45) 

The stress-strain characteristics were det . 
model arch with a different subtended an ~r~ned for each _full-scale arch and 
tensile tests were performed and for each gt t ethr cross ~ectJon of an arch, nine 

es , e matenal law was determined 
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as described above. The material law of the flange tips was averaged, because 
the left and right coupon of the tensile tests could not be related to left and right 
in the tests. Figure 137a shows the seven resulting material laws and Fig
ure 137b shows how they were distributed over the elements in the cross sec
tion. 

H EA 1 00 - 160° 

20 +-------~------~----~ 
0 _______. E1n [ -] 

(a) material law (b) distribution over the elements 

Figure 137. Material models in the cross section. 

5.3.2 Strain rate 

The tensile tests showed that the level of stress is related to the strain rate, and 
in the tensile tests, the bench was stopped at regular intervals to obtain the 
static values. The material law used in Ansys was based on the static values 
and was rate independent. Therefore it is important to know the actual strain 
rate in the experiments in order to judge whether a rate independent material law 
is acceptable. Figure 138a shows the strain rate at M2nd for one particular full
scale test. On the right vertical axis, the load is plotted to relate the strain rate to 
the course of the test. Up to ultimate load, the strain rate was 1 •1 o·6 s-1, to 
increase rapidly after ultimate load to a peak value of 12 •1 o·6 s-1. The strain rate 
of this one test is exemplary for all other full-scale tests. Figure 138b shows the 
strain rate of one model test where the rate was about 5 •1 o-7 s·1 and hardly any 
increase was found at ultimate load. The influence of the strain rate was as
sessed with Equation 46, which relates the dynamic to the static stress based 
on the type of steel used and the strain rate (Galambos, 1998). With this equa
tion, it was found that for the full-scale arches dynamic stress was 2% greater 
than the static stress at a strain rate of 1 •1 o-6 s-1, while for the model arches 
the dynamic stress was 1. 7% larger at 5 •1 o-7 s-1. This was considered suffi
ciently low to ignore and use a rate independent material law. This was further 
supported by Jukes, et al., 1983, who performed a series of tests on semicircu-
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lar wide flange arches with a single load at the . 
plane strength. They investigated whether the dc~own t~ determme the plastic in 
on the strength. In these tests four different d f e ormation rate had an influence 
which corresponded to strain rates of 2 4 8 e o~matlons _rat~s were employed, 
that "the percentage variations in the coila~se'land ~6·106 s 1_ Th~y concluded 
deformation .... indicate that there is a s II oa . ue t~ c_hanges m the rate of 
ered to be insignificant". ma erratic vanat1on which is consid-

cr dyn = cr stat (1 + k£ n ) 

(46) 

With: crdyn == dynamic stress 
crstat == static stress 
i: == strain rate [1 o-6 s-1] 
k == 0.021 for A 36 steel [-] 
n == 0.26 for A 36 steel [-] 

15_1 O~>r--__ T....:._es::.:..t .::..:5B:._-.--~ 
1 1 oo 20.10.1 ___ T_e--.:.st....:..7M.::__--r-~ 

-strain 
rate 

--applied 
load 

5.3.3 Residual and assembly stress 

70 

F 
[kN] 

i 

~e~eh~~~s~~et~-e ~~~~: ~~~d~~~:~;;s~~ were determined analytically and they 
bottom flange and in the web In the t not correspond to each other in the 
equal, but the sign of the m~asured op ~lange, the patterns were more or less 
from the theoretical stress. It was de~~dsl~u:l stress was sometimes reversed 
FE-madel based on the theoretical patter e -~h model _the residual_ stress in the 
flange. Because all stress measur n, WI a modified pattern m the bottom 
bottom flange, a triangular distribeu~oennts showled a tnangul~r distribution in the 
t · . . was a so modeled 1n the FE- d 1 A 
nangular stress d1stnbution with -150 N/ 2 . mo e · 

at the web-flange ·unction mm at the flange tips and 150 N/mm2 
41 N/mm2, see Fig~re 139 l::~s a~~Yed t~o the_dtheloretically constant stress of 

. , e res! ua stresses were in equilibrium 
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1 36 STABILITY OF STEEL ARCHES 

over the cross section. This pattern had the shortcoming that a stress disconti-

nuity at web-bottom flange junction was present. . which is 
Ideally the residual stresses would follow a contmuous pattern, d 

h n b , the dashed line in Figure 139. However, residual stresses w_ere mo -
:leodwas i~itial stresses applied at the integration points of the elements ~nt~~ei~t;~ 
model. The stepped line in Figure 139 represents the modeled_ stress ~- of the 
gration points, where the integration point IS located at the mterse~n~o~ver the 
ideal and stepped line. The residual stre~s pattern was /ept ~~-ns~ the applied 

~::i~~~~~e:t::~;:: ~:et~~h~~~~h~~~~ ~~eg~:re:s
1

;1d!tuea
1

~~::~~::s:l;~,:\i:,~~~~r ~~~~~; 
· F. re 139 shows t e remamm 
~od~;u At the top flange , little relaxation of the residual s~resses was encoun~ 
t d .In the web , the relaxation was considerable, especial!~ at the s_tress r~ 
ere . .d de th of the web (h/2) . The modeled stress discontinUity_ at t e 

~~~~~ a~1:
1

ge-w~b junction disappeared after the firsht 11~~~e~te1. ~~t c~~s/;~d~:l · h b ttom flange to relax Solvmg an arc 
~~~:~~:~ ~~~:ed 

0
negligible deformatio~s. indicating that the model~~ as~~~ r~~ 

~:~e~el::r:~ss~~~~r~a~~;~e:e~:tt~r ~i~~i~~i~mm~~:~r:~e s~~~~~ ~~~~~~ . than the 

modeled residual stresses. 

width of one element 

top flange 

cr, b/2 ,.-A. b 
[N/mm

2
] 0 ~;;;;;;;;;;;;;;::;::~=±;:;;;:;;;;;;;;;:;;;;;~. t -100 Otop,n=-41 

h 

web 
-ft,.....----_!2~:::::_----"jfy = 290 

} depth of one element 

___.. cr, 300 
[N/mm2

] 
-300 0 

200 
cr, 

[N/mm2
] t oL-~--~~~~ 

bottom flange 

-200 
Figure 139. Residual stress patterns. 

___ ideal 

__ integration 
points 

-+-- after solve 
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For all full-scale arches, the calculated assembly stresses (see Table 8, Chap
ter 3) and for all model arches the measured assembly stresses (Table 9) were 
modeled. The assembly stresses were in addition to the residual stresses and 
varied along the arch as shown by Figure 73b. The assembly stresses were not 
in equilibrium over the cross section. To avoid excessive deformations in the 
first load step, all nodes on the web-flange junction were fixed in location. In the 
next load step, the DOF-constraints were removed and the reaction forces from 
the previous step were applied as loads. These loads equilibrated the assembly 
stresses and no major deformations were present in the arch-rib. 

5.4 ANALYSES 

The analyses that were performed were all geometric nonlinear analyses in 
which large displacements and large rotations are accounted for. Change in 
shell thickness is also accounted for. A nonlinear material law was used and the 
imperfections of the arch-rib were included in the model. This type of analysis 
is referred to as GMNIA (geometric material nonlinear imperfect analysis). All 
analyses were displacement controlled, where a vertical displacement 'w' was 
issued at the bottom of tension rod, see Figure 133a. 

For the solution strategy, the built-in solution control command was used. 
With this command the force and moment convergence tolerances were set at 
0.5% while the minimum reference value was 0.01. In all analyses, a minimum 
of 40 load steps was used to create smooth graphs and to omit plotting mark
ers at each load step. .. 
5.4 .1 Calibration 

To calibrate the FE-madel, three analyses were performed: the first was a 
GMNIA without residual stresses (no rs) , the second a GMNIA including the 
residual stresses of Figure 139 (with rs), and the last one a GMNIA including 
both residual stresses and assembly stresses (assem) . For each test, the ge
ometry of the cross section was different (Appendix B.2) , the imperfections 
were different (Appendix A.2) and the assembly stresses were different (Sec
ti on 3.5.2). Per set of arches with the same subtended angle, a different mate
rial-law was used (Appendix B.1) while the residual stress pattern was equal for 
all tests. For Tests 1 A through 2A the lateral stiffness of the actuator guidance 
system (Section 3.6.7) was included in an additional analysis (with kh·b) that 
al so included residual stresses but no assembly stresses. For those tests, the 
final analyses, with assembly stresses, also included the lateral stiffness of the 
actuator guidance system. A selection of four tests was made to show the three 
analyses. From the full-scale arches, one semicircular, one 135°, and one 90° 
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arch were selected while from the model arches the semicircular arch was se
lected. 

Figure 140 shows how Test 1 C was simulated in four steps and the ultimate 
loads are added to the legend, where the percentage difference with the experi
mental results are given in parentheses. The first simulation (no rs) is rather 
accurate regarding ultimate load, but the FE-response is stiffer than the experi
ment. By including residual stresses (with rs), the ultimate load is somewhat 
underestimated but the load-deflection and load-twist diagram become more 
agreeable. Including the lateral stiffness (with kh-b) again reduced the ultimate 
load, but improved the load-deflection and load-rotation diagrams. The final 
analysis (assem) showed again an improved load-deflection and load-twist 
diagram and an ultimate load of just 0.2% less than the experiment. 

b Test 1C 

100 -= 

F 
104.8 

[kN] 
-- exp 
- ·-· no rs 104.7 (0.1%) 

i -- withrs 103.3 (1.4%) 

---- with kh-b 102.2 (2.5%) 
--- assern 104.6 (0.2%) 

0 -f---.,---, I 

0 ___. w [rnrn] 60 ·120 ___. v [rnrn] 0 ·10 ___. I; [0 ] 

Figure 140. Calibration of FEA on tests results of a semicircular arch. 

(a) first yie lding at the crown 

Figure 141 . Plasticity in Test 1 C. 

(b) yielding at ultimate load 

0 

Figure 141 shows the plasticity that occurs at the start of reduced in-plane 
bending stiffness and at the ultimate load (indicated by 'a' and 'b' in Fig
ure 140). The bending moment is largest at the crown, and there the first yield
ing occurs, Figure 141 a. This yielding acts as a plastic hinge and reduces the 
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in-plane bending stiffness. At ultimate load 
ments have become plastic and three plastic ~~he secon·d · larg~st bending rna-

Figure 142a shows a semicircular arch ne~ are VISible Figure 141 b. 
forms out-of-plane. The FE-mesh of the si at ~ltlmate load which clearly de
deformed shape, Figure 142b. mulatiOn of that tests shows a similar 

load introduction frame 

oil return pipe 

oil su 

link element 

(a) side elevation of experiment (b) . . 
F . Side elevatiOn of FE-mesh 
Jgure 142. Deformed arch m experiment and simulation at ultimate load. 
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Test 38• 

--exp 99.2 
____ no rs 98.0 (1 .2%) 

--with rs 97 .2 (2.0%) 
--- assem 99.4 (-0.2%) 

,:, r~ 

~·;~ I 

0 0 -.w [mmJ 45 0 __. v [mmJ 90 

Figure 143. Calibration ol FEA on test results ol a 135o arch. 

0 ____. (, [OJ 

goo f 11-scale test is shown in Figure 144. 
The calibration of the FE-~odel on a u erestimates the ultimate load by a 
The analysis without residual st~:~s:t~nt~e other analyses. Adding residual 
rather large percentage, co~pa nta e while the addition of assembly 
stresses only increased thl~ p~rce g , hat As for the load-deflection and 
stresse~ li~ited the underestl~at~~h~~~e~idu~l stresses showed a somewhat 
1oad-tw1st diagrams, ~he analysiS 1 ses showed a fairly accurate re
stiffer response , while the other ~~~ :hnea ~EA and experiment started to devi
sponse up to about 80 kN after w IC 

ate. 

100 

F 
[kNJ 

i 

Test 5C 

.~ 
--exp 95.0 
____ no rs 86.7 (8.7%) 

__ with rs 85 .9 (9.6%) 
___ assem 87.1 (8.3%) 

0 J 0 -8 __. (, [OJ 
0 __. w [mmJ 45 -60 __. v [mm 

Figure 144. Calibration ol FEA on test results ol a goo arch. 

0 

1 t d to show the calibration of the FE
The semicircular model arch was se ec e bl stresses In no other test 
model because this test had the largest assn~mT:e first two. analyses ('no rs ' 
were such ex~re~e assembly stresse~ ~~r~~ the assembly stresses leads to a 
and 'with rs') m Figure 145 show th~t g g lncludin the assembly stresses 
rather large overestimation of the_ ultlmt~~~o~~timate lo;d as well as the load
greatly reduced the overestlm~tlonHo the FEA did not show the gradual 
deflection and load-twist behavior. owever, . 
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onset of out-of-plane deflection and twist, but it did pick up the experimental 
path at an advanced stage of deflection and twist. Part of the experimental in
plane deflection curve is missing, so the suggested correspondence between 
analysis and test at advanced stages of loading could not be substantiated. 

The assembly stresses measured in Test 6M were compressive in the top 
flange and in tension in the bottom flange (see Table 9) . These stresses form a 
bending moment with the same sign as the bending moment at the crown due 
to the point load (Fig. 53a) . The assembly stresses are in addition to the bend
ing moment and therefore , they take away some of the moment capacity of the 
arch-rib at the crown. This explains the reduced ultimate load in the experiment. 
If the assembly stresses had been reversed , then they would have increased the 
moment capacity and thus increased the ultimate load. 

90 

F 
[kNJ 

i 

Test 6M 

__ ,., -,~ 
----no rs 80.5 (-21%) ...... , 

-- with rs 78.2 (-17%) 

--- assem 67.0 (-0.4%) 
0 -F---..-----, 

0 -.w [mm] 12 -60 ----. v [mmJ 0 -12 ___. (, (0] 

Figure 145. Calibration ol FEA on test results of semicircular model arch. 

0 

Based on the results of these four simulated tests, the FEA model including as
sembly stresses was considered the most accurate model. All other tests were 
simulated with that model and the load-deformation graphs are shown in Ap
pendix 8.3. 

5.4.2 Results 

The ultimate loads of the FE-simulations, of the experiments, and the percent
age difference are given in Table 26. Generally, simulations of arches with the 
largest subtended angle showed the smallest difference with the experiments. 
The largest difference found is an 8.3% underestimation for Test 5C while the 
largest overestimate is 6.1% for Test 48. Figures 146 and 147 show the ulti
mate loads of the FE-simulations and the experiments graphically. From the 
results it can be concluded that the FE-model is successfully calibrated on the 
experiments. 
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Table 26. Comparison of ultimate loads. d'ff o/c 

Test Fult,exp [kN] Fult.FEA _[)kN] - ~ g [ o] 

1A 104.7 105.6. . 
18 103.2 105.6_) -2.3 
1 c 104.8 104.6 .) 0.2 
2A 104.9 102.4 l 2.4 
28 104.3 103.2 1.0 
3A 100.0 100.6 -0.6 
38 99.2 99.4 -0.2 
4A 99.4 100.9 -1.5 
48 96.3 102.2 -6.1 
5A 97.3 90.2 7.3 
58 95.2 89.8 5.7 
5C 95.0 87.1 8.3 
6M 66.8 67.0 -0.4 
7M 59.8 58.8 1.7 

58 9 55.5 5.8 
N~~ .• I lateral stiffness of actuator guidance system included in analyses . 

110 

Fult,FEA 

[kN] 

i 

0 ---+ Fult,exp [kN] 

+ HEA 100 

0 HE8 600* 

Figure 146. FEA ultimate loads versus experimental ultimate loads. 
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Figure 147. FEA and experimental ultimate loads. 
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Discussion on design method 

This chapter deals with the design of arches for out-of-plane stability. Because 
no design equations are available for arches under bending and compression, a 
design method from Eurocode 3, intended for columns and beams, is applied in 
Section 6.1 to the experimental results of Chapter 3. In Section 6.2, the first 
points for a new buckling curve are determined with the calibrated FE-madel. 
Finally, Section 6.3 discusses what further steps can be taken to arrive at a 
complete buckling curve for arches under bending and compression. 

6.1 DESIGN METHOD APPLIED TO ARCHES TESTED 

In Section 1.2.3, the design procedure for stability of columns and beams has 
been outlined. In Section 2.3, it was found that currently no suitable design 
equation is available for the out-of-plane stability of arches loaded in bending 
and compression. The design equation (Eq . 1) proposed by Pi & Trahair, 2000, 
is for arches hinged both in and out-of-plane and therefore not applicable to the 
arches investigated here. In this section, it is investigated whether the existing 
design methods for stability of columns and beams can be applied to arches. 
Three methods are available: beam-column equations, the General Method and 
the Overall Method. The beam-column equations take normal force and bending 
moment explicitly into account but are beyond the scope of the current re
search. The two other methods, available from Eurocode 3, are for structures 
under general loading. Backgrounds to the General Method can be found in 
Muller, 2003, and to the Overall Method in Greiner, 2003. These two methods 
have in common that a non-dimensional slenderness is determined based on 
the eigenvalue and plastic strength. Once an appropriate buckling curve is 
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known, the strength of the structure can be predicted. The essential difference 
between the two methods is in the determination of the in-plane plastic strength. 
In the General Method, it is required to perform an in-plane GMNIA while in the 
Overall Method a material nonlinear analysis (MNA) without in-plane imperfec
tions is sufficient. It could be argued that if an in-plane GMNIA is requ ired, it 
would not be much of an extension to perform an out-of-plane GMNIA. Because 
an MNA is less complex to perform for a design engineer than a GMNIA analy
sis, and because it connects better to the way columns and beams are currently 
designed, it was decided to use the Overall Method. 

In the selected method, the non-dimensional slenderness is determined by 
Equation 4 7 and is called the overall slenderness, with reference to the Overall 
Method. The determination of the eigenvalue and plastic strength is treated next. 

With: FMNA = plastic strength 
FLsA = eigenvalue 

6.1 .1 Eigenvalue analysis 

(47) 

Currently, there are no closed-form solutions available for the eigenvalue of 
arches loaded in bending and compression (Section 2.1). Therefore, the eigen
value was determined with a linear buckling analysis (LBA). The same mesh as 
for the GMNIA was used, but imperfections, residual stresses, and assembly 
stresses were ignored in the analyses. Linear elastic material behavior was 
used with a modulus of elasticity of 205,000 N/mm2

. Per test, the measured 
dimensions of the corresponding cross section were used (Appendix B.2) . The 
eigenvalues are listed in Table 27. The differences in eigenvalue per subtended 
angle can be attributed to the differences in cross sectional dimensions only. 
Figure 148 shows the deformed shape at buckling of one test, which is repre
sentative for all other tests. The arch buckles predominately out-of-plane, which 
can be clearly seen by the inclination of the tension rod. 

Table 27. Eigenvalues for the arches used in experiments. 

Test FLsA [kN] Test FLsA [kN] Test 
1A 1721 2B 1833 4B 
1 B 1710 3A 1999 5A 
1C 1696 3B 1998 58 
2A 1867 4A 2159 5C 

2137 
2197 
2197 
2202 

Test 
6M 
7M 
8M 

1068 
1003 
975 
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Test 6M 

Figure 148. Deformed shape at buckling. 

6.1 .2 Plastic analysis 

The plastic strength is determi d ·th . 
a selection for the appropriate ~at:lial ~ mater~! nonlinear analysis (MNA) and 
bi-linear material law would aw nee s to be made. For mild steel, a 
behavior and plasticity at the ~~e~~~ofnate Hto represent initial elastic material 
yield plateau had largely disappeared ~r~~ -th o~ever, due_ to roller bending, the 
ent material laws were selected to determinee t~ r~ss-~tram relation. Two differ
first was a bi-linear fa h . e m-p ane plastic strength. The 
offset proof stress, se: F%u~~e 1~~/~~~ strength was substitute_d by the 0.2% 
the GMNIA of Chapter 5 and . h . e seco~d was the matenaf law used in 

. . • . IS s own schematically in Figure 149b. 

we;eo~~:~ ~~~~~::~:~t~;a~i~;li~~ree/ones in the cross section with three laws 

age proof stress of the three tensif~· te~;seat~~:~a~~~a~de for the web,_ the aver
or web, was used. Table 28 sho , correspondmg flange 
which were used for all tests. Th:~~~!ri:~~rage values of ~h~ proof stress, 
hardening (BKIN) with an E-modulus of 205 0~; Nused 2 was bi-linear kmematic 
of zero (perfect plasticity) . For the multi-!" , /m~ and a ~angent modulus 
cross section with seven material laws mear matenal law, nme zones in the 
GMNIA · · were used, as has been done f th 

of the stability experiments (Fig. 137). or e 

(j 

i fo2 
(j 

i fo2 
hardening 

perfect plasticity 

----. £ ----. 

(a) bi-linear materia/law . . c: 
F . (b) multl-lmear material law 
lgure 149. Matenallaws used in material nonlinear analyses. 

145 



l 46 STABILITY OF STEEL ARCHES 

Table 28. Average of 0.2% proof stress used for the MNA. 

Test 1 2 3 4 
f02 web [N/mm2] 336 335 351 316 
f02 top flange 290 314 303 313 
f02 bottom flange 307 283 281 287 

Test 1A 
160 ~FMNA.tuu - MNA multi-linear 

120 :::;r:-1-r:::.--=-------- MNA bi-linear F 
[kN] 

i 
1 experiment 

80 

40 

o~-~-~-~-~ 

0 --+w [mm] 200 

Figure 150. MNA analyses. 

5 6M 7M 8M 
302 375 331 338 
287 410 348 358 
249 368 329 319 

For the MNA, the same mesh was used as for the GMNIA, but no imperfections, 
residual stresses, and assembly stresses were modeled. Because the in-plane 
strength of the arch was being determined , the FE-madel was supported against 
out-of-plane deformations. The average measured cross sectional dimensions 
(Appendix 8.2) were modeled. Two analyses were performed, the first with a bi
linear material law and the second with a multi-linear law, for which the plastic 
strength is indicated by FMNA.o 2 and FMNA,tuu respectively. Figure 150 shows the 
load-deflection diagram of these two analyses for one test. This figure is repre
sentative for all other tests. After plasticity occurred at the crown and at the 
locations of second largest in-plane bending moments, the arch lost most of its 
stiffness. The analysis with the bi-linear law showed a nearly horizontal part of 
the load-deflection curve after plasticity had commenced; the slight increase is 
attributed to the continued spreading of the plastic zones. The analysis with the 
multi-linear material law showed an inclined part of the curve after plasticity had 
commenced, which is attributed to hardening. The plastic loads were deter
mined by the intersection of two tangents to the initial and reduced stiffness, 
Figure 150. The results of these two analyses are listed in Table 29 for the full
scale arches and in Table 30 for the model arches. The differences between the 
two plastic loads were calculated with FMNA.o 2 as norm. This shows that FMNA,tull 
exceeds FMNA.o 2 between 2.1 and 9.8% for the full-scale arches, except for 
Test 5 where it is slightly less. The difference is most likely caused to the way 
f0 2 was determined (Fig . 112b) in relation to the multi-linear material approxi
mation (Fig. 137a). For the model arches, FMNA,tuu exceeds FMNA.o2 between 5.8 
and 12.1 %. In the value of FMNA 1u11 some hardening effects are incorporated. 

' ' 
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Therefore it was decided to use F . . 
shows th . - I MNA.o.2, where this IS not the case. Figure 151 

. e In P ane deformed shape for a semicircular d o 
Whlc~ were representative for all arches. The an a 90 full-scale ar~h, 
plastic strains at ultimate load. gray areas are the zones With 

]Iw 

Figure 151. Plastic zones at ultimate loads. 

Table 29. Plastic strength of full-scale arches. 

Test 1A 18 1C 2A 28 3A 38 4A 48 5A 

Table 30. Plastic strength of model arches. 
Test 6M 7M 
FMNA,02 [kN] 107.3 84.1 
FMNA,full 115.3 94.3 
diff [%] 7.5 12.1 

8M 
78.0 
82.5 
5.8 

6 · l .3 Non-dimensional slenderness 

:~~~ t~:t::~~~~~~~i~h a~d ~~~~c4~trengths, the. non-dimensional slendernesses 

ultimate loads were dete~mined by. ;he ;edu~~on factors for the experimental 

nesses and reduction factors are give~~~ ~~~les . 3 ~h!n~o;;~imensional slender-

1 _ FMNA,O 2 
Aov- --

FLBA (48) 

With: FMNA,o 2 ~ plastic strength based on bi-linear law with f 
FLsA = eigenvalue 0

·
2 

147 
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Fult.exp 
Xexp = 

FMNA,0.2 

With: F ult,exp = experimental ultimate load 

(49) 

Table 31. Non-dimensional slendernesses and reduction factors for fu~-~cale ~e;ts . 58 5C 
1C 2A 28 3A 38 4A 

Test 1A ~8256 0.257 0.246 0.247 0.238 0.238 0.229 0.230 0.214 0.214 0.213 

"-ov [-] ~·.!~! 0·.923 0.938 0.926 0.931 0.886 0.880 0.876 0.854 0.970 0.948 0.947 
Xexp 

Table 32. Non-dimensional slendernesses and reduction factors for model tests. 

Test 6M 7M 8M 

[-] 0.317 0.290 0.283 
"-ov 

0.622 0.711 0.756 
Xexp 

. t the non-dimensional slenderness in 
The reduction factors are plotted agams 'a' and 'd' from Eurocode 3. All full-
Figure 152 together with bucklmg curves 0 21 and 0.26. The model arches 
scale arches have slend.ernesses betwee; 32 If curves a, b, c, or d were to be 
have slendernesses rangmg from 0 . 2~~~1d . be. necessary. However, the calcu
applied, the~ very small reducttonsa much larger reduction than the Eurocode 
lated reduction facto:s (Xexp) give se buckling curves seem inappropriate to 
buckling curves predict. Therefore: the r tion A possibility is to derive a new 
be used tor the load case under ~~\~s ~;~esi~ This is further explored in Sec-
buckling curve for the load case o IS . 

tion 6.2. 

X 

[-] 

i 

+----'-"lr=-=;:;i..l::-;:-:--------curve a .... ~---
~ ---

~ ------curved 

X 

oL-----~----~----~ 
0.4 0.6 02 

+ Xexp HEA 1 00 

X Xexp HEB 600* 

0 ______. Iav [-] -
Figure 152. Reduction factor for arches used in experiments as a function of "-ov . 
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6.1 .4 Stability versus plastic strength 

For columns and beams, a relative slenderness of about 0.2 indicates that the 
plastic strength is the governing factor and not stability. Because the arches 
have slendernesses of about 0.2, it needs to be verified whether they failed due 
to stability, or due to reaching the plastic strength. This was assessed by com
paring two FEA for one test, one analysis including geometric nonlinearity 
(GMNIA from Chapter 5) and the second analysis excluding geometric nonlin
earity, but including imperfections, residual stresses, and assembly stresses 
(MNIA) . Figure 153 shows that if geometric nonlinearity is excluded, the load 
carrying capacity continues to increase. Some lateral deflection and twist occur, 
probably caused by the lateral imperfections, but they do not substantially in
crease . Therefore, the failure of the arches is attributed to inelastic stability and 
not to reaching the plastic strength. 

140 Test 28 

-- / _.....-

----- I 
F / 

[kN] ( t __ experiment 

-- GMNIA 

--- MNIA 
0 

0 ----. w [mm] 120 0 ----. v [mm] 100 0 ----. 1; ["] 14 

Figure 153. Comparison of GMNIA and MNIA. 

6.2 NUMERICAL REDUCTION FACTORS FOR ARCHES 

To derive buckling curves , the reduction factors based on the experiments (Xexp) 

are inappropriate to use. Instead, design imperfections should be used in 
GMNIA to determine reduction factors. The only building standard to give design 
imperfections for arches is DIN 18800 Teil 2, 1990. Depending on the section 
of the arch-rib, a lateral imperfection is given. For the full-scale arches 
(HEA 1 00), the imperfection is the span divided by 200 and for the model 
arches (HEB 600*) the span divided by 250. The magnitude of these DIN
imperfections is given in Table 33. These imperfections are considered to in
clude the influence of both geometric imperfections and residual stresses. An
other approach was to use imperfections of the Dutch standard NEN 6771, 
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. d by Delrue 1998. Taking an 

:;:n1 \o';:;~~~: :a ,;;~~e ,::~~i~;7~:::~:~:~~~ o~'~;~;~tyw~:n P%~:~:dr;;'~; 
sented by the angl~ 'I' '. see Figure . a member a lack of straightness of 
used for 'I' · Consldenng the arch as · ' 4b The larger of these 
1/1 oooth of the span would commonly be used, Figure 15 . d I stud-

two. imperfections should be sel~~~~~t F~a~~h~a~~~~e~f:i~~~:d!xc:~~;: of the 
ied In thiS project, the lack of v.e rf Y r based on NEN are only representa-
goo arches see Table 33. The lmpe ec IOns . 
tive for geo,metric imperfections, residual stresses must still be added. 

(a) elevation 

k S, •I 
lack of straightness -=::::::::::::: ~vo~ 

(b) plan 

Figure 154. Imperfections. 

Table 33. Imperfections to be used for GMNIA. 
h Test DIN lack of straightness 

arc [mm] NEN [mm] 

1 19.1 
2 21 .2 

full-scale 3 23.5 
4 25 .6 
5 27.0 5.4 
6M 6.4 

model 7M 7.8 

tF 
lack of verticality 

(c) side elevation 

lack of verticality 
NEN [mm] 
7.6 
7.1 
6.3 
5.3 

3.2 
2.6 

8M 9.0 2.3 
Note . •) average based on absolute values; +l absolute value 

average tests 
[mm] 
6.8 •) 
5.2 •) 
11.7 •) 
14.3 •) 
2.4 •) 
4.3 +) 

8.6 +) 

4.3 +) 

T GMNIA were performed, the first with DIN-imperfections and the secon~ 
wo . rf ctions In neither of these two analyses, assem 

with the proposed NEN-Impe ~ · 
1 

is with NEN-imperfections, residual 
bly stresses were used , b~t In ~e ~;~~~ were used. With Equation 50, the 

~!~~~t~~~ ~~~~o~:ef:r~~:~ne t~:ty~~~ of an~lyses were determined and they. are 

given in Table 34. 

FGMNIA,OIN 
Xov,DIN = F 

MNA,0.2 

FGMNIA,NEN 
1\ Xov,NEN = li 

MNA,0.2 
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(50) 

With: FGMNIA,DIN == ultimate load determined with DIN-imperfections 
FGMNIA.NEN == ultimate load determined with NEN-imperfections and re

sidual stress 

Table 34. Reduction factors. 

Test 1 2 3 4 5 6M 7M 8M 
Xexp [-] 0.932 0.929 0.883 0.865 0.955 0.622 0.711 0.756 
Xov,OIN 0.933 0.899 0.873 0.877 0.869 0.758 0.749 0.752 
Xov NEN 0.930 0.898 0.880 0.886 0.873 0.748 0.737 0.742 
F GMNIA,DIN [kN] 104.2 101.2 98.5 99.3 87.2 81.3 63.0 58.6 
FGMNIA NEN 104.0 101.1 99.3 100.2 87.6 80.3 62.0 57.9 

The experimental reduction factors were averaged per set of tests and are 
shown in Table 34 as well. From this table it can be observed that the reduction 
factors Xov.OIN and Xov,NEN are smaller than most experimental buckling factors; 
where they are larger, they are printed in bold . Because Xov.DIN and Xov,NEN were 
based on design imperfections, they could be used as points on a new buckling 
curve for the load case under investigation in this thesis . 

Table 33 lists the average experimental crown imperfections per set of tests 
with the same subtended angle. The NEN-imperfections and the average tests 
imperfections can be compared with each other. However, the DIN
imperfections should not be compared because these imperfections are larger 
to also include the effects of residual stresses. From Table 33 it emerges that 
the average experimental imperfections exceed the NEN-design imperfections 
for Tests 3, 4, 6M, 7M, and 8M. For these tests , the average experimental re
duction factors are expected to be less than the ones based on design imper
fections . However, this is only the case for Tests 4, 6M, and 7M. The source of 
this discrepancy could have been the assembly stresses that were present in 
the experiments , but absent in the FE-analysis (GMNIA-NEN). 

In the experiments , no special attention was paid to limit the lateral imperfec
tions of the arch-ribs. Therefore, the actual experimental imperfections seem 
realistic for the building praxis but they exceed the NEN-imperfections in many 
cases. However, the DIN-imperfections are exceeded in one instance only. If 
limits on imperfections for arches are to be incorporated in building standards, 
it should be considered to make them larger than the proposed NEN
imperfections, but smaller or equal to the DIN-imperfections. 
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For Test 6M, the experimental buckling factor was considerably less than the 
numerically determined reduction factors. This was caused by the substantial 
assembly stresses that were present in this experiment (Table 9 in Sec
tion 3.5.2) . The calibration of the FE-madel showed that not including the as
sembly stresses gives a much higher ultimate load (Fig. 145 in Section 5.4.1 ). 
which would have given a greater reduction factor. 

6.3 TOWARDS BUCKLING CURVES FOR ARCHES 

The number of reduction factors determined in Section 6.2 is too limited to de
velop a complete buckling curve for arches loaded in bending and compression. 
However, with the Overall Method. and with the calibrated FE-madel of Chap
ter 5, a few additional reduction factors Xov.mN,add were determined for more 
slender arches. This was done by increasing the subtended angle to 180° for all 
non-semicircular arches. In this way, the bend ratio, and therefore the material 
law, did not change from the original arch. Table 35 gives the dimensions of the 
extended arches, where '180' was appended to the number of the test for which 
the subtended angle was increased. Because the reduction of the eigenvalue 
with the increase in developed length was larger than the reduction of plastic 
strength, the slenderness increased. The largest slenderness attained is 0.48. 

Table 35. Additional reduction factors . 

section HEA 100 HEB 600* 
Test 2-180 3-180 4-180 5-180 7M-180 8M-180 
radius [mm] 2149 2546 3125 3820 1061 1592 
developed length 6751 7998 9817 12000 3333 5000 
FLBA [kN] 1326 887 569 365 495 200 

FMNA,0.2 100.2 83.4 68.7 50.2 69.1 46.7 
Iov [-] 0.27 0.31 0.35 0.37 0.37 0.48 
F GMNIA,DIN [kNJ 87.43 68.77 53.90 38.23 43 .90 25 .68 

Xov,OIN,add [ -] 0.87 0.82 0.78 0.76 0.64 0.55 

Figure 155 shows the reduction factors Xov.DIN determined for the geometry of 
the experiments, and the additionally determined reduction factors Xov.oiN.add for 
the arches with extended subtended angles. A freehand buckling curve was 
drawn below these reduction factors to suggest a specific buckling curve for 
arches loaded in bending and compression. The suggested freehand buckling 
curve lies well below all existing buckling curves. 

X 

[-] 

r 
...__ A 

--- . ...__ 
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suggested new buckling 
curve for arches 

+ Xov,DIN 

!::, Xov,OIN.add 

0;-----~------~----~ 
0 0.2 0.4 

-----. Aov [-] 
Figure 155. Suggestion for buckling curve. 

0.6 

To derive a buck!ing curve based on an equation, instead of the suggested free 
hand curve of Figure 155, the standard Eurocode (prEN 1990 2001) b-

~!~~~el~sA~i~~~ 0~i~e~~~c~s:i~te~1~Y Testing, of this ~tandard .' a detail~;~ro~ 
. uc mg curve With a given statistical accurac 

~~~h~~ ddeete;mmed based on ~he experimentally determined reduction factor! 
I ve opment of a bucklmg curve should be based on this procedure . 

rate~ n~ne of the Tcalculated reduction factors. assembly stresses were inc~rpo-

!:~~~~~~:.~:::~~~!~~:~:~c:~:::~~::~~;~:~;::{~'::; ~fr~~~::~~i:~: 
. s resses .caused by deforming an arch during assembl canna 

out. Therefore, Incorporating assembly stresses in the deriv~tion oft ~~c~~/~gd 
curves seems appropnate. 

T~e abo~e outlined procedure can be extended to other load cases such 
g:avJty/loadmg, multiple point loads, or uniformly distributed loads This exte~s 
Slon WI show whether all these load cases will lead t . . . -
for arches, or that per load case a different buckling cu~v: i~~~;~~i~~~.kllng curve 
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Conclusions and recommendations 

The overall conclusions, of the research presented in this thesis, are stated in 
this chapter. At the end of this chapter, recommendations for further research 
are given. 

7.1 CONCLUSIONS 

In the first chapter of this thesis , the research topic was introduced and it was 
shown that the application of steel arches has changed over the last decades. 
Presently, freestanding arches, which are loaded in bending and compression, 
are being designed and built. The second chapter has shown that currently no 
design equations are available for this type of arches. 

The adopted research approach was to first generate experimental load
deformation curves for steel arches and investigate the influence of the bending 
process on material properties, residual stresses and cross sectional dimen
sions. Then, a finite element model was created and the experiments were 
simulated. By comparing the experimental load-deformation curves with the 
numerical ones, the accuracy of the FE-model was determined. The arches in
vestigated in this thesis were designed with the Overall Method, and reduction 
factors were determined with the calibrated FE-model. Based on the research 
presented in this thesis, a number of conclusions were drawn. 
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Based on Chapter 2 the following is concluded: 

Currently, no design equations are available in the scientific lit.eratu~e or in 
building standards for the out-of-plane stability of freestandmg, m-plane 
hinged and out-of-plane fixed, circular steel arches loaded in bending and 

compression. 

The experiments of Chapter 3 have lead to the following conclusions: 

It was the objective of this research to generate experimental load
deformation curves for spatial stability of arches loaded in bending and com
pression. In all experiments, failure was initiated by simultaneou~ out-of
plane deflection and twist. In some tests, in-plane sway occurred pnor to ul
timate load, but always after out-of-plane deflection and twist had taken 
place (Section 3.7) . This confirms that the limit loads attained were due to 
loss of spatial stability and thereby meeting the objectives of this rese~rch . A 
finite element analysis, presented in Section 6.1.4, further supports th1s con-

clusion. 

Torsional support to the arch at load introduction could increase the ~ltimate 
load substantially. To facilitate the arch-rib to twist freely , a hydrostatic bear
ing with zero starting torque was applied at load introduction. Based on the 
monitoring program of the bearing (Section 3.6.1 0) it is con.clude? that t~e 
arch-rib was free to twist and the ultimate load was not umntentlonally In

creased due to torsional support. The agreement between experimental and 
FEA load-twist curves, presented in Chapter 5, further supports this conclu-

sion. 

All experiments showed a reduced in-plane stiffness at approximately two 
thirds of the ultimate load with a ratio of reduced to initial stiffness of ap
proximately 40% (Table 15). The FE-analyses sho':"ed that, . at the point of 
stiffness reduction, the crown started to yield (Sect1on 5.4, F1g. 141 ). There
fore, the stiffness reduction is attributed to the emergence of a plastic zone 

at the crown. 

From the investigation of the bending process and its effects on the material 
properties, residual stresses, and the cross sectional dimensions (Chapter 4), 

the following conclusions were drawn: 

Due to the bending process, the ductility reduced, the tensile strength in
creased, and the yield plateau reduced or disappeared. The amount. of 
change was inversely related to the bend ratio . For arches where the y1eld 
plateau had disappeared, the 0.2% offset proof stress was higher than the 

original yield strength . 

CONCLUSIONS AND RECOMMENDATIONS 1 5? 

!he cross s.ectional dimensions changed due to the bending process caus
mg the sect1on properties to c~ange as well. The amount of change ~as in
~ersely related to the bend rat1o, for which empirical relations were estab
lished (Eqs. 29-32). 

A typical r~sidual stress pattern due to the roller bending process was ob
served .. This patt~rn however did not fully agree with a pattern based on a 
theo~et1cal a.nalys1s (F1g. 118). The analysis is therefore not sufficient to be 
applied to w1de flange beams bent by roller bending. 

From the calibration of the FE-model (Chapter 5) it was concluded that: 

A wid~ flange beam modeled with shell-elements only, can substantially un
derestimate the torsional stiffness (Table 24). However, modifying the shell
elements. model with beam-elements to represent the fillets, resulted in a 
model ~1th the correct elastic sectional properties compared with analytical 
expressiOns for these properties (Table 25). 

The calibrati?n of .the FE-model on the experimental results, showed that if 
the actual d1mens1ons, impe~ections, material behavior, residual stresses, 
and asse.mbly stresses were mcluded, both the ultimate loads and the load
deformation curves of the experi~ents were simulated correctly. Based on 
the agreement between FE-s1mulat1ons and experiments, it is concluded that 
the FE-model was successfully calibrated, allowing a scientifically based 
procedure for the design of arches. 

The calibration of the FE-model showed that including residual stresses in
f!uenced the load -d.eform~tion behavior but had very little influence on the ul
timate load. The s1mulat10.ns of Test 6M (Fig. 145) showed that assembly 
stresses can have ~ large mfluence on the ultimate load. Therefore, it can be 
concluded that residual stresses predominantly influence the stiffness and 
assembly stresses !nfluen?e the strength. If assembly stresses are large, 
they should be considered m the analysis of arches. 

In th~ .experiments, much effort has .been spent on creating perfect boundary 
~o.ndttlons. The supports were des1gned to hinge in-plane while providing 
f1x1ty out-of-plane and the hy?rostatic bearing was designed to apply a con
centrated loa.d at the centroid of the cross section without causing unin
tended restramts. In the FE~ , perfect boundary conditions were modeled: the 
supports wer~ ~odeled as .In-plane .frictionless hinges, which supplied 100% 
out-of-pla~e f1x1ty. At .load 1ntroduct1on, a concentrated load was modeled at 
the centroid , wh1ch d1~ not supply any torsional restraint. Based on the fact 
that t~e load-deformatiOn curves of experiments and simulations agreed so 
well, 1t c~n be concluded that perfect boundary conditions were attained in 
the expenments. 
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Chapter 6 gives a discussion on design of arches and the steps that need to be 
taken to design arches for stability with the Overall Method of Eurocode 3. From 
that chapter, the following conclusion can be drawn: 

With the Overall Method , a non-dimensional slenderness slightly over 0.2 is 
found for the arches tested. For columns and beams, a slenderness of 0.2 
indicates that plastic strength is the governing factor. However, the experi
mental reduction factors were all substantially lower than the plastic 
strength. Therefore the current buckling curves of Eurocode 3 are not suit
able to be used in the Overall Method for the stability of arches, under com
bined bending and compression due to a tilting load. 

7.2 RECOMMENDATIONS 

Based on the work carried out, the following recommendations for further re
search are given: 

The number of parameters that was varied in both the experiments and the 
simulations thereof was limited. It is recommended to extend the research of 
arch behavior to other parameters. Arches with a larger non-dimensional 
slenderness should be included and gravity type loading could be consid
ered, as well as different load cases and cross sections for the arch-rib. The 
research could be done numerically only, with the model presented in Chap
ter 5, or combined with experiments. 

Based on this further research, a design equation can be developed for steel 
arches under bending and compression. Several methods are possible to 
setup a design equation, such as the Overall Method, the General Method 
and beam-column type equations. It is recommended to investigate which of 
these three methods is most suitable for arches under bending and com
pression. 

The effect of the roller bending process should be investigated more exten
sively than presented in Chapter 4 of this thesis. The residual stress meas
urements and tensile tests should be extended to different sections and bend 
ratios. The results from these measurements should be compared to a theo
retical and a numerical investigation of the mechanics of the bending proc
ess. These investigations should yield an equation with which a design engi
neer can select the appropriate residual stress pattern and material law for 
any section and any bend ratio, without having to perform material testing 
himself. 

CONCLUSIONS AND RECOMMENDATIONS 

In the simulations in this thesis th . . 
over the cross section (Fi 1 , e. matenal b~havl~r was inhomogeneous 
material behavior can be gho~~6~ 1~ IS torthwhile to mvestigate whether the 
material law can be used. nlze over the cross section so that one 

In the FE-analyses of the experiment th . 
cross sectional dimensions materi~/ be h m~asured .values of Imperfections, 
sembly stresses were mode,led It . e avlor, residual stresses, and as-
tended to a sensitivity analysis .for '!a~ehc~7~en.ded that the analyses is ex
then be judged how important each f t . e m~o~porated ~eatures . It can 
nite element analysis. For exam le ea ure IS and If It can be ·'gnored in a fi
sidual stresses could be varied tpo d'etthe ~att~rn .and the magnitude of the re-

ermme 1ts mfluence. 

It is recommended that assembly stre . 
curves for arches be included sses In the development of buckling 
the ultimate load. ' because they can have a detrimental effect on 

It is recommended that an 1 r 1 vestigated is set u ana Y lca -f!lechanical model of the load case in-
ing FEA. This anal~ti~~~b~~~~~ ~~~r~~~~~~~e utltdimate loads without perform
this thesis. 1 ra e on the results presented in 
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Appendix 

A. 1 Desi~n calculations hydrostatic bearing 
The hydrostatic bearing was designed based on R 
calculations are outlined The bea . . owe, 1983, and below, the 
their own restriction Fig~re A 1 a ;mg ~onslsted of three recesses with each 
for the calculations.' see Figu~e A-1 ~~h:e~e three recesses, on.e was !solated 
carry is determined by the pressure in th o~d that a ~ydrostatlc beanng can 
of the socket. In the calculations belowe con act zone times the pr?jected area 
was calculated, which had a projected ar~ao~~ centr~l recess sphencal bearing 
recess bearing. The results of th . one third of the area of the three
the results for the three-recess b:a~f~~~latiOns were multiplied by three to obtain 

flow 

supply 
pressure 

filter 

oil tank 

(a) oil circuit and three-recess bearing (b) . I 
F. smg e recess bearing 
lgure A-1. Isolating one recess from the three-recess bearing 
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The oil used was Shell Tellus 68 for which the kinematic viscosity and density 
were given: 

Kinematic viscosity (at 40° C) 'Ilk = 68 ·1 o-6 [~] = 68 [est] 
sec 

Density p = 876 [ ~~ J 

The dynamic viscosity is calculated from the kinematic viscosity and density as 
follows : 

Dynamic viscosity: 11 = 'Ilk · p = 0.0597 [Pa ·sec] = 0.597 [stokes] 

In the initial calculations , the pressure capacity of the oil pump was entered as 
supply pressures and a pressure drop of 13 = 0.5 was aimed at. After the tests 
were completed, the measured pressures were used and the pressure drop 
turned out to be a bit less (13 = 0.6) . 

Supply pressure: 
Recess pressure: 

P5 = 160 ·105 [Pa] , 160 [bar] 

P5 = 96 ·105 [Pa] 

Pressure drop: ~ = ~ = 0.6 [- ] 
Ps 

Dimensions of one spherical bearing: 

Radius exterior bearing land 
Radius interior bearing land 

Projected area of bearing: 

Nominal thickness oil film: 

Re = 40 mm 
R1 = 30 mm 

h0 = 0.032 mm 

Flow per bearing: 1.124 [~] mm 

Total flow: q101 = 3 · q = 3.37 [~] mm 
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Axial load per bearing 

Total axial load 
Ftot = 3 · F = ll3[kNJ 

An orifice is a cylindrical hole that has a sh . . 
figu:e 63c in Chapter 3) . This restriction was o~er length than Its d.lameter (see 

static bearing. The diameter of the orifice is dete~~~:~~t~~~~~~~ use In the hydro-

Constant for flow across restriction 

Flow factor for an orifice 
(d cf = 0.65 r-J 

epends on Reynolds number, see below) 

Area of orifice: 
Aorif = _]_) P = 0.24 ~m2J 

Cr 2·K p 

Diameter orifice: d - ~ [ -y---;;=--n- = 0.55tmm] rounded up to 0.6 [mm] 

Reynolds number R = 4 · P · q _ [ ] 
e n. d . 11 - 585 - ~ Cr = 0.65 (see Rowe, 1983) 
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A.2 Imperfections 

The lateral, radial , and twist imperfections were approximated with a sixth de
gree polynomial function of the form of equation A-1, A-2, and A-3. The coeffi
cients a

0 
- a

6 
, b

0 
- b

6
, and c

0 
- c6 respectively for the polynomial function are 

given for each test in Tables A-1, A-2 , and A-3. The best fit was established 
with polynomial regression. The last two rows show the degree of freedom 
(DOF) of the polynomial fit as well as the correlation coefficient squared (R

2

). 

with: \If == variable angle between 0- a. [deg] 

Table A-1. Coefficients tor polynomial expression tor lateral impertection. 

Test 1A 1B 1C 2A 2B 3A 3B 

a, -0.01758 

a, -0.1 562 

a, 0.005083 

a
3 

-3.682e-5 

a, 6.513e-8 

a
5 

4.653e-11 

a, 2.955e-14 

DOF 19 

R' 0.999 

0.000241 

0.001788 

-0 .009406 

0.0002314 

-2.205e-6 

9.591e-9 

-1.595e-11 

19 

0.993 

Table A-1 . Continued. 

Test 

a, 

a, 

a, 

a, 

a, 

DOF 

R' 

4A 

-0.008626 

-0.1366 

-0.01374 

0.0003651 

-4.857e-6 

4.146e-8 

-1.475e-10 

19 

0.999 

48 

-0.01528 

0.03343 

-0.02478 

0.0006162 

-5.804e-6 

2.543e-8 

-4.72e-11 

19 

0.995 

-0.009486 

-0.08424 

0.003419 

-2.156e-5 

4496e-7 

-4.962e-9 

1458e-11 

19 

1.0 

5A 

-0.02551 

-0.4823 

0.02052 

-0.000759 

1.87e-5 

-2.114e-7 

8.507e-1 0 

19 

0.996 

-0.01105 

-0.08638 

0.00681 

-5.703e-5 

-7.745e-8 

1.941e-9 

-4 .753e-12 

58 

19 

0.993 

-0.01099 

-0.3709 

0.009929 

2.61e-005 

-1.705e-6 

4.652e-9 

3.443e-11 

19 

0.995 

-0 .01 507 

-0 .1179 

0.004489 

-9.761 e-5 

1.1 99e-6 

-7 .266e-9 

1.67e-11 

5C 

19 

0.915 

0.09447 

-0.3419 

0.01276 

5.192e-5 

-2.515e-6 

1.333e-8 

-1.273e-11 

19 

0.997 

6M 7M 

-0.05041 

-0.2876 

-0 .01736 

0.0008319 

-9 .655e-6 

3.861e-8 

-3.568e-11 

19 

0999 

8M 

-0.0495 -0.005417 0.09939 

0.08353 

0.00177 

0.0001477 

-4.535e-6 

0.005787 

-0.08893 

0.03223 

-0.001487 

-0 .6305 

0.0463 

-0 .002131 

5.192e-5 

-5.663e-7 

2.206e-9 

19 

0.999 

-0.0429 

-0.001795 

5.099e-5 

-6.123e-7 

3.57e-9 

-7.746e-12 

43 

0.963 

3.82e-8 

-1.014e-1 0 

43 

0.983 

2.96e-5 

-2.763e-7 

9.802e-10 

43 

0.986 

Table A-2. Coefticients ot polynomial expression tor radial impertections. 

Te~ 1A 1B 1C 2A 2B 3A 

b, 

b, 

b, 

b, 

b, 

b, 

DOF 

R' 

2.103 

0.01727 

-0.00232 

2.558e-5 

-7.208e-8 

0 

0 

37 

0.976 

Table A-2 . Continued. 

0.02828 

0.2559 

-0 007648 

0.0001118 

-8.502e-7 

3.346e-9 

-5452e-12 

36 

0.85 

Test 4A 48 

bo 0.7578 0.06725 

b, -0.04863 0.345 

b, 0.001224 -0 03933 

b, -0.0001525 0.001492 

b, 3.216e-6 -2.654e-5 

b, -2.132e-8 2.225e-7 

b, 3.567e-11 -7.025e-1 o 
DOF 19 19 

R' 0.886 0.928 

6.674 

0.0793 

-0.002073 

1.187e-5 

-1 .959e-8 

0 

0 

21 

0.966 

5A 

0.2112 

-0.2023 

0.00411 

-0 0003421 

1.1 42e-5 

-1.33e-7 

5.087e-10 

15 

0.983 

-1.782 

0.3113 

-0.01755 

0.0003005 

-2.069e-6 

5.023e-9 

58 

0 

20 

0.899 

sc 

3.739 

-0.1732 

0.0009377 

7422e-6 

-1 .353e-7 

5.534e-1 0 

0 

20 

0.970 

6M 

-0.8279 

0.006243 

-0 00828 

0.0002881 

-4.194e-6 

2.84e-8 

-7.236e-11 

19 

0.934 

7M 

-0.6407 

0.000951 

0.01574 

-0.00127 

3.059e-5 

-2.955e-7 

1 009e-9 

-0.4592 

-0.3089 

0.04707 

-0.002507 

5.45e-5 

-5.155e-7 

1 .774e-9 

3.235 

-0.1842 

0.004864 

-6.736e-5 

4.831e-7 

-1 .27e-9 

0.009874 

0.05059 

0.003889 

-0 00015 

2.299e-6 

-1.797e-8 

5.507e-11 

15 

0.997 

15 

0.955 

44 

0.975 

43 

0.954 

Table A-3 . Coefticients ot polynomial expression for twist impertection. 

Test 1A 1B 1c 2A 2B 3A 

Co 

c, 
c, 
c, 
c, 
c, 
c, 

DOF 

R' 

-1 .132 

0.03097 

-0.001073 

1.991e-5 

-1452e-7 

3.5e-10 

0 

20 

0.867 

Table A-3. Continued. 

1.153 

-0 05791 

0.0008314 

-5.012e-6 

1 .184e-8 

0 
0 

21 

0.752 

Test 4A 48 

Co -0.0976 -0.1225 

c, 0.1 12 0.2491 

c, -0.005337 -0.01957 

c, 4.022e-5 0.0005049 

c, 6.292e-7 -5.807e-6 

c, -8.962e-9 2.99e-8 

c, 2.836e-11 -5 .296e-11 

DOF 19 19 

R' 0.918 0.700 

-0.003765 -0 .009227 

-0.03353 -0.05722 

-03619 

0.03822 

-0.3946 

-0 .01448 

-0.001 138 

4.947e-5 

-5.669e-7 

2.669e-9 

-4.601e-12 

0.002647 

-3443e-5 

1.997e-7 

-5 .752e-10 

-0.0007006 

7491e-6 

-4.779e-8 

1.283e-10 

-0.0008614 

7.156e-5 

-9.629e-7 

3.996e-9 

-3 089e-12 7.262e-1 3 

19 

0.926 

19 

0. 755 

SA 58 

0.03334 0.9324 

-0.02031 -0.4322 

-0.001506 0.0344 

7.918e-5 -0.001251 

-1 094e-6 2.35e-5 

4.694e-9 -2.186e-7 

0 7.904e-10 

16 15 

0.898 0.843 

sc 
-0.8707 

0.09787 

-0.01204 

0.0003665 

-4.016e-6 

1.447e-8 

0 

16 

0.943 

0 

20 

0.533 

19 

0.944 

6M 7M 

-0.002152 -0.01152 

-0.01469 -0 07868 

0.0006541 0.002387 

3.518e-5 -3.326e-S 

-7.63e-7 2.339e-7 

4.81 1e-9 -7.946e-10 

-9. 766e-12 1 .022e-12 

43 43 

0.888 0.2 
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3B 

1494 

-0.09797 

-0 002992 

0.000109 

-1.16e-6 

4.151e-9 

5.641e-15 

19 

0.981 

8M 

1.777 

-0.2924 

0.02196 

-0 0004569 

2.782e-6 

0 

45 

0.898 

3B 

-0.003493 

0.07447 

-0.009369 

0.0002503 

-2.213e-6 

5.129e-9 

8.265e-12 

19 

0.989 

8M 

0.2384 

-0.3265 

0.02485 

-0 000607 

5.613e-6 

-8.595e-9 

-9.027e-1 1 

43 

0.85 
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A.3 Imperfections and permanent deformations 

-70 Test 4A 
Test 48 

A.3.1 Lateral imperfections and deformations c: -70 
~ 
'-' 
"' '!:: 

"' Cl 

-100 
Test 1A 

-20 
Test 18 .S:: 

e 
c: 0 2 0 "' ~ 0 30 -o 
"' 0 '!:: 10 
"' 110 10 Cl 55 82.5 110 
s:= 
~ Test SA 
"' Test 58 ~ 0 -10 

20 ° 30 60 90 120 150 180 100 
0 

45 60 90 
-100 

Test 1C 

__,._ lateral imperfection 
--to- permanent deformation 

60 
60 

Test 5C 
Test 6M -60 

0 -35 

20 ° 
Test 2A Test 28 

0 0 
160 0 80 160 0 

0 90 
20 

30 60 90 120 150 180 

-5 Test 7M Test 8M 
50 50 -5 

0 
0 

-10 1 
Test 3A -10 90 

0 1 0 

t 135 

l 25 20 
I _,._lateral imperfection 

7J 

--to-permanent deformation subtended angle [ o] 

70 
-..... subtended angle [ 0 

] 



-40 
---. subtended angle [ 0 

] 
-40 
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A.3.3 Twist imperfections and deformations -4 
Test 4A 

-4 
Test 48 

Test 1 A Test 18 0 -
-8 -2 ~0 0 

0 
~ 

0 

-:;; 
·~ 

4 4 

0 
8 

-4 
Test 5A 

-4 Test 58 

Test 1C 0 0 
-8 90 

......,_twist imperfection 
__.permanent twist .....,_twist imperfection 

6 6 __.permanent twist 

0 Test 5C 
-6 -10 

Test 6M 

2 

Test 2A -1 
Test 28 

-1 

0 0 0 
0 

0 

4 

4 4 -2 
Test ?M Test 8M 

-4 

Test 3A Test 38 
0 

-2 -2 

10 
subtended angle [ 0 ] 

6 subtended angle [ 0 
] 
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Appendix 

B.l Material law 

Table B-1 . Material law of Tests 1 A-C. 

1 2 3 
Eln O'true Eln O"true Eln O"true 

1 0.00147 299.4 0.00157 316.5 0.00137 281.6 
2 0.00362 347 .8 0.00268 333.7 0.00742 312.9 
3 0.01479 369.7 0.00485 338.9 0.01479 340.9 
4 0.02654 392.9 0.02372 378 .7 0.02372 367.9 
5 0.04018 413 .8 0.03816 406.2 0.03980 400.7 
6 0.06527 438. 2 0.06251 439.6 0.06251 429.1 
7 0.11565 470.0 0.11565 471 .5 0.11565 459.7 

Table B-1. Continued 

4 5 6 7 
Eln O"true Eln O"true Eln O"true Eln Gtrue 

1 0.00157 316.5 0.00159 329.5 0.00146 296.9 0.00157 316.5 
2 0.00650 356.6 0.00757 355 .0 0.00274 300.1 0.00315 345.2 
3 0.00788 362.8 0.01479 374.7 0.00717 335.5 0.00539 365.6 
4 0.02254 410.1 0.02372 397.4 0.02372 385.0 0.01193 391.0 
5 0.03266 430.1 0.03150 413.7 0.04057 420.2 0.02391 421 .3 
6 0.05022 457.9 0.03922 429.2 0.06251 443.8 0.04210 446.5 
7 0.09002 480.1 0.06523 460.3 0.11565 478.2 0.08361 47 4.6 
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Table 8-2. Material law of Tests 2A,8. Table 8-4. Material law of Tests 4A,8. 
1 2 3 1 2 3 E1n crtrue Eln crtrue Eln crtrue Eln crtrue Eln crlrue Eln crtrue 1 0.00153 311 .3 0.00148 306.7 0.00122 248.2 1 0.00149 307.4 0.00151 308.5 0.00128 262.9 2 0.00838 328.9 0.00811 318.6 0.00979 293.7 2 0.00888 316.2 0.00793 319.2 0.01103 294.7 3 0.02648 375.4 0.02654 366.6 0.02693 346.0 3 0.02186 354.2 0.02849 376.6 0.02703 346.7 4 0.05004 417.4 0.04784 408.0 0.04200 383.5 4 0.03595 388.6 0.04497 407.3 0.04630 394.3 5 0.07198 441 .9 0.06569 429.4 0.07166 424.1 5 0.05406 419.9 0.06607 434.2 0.07355 428.0 6 0.10110 466.7 0.08563 449.9 0.11129 457.6 6 0.07562 445.7 0.09313 457.7 0.10389 451.6 7 0.13139 484.2 0.13261 479.1 0.16259 486.0 7 0.12570 477.8 0.12778 477.2 0.14662 477.7 

Table 8-4. Continued 
Table 8-2. Continued 4 5 6 7 4 5 6 7 Eln crlrue Eln Gtrue Eln Gtrue 1 0.00155 317.9 0.00168 

Eln crtrue Eln crtrue Eln crtrue Eln crtrue Eln crtrue 348.8 0.00143 294.1 0.00173 349.9 1 0.00162 327.5 0.00173 347.5 0.00146 296.6 0.00173 349.7 2 0.01109 348.6 0.01390 355.3 0.01755 300.7 0.00351 350.8 2 0.00695 354.2 0.01390 370.9 0.01573 303.7 0.00930 386.9 3 0.02411 381.4 0.02528 392.3 0.03672 357.7 0.00848 37 4.8 3 0.01755 387.1 0.02284 391.3 0.02956 339.9 0.01784 414.5 4 0.04028 416.9 0.04143 426.3 0.05676 396.3 0.02137 410.7 4 0.02586 406.4 0.04143 426.3 0.04363 377.2 0.02878 439.0 5 0.06297 444.5 0.05685 445.3 0.07937 429.3 0.03575 438.1 5 0.04478 443.4 0.05174 439.4 0.06232 407.8 0.04430 456.7 6 0.08480 465.6 0.07213 458.8 0.10274 449.5 0.0517 4 458.8 6 0.07139 470.2 0.07890 462.9 0.09676 442.3 0.06579 472.4 7 0.11422 480.8 0.09558 473.1 0.14445 473.8 0.08029 482.0 7 0.10409 485 .2 0.09966 475 .1 0.14332 471.4 0.08700 484.5 

Table 8-5. Material law of Tests SA-C. 
Table 8-3. Material law of Tests 3A,8. 1 2 3 1 2 3 Eln crtrue Eln crtrue Eln crtrue 

Eln crlrue Eln Gtrue Eln crtrue 1 0.00141 288.4 0.00135 279.0 0.00119 243.9 1 0.00149 303.3 0.00145 290.6 0.00125 255.4 2 0.01236 298.6 0.01073 287.9 0.00931 263.9 2 0.01312 331 .4 0.01165 318.0 0.00994 308.2 3 0.02994 360.9 0.02762 333.8 0.02337 319.5 3 0.02083 352 .6 0.01794 331 .0 0.02362 348.5 4 0.05060 400.0 0.04450 371 .8 0.04767 380.2 4 0.04468 409.6 0.03980 382.6 0.04531 401 .0 5 0.07768 435.0 0.06654 409.4 0.07138 415.4 5 0.06546 439.0 0.06803 424.9 0.07990 449.8 6 0.11179 461.5 0.10129 447.1 0.09830 441.5 6 0.09125 462.0 0.09957 455.1 0.11353 474.8 7 0.14708 480.9 0.15255 477.7 0.14158 470.2 7 0.13107 483.4 0.13976 477.1 0.15033 497.2 

Table 8-5. Continued 
Table 8-3. Continued 4 5 6 7 4 5 6 7 Eln crtrue E1n crtrue Eln crlrue Eln 1 0.00119 243 .9 crtrue Eln G true E1n G true E1n crlrue E1n O'true 0.00148, 305.6 0.00138, 283.2 0.00148 302.9 1 0.00148 299.4 0.00173 355.0 0.00146 296.6 0.00168 339.0 2 0.00931 263.9 0.01390, 338.0 0.01951 ' 290.5 0.01390 363.2 2 0.01014 339.1 0.01237 371.6 0.01573 303.7 0.01207 382.2 3 0.02337 319.5 0.02528, 366.8 0.03101 ' 327.7 0.03305 405.3 3 0.01705 357.5 0.02284 396.7 0.02956 339.9 0.02019 403.2 4 0.04767 380.2 0.04755, 406.1 0.05827, 387.0 0.04860 428.5 4 0.03807 410.2 0.03951 431 .2 0.04363 377.2 0.02917 425.8 5 0.07138 415.4 0.06990, 434.8 0.08902, 428.1 0.06869 448.3 5 0.07483 456.3 0.05174 449.1 0.06232 407.8 0.04335 450.3 6 0.09830 441.5 0.10265, 460.2 0.12690, 459.6 0.08801 462.6 6 0.09876 474.9 0.06934 463.9 0.09676 442.3 0.07 483 478.8 7 0.14158 470.2 0.14089, 479.4 0.15700, 476.4 0.11190 475.5 7 0.11458 482.4 0.09966 482.2 0.14332 471.4 0.09876 491 .0 
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Table B-6. Material law of Test 6M. Table B-8. Material law of Test 8M. 
1 2 3 1 2 3 

C:Jn O"true C: tn O'true C:tn O'true C:Jn crtrue C:tn O'true C:tn CJtrue 1 0.00188 360.7 0.00188 360.7 0.00153 303.5 1 0.00132 252.3 0.00122 245.3 0.00132 252.3 2 0.00399 403.2 0.00399 416.4 0.00366 349.3 2 0.00246 330.8 0.00205 317.6 0.00288 298.6 3 0.00645 413.4 0.00930 427.7 0.00554 363.3 3 0.00539 363.7 0.00338 361.6 0.00608 322.0 4 0.01568 427.2 0.01637 440.1 0.01036 388.4 4 0.01082 381.7 0.01823 424.9 0.01034 343.7 5 0.02866 451 .3 0.02800 458.7 0.02372 429.1 5 0.03694 430.4 0.03053 440.0 0.03787 407.5 6 0.04341 470.5 0.04583 477.4 0.04191 458.9 6 0.05797 456.3 0.04850 455.4 0.07069 456.1 7 0.05932 481.4 0.06015 487.2 0.06494 477.7 7 0.08867 475.9 0.07446 469.7 0.11764 485.5 

Table B-6. Continued Table B-8. Continued 
4 5 6 7 4 5 6 7 C:tn O'true C:tn O'true C:Jn O'true C:Jn O'true C:Jn O'true C:ln O'true C:tn O'true C:ln a true 1 0.00163 327.5 0.00193 400.8 0.00151 309.2 0.00160 338.5 1 0.00132 252.3 0.00175 360.6 0.00138 288.2 0.00132 270.4 2 0.00305 371.1 0.00407 417 .9 0.00356 309.8 0.00382 401 .1 2 0.00279 326.9 0.00220 386.0 0.01794 293.2 0.00234 320.7 3 0.00687 411.9 0.01413 432 .6 0.01374 321 .6 0.0137 4 437.6 3 0.00455 345.0 0.00979 403.1 0.03730 351 .1 0.00576 361 .0 4 0.01302 436.3 0.02810 454.6 0.03247 366.9 0.01951 452.7 4 0.00997 373.4 0.02333 429.6 0.06204 389.7 0.01479 393.8 5 0.02235 459.8 0.04047 473.6 0.05685 415.9 0.02508 464.9 5 0.02781 420.8 0.04459 465.4 0.09349 432.3 0.04363 450.8 6 0.03537 481.7 0.05145 481.4 0.08121 447.9 0.03034 473.5 6 0.04784 451.1 0.06251 480.1 0.14323 469.7 0.06232 467.4 7 0.05345 497.1 0.06766 490.8 0.11065 469.1 0.04344 485.2 7 0.06494 461 .3 0.09667 498.9 0.17982 488.9 0.08038 478.2 

Table B-7. Material law of Test 7M. 

1 2 3 
C:tn O'true C:Jn O'true C:Jn O'true B.2 Dimensions 

1 0.00107 217.5 0.00107 217.5 0.00123 247.3 
2 0.00264 330.9 0.00240 330.8 0.00442 321.0 
3 0.00373 347.0 0.00353 343.7 0.00909 350.3 
4 0.01030 363.6 0.00899 360.7 0.01501 377.7 Table B-9. Dimensions of cross sections used in FEA. 
5 0.03944 417 .8 0.02606 411 .6 0.03081 422.5 

Test h b top b hot t t top t f hot tw 6 0.06721 452.8 0.04392 445.6 0.04973 443.8 1A 96.20 100.18 102.15 7.67 7.87 5.44 7 0.10498 476.8 0.05959 457.1 0.06658 454.7 1B 96.06 100.09 1 02.12 7.66 7.84 5.43 1C 96.01 99.99 1 01 .82 7.57 7.90 5.42 2A 96.21 1 00.17 101 .80 7.78 7.83 5.43 28 96.13 100.15 101 .86 7.66 7.79 5.40 Table B-7. Continued 3A 96.27 100.19 101 .69 7.60 7.85 5.40 4 5 6 7 38 96.24 100.21 101 .64 7.60 7.86 5.39 
O'true C:Jn O'true C:Jn O'true C:Jn O'true 4A 96.33 100.53 101.78 7.61 7.89 5.42 

C:Jn 

1 0.00123 247.3 0.00107 217.5 0.00107 217.5 0.00153 298.5 48 96.21 100.47 101 .58 7.56 7.88 5.39 2 0.00240 330 .8 0.00240 353.8 0.00329 262.5 0.00382 348.3 5A 96.41 100.49 1 01.46 7.63 7.87 5.39 3 0.00602 364.7 0.00394 379.0 0.02927 341 .1 0.01994 415.9 58 96.44 100.43 1 01.43 7.64 7.88 5.38 4 0.01120 387.8 0.01198 396.9 0.04879 380.1 0.02411 431 .2 5C 96.14 100.58 1 01.44 7.65 7.85 5.40 5 0.02352 427.1 0.02538 425.4 0.07046 415.5 0.03072 443.1 6M 94.88 47.18 50.04 4.76 5.03 3.14 6 0.03556 451 .1 0.04631 453 .7 0.12142 459.1 0.03989 455.8 7M 95 .13 47.11 48.93 4.75 5.03 2.44 7 0.04784 460.7 0.07964 482 .2 0.16814 487.3 0.06785 481.9 8M 94.58 47.41 48.93 4.73 4.94 2.54 
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B.3 Results of FEA Test 28 
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Stellingen 
behorende bij het proefschrift 

Inelastic spatial stability of circular wide flange steel arches 

1. Perfecta randvoorwaarden voor constructieve stabiliteitsproeven kunnen gerealiseerd worden. 
Hoofdstuk 3 van dit proefschrift 

2. Het beproeven van de proefopstelling is net zo belangrijk als het beproeven van de 
proefstukken. Hoofdstuk 3 van dit proefschrift 

3. Door een niet-conservatieve in plaats van een conservatieve belasting toe te passen verandert 
de interpretatie van de invloed van zijdelingse geometrische imperfecties op de uiterste 
draagkracht. Hoofdstuk 3 van dit proefschrift 

4. Het over het hoofd zien van kleine details kan resulteren in ernstige fouten, zoals is ge"illustreerd 
door het negeren van de afronding bij het modelleren van H-profielen: de afrondingen vormen 
slechts ongeveer 2% van het oppervlak van de doorsnede maar dragen tot 30% bij aan de 
torsieconstante. Hoofdstuk 5 van dit proefschrift 

5. De huidige Europese knikcurven zijn niet toepasbaar voor de plastische ruimtelijke stabiliteit van 
cirkelvormige bogen belast door een enkele niet-conservatieve puntlast. Hoofdstuk 6 van dit 
proefschrift 

6. Constructieve bouwnormen kan men als wetenschappelijke literatuur opvatten mits ze verwijzen 
naar de bronnen waarop ze gebaseerd zijn. 

7. Alhoewel aile fysische fenomenen gesimuleerd kunnen worden met de Eindige Elementen 
Methode is het doen van experimenten nag steeds noodzakelijk in wetenschappelijk onderzoek: 
men zou een fenomeen kunnen vergeten mee te nemen in een simulatie, iets dat onmogelijk is 
in een experiment. 

8. Een natuurlijke aanpak in een ontwikkeling is om eerst oplossingen voor eenvoudige problemen 
en dan voor ingewikkeldere problemen te zoeken. Het feit dat ontwerpregels beschikbaar zijn 
voor rechte, maar niet voor gekromde elementen betekent dat het niet eenvoudig is om voor 
bogen ontwerpregels af te leiden. 

9. De kunst van het afronden van een promotieproject ligt niet in de keuze wat onderzocht moet 
worden, maar in de keuze wat niet onderzocht moet worden. 

10. Publieke weerstand (in Nederland) tegen nieuwe spoorwegen is gebaseerd op het feit dat je met 
een auto niet over het spoor kunt rijden. 

11. Oordelend naar de optrede-aantrede verhouding van de toegangstrappen van het gebouw van 
de Faculteit Bouwkunde van de Technische Universiteit Eindhoven1 moeten deze haast wei 
ontworpen zijn val gens een richtlijn van het "Ministry of Silly Walks2" . 

1 Optrede = t27 [mm). aantrede = 900 [mm], verhouding = 17:120. De optimale verhouding voor het belopen van trappen is 

17:29 , zoals geadviseerd door Ernst Neufert (2000). Architects' Data. 3" edition. London: Blackwell Science 

2 Sketch van Monty Python's Flying Circus, aflevering 14, voor het eerst vertoond op de BBC op 15 September 1970 



Propositions 

with the PhD-thesis 

Inelastic spatial stability of circular wide flange steel arches 

1. Perfect boundary conditions for structural stability tests can be attained. Chapter 3 of this 
thesis 

2. Testing the test setup is just as important as testing the specimen. Chapter 3 of this thesis 

3. Using tilting loads instead of gravity loads changes the perception of the influence of lateral 
imperfections on the ultimate load. Chapter 3 of this thesis 

4. Overlooking tiny details can result in grave errors, as is illustrated by ignoring the fillets in 
modeling wide flange beams: The fillets constitute only about 2% of cross sectional area but 
contribute up to 30% to the torsion constant. Chapter 5 of this thesis 

5. The current European buckling curves cannot be used for the inelastic spatial stability of 
circular steel arches loaded by a single tilting load. Chapter 6 of this thesis 

6. Structural bu;lding standards can be considered scientific literature if they cited the work on 
which they are based. 

7. Although all physical phenomena can be simulated with the Finite Element Method, performing 
experiments is still a necessity in scientific research: One could forget to include one 
phenomenon in a simulation, something which is impossible in an experiment. 

8. A natural approach in development is to first derive solutions for simple problems and then for 
complex problems. The fact that design equations are available for straight but absent for 
curved structural members, means that it is complex to derive design equations for arches. 

9. The art of completing a PhD-project is not in deciding what to research, but in what not to 
research. 

10. Public resentment (in The Netherlands) against new railways is motivated by the fact that one 
cannot drive a car on the tracks. 

11. Judging by the rise to going ratio of the entrance stairs of the Department of Architecture, 
Building and Planning of the Technische Universiteit Eindhoven\ they must have been designed 
according to specifications of the Ministry of Silly Walks2. 

' Rise= 127 1mm]. going = 900 lmm], ratio~ 17:120. Ratio for comfortable ascending /descending 17:29 as advised by 

Ernst Neufert (2000) , Architects' Data, 3" edrtion, London: Blackwell Science 

2 Sketch from Monty Python's Flying Circus, Episode 14, first aired on BBC television 15 September 1970 
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The usage of steel arches has changed over the last few decades. 
Presently, freestanding arches, loaded with single hangers, such as 
illustrated on the front cover, are becoming more popular. Such arches 
are loaded in bending and compression, which is unfavorable to the 
arch shape, and they are susceptible to spatial, or out-of-plane, stability. 
Currently no design equations for the spatial stability of this type of 
arches are available. The research approach of this thesis was to, firstly, 
perform laboratory experiments to generate load-deformation curves 
for the out-of-plane inelastic stability of circular arches and, secondly, 
to simulate the experiments with a finite element model. The effects 
of the production process on the structural behavior of arches were 
investigated experimentally as well , and the results were modeled in the 
finite element model. By comparing the experimental curves with the 
numerical ones, the accuracy of the FE-model was determined. Finally, 
the arches investigated in this thesis were designed with the Overall 
Method of Eurocode 3 and it was shown that new buckling 
curves need to be derived for the inelastic 
spatial stability of circular steel 
arches. 


