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ABSTRACT  
 

Since the 1960’s gas has been extracted from the Groningen gas field and from the 1980’s seismic 

activity has been registered. Although tectonic earthquakes have been occurring all over the world for 

millennia, the earthquakes in Groningen are different. They are caused by human action, which are 

called induced earthquakes. This relative new subject in the Dutch construction industry in 

combination with its social relevance makes it an interesting topic. This graduation thesis aims to 

contribute to the understanding of the structural behaviour of buildings in the Groningen seismic 

activity. In particular, this thesis shows the impact of different seismic strengthening and mitigation 

methods on the steel structure of a datacentre.  

 

Nowadays, there are multiple methods to design an earthquake-resistant building. The state-of-the-

art of seismic strengthening and mitigation methods is studied. The study focusses on steel structures 

and applications on steel structures. It shows that strengthening methods dissipate energy by yielding 

of the material and that mitigation methods dissipate energy by damping and/or elongating the natural 

period to reduce the seismic forces acting on the building. Two strengthening methods and two 

mitigation methods are applied to the preliminary design of the datacentre. The two strengthening 

methods are strengthening of the connections, which ensures improved ductility in the structure, and 

the application of Buckling Restrained Braces (BRBs). The two mitigation methods are the application 

of elastomeric base isolators and the application of Fluid Viscous Dampers (FVDs).  

 

The strengthening and mitigation methods are applied to the preliminary design of the datacentre, 

which is designed for gravity loads and wind loads. The structure is characterized by large beam and 

column sections due to the high variable loads (12 kN/m2) of the data hall and the electrical building.  

The total length and width are both 100m and the height of the building above ground level is 47.02m.  

The building has seven storeys above ground level of which five storeys are occupied by the data hall 

and the electrical building and the upper two storeys are occupied by the facility support area. The 

structural system consists of a steel frame structure combined with hollow-core slabs.  

 

Prior to the check for seismic loads, the seismic codes are studied. In particular, NEN-EN1998-1, 

NPR9998:2015 and NPR9998:2017 have been examined. The examination includes performance 

requirements and compliance criteria, ground conditions and seismic actions, a comparison between 

seismic response spectra, specific rules for steel buildings in seismic areas, and rules for the application 

of base isolation. Furthermore, the validity of requirements for steel X-braced frames in seismic areas 

will be discussed with respect to the datacentre’s structural design.  

 

Once the seismic codes have been examined, the dynamic behaviour of the datacentre’s structure is 

investigated. The dynamic behaviour is studied using a 3D SCIA Engineer model of which the results 

are checked by hand calculations. The study shows that the structure has a long natural period due to 

its great mass and its horizontal flexibility. Although flexible structures attract smaller seismic loads 

than stiff structures, the resistance checks are not satisfied. In addition, the structure does not fulfil 

the specific requirements for steel structures in seismic areas. Hence, the structure should be either 

strengthened, or the effects on the structure should be mitigated. 

 

Finally, the impact of the strengthening and mitigation methods on the steel structure is shown, 

considering natural periods, base shear forces, storey accelerations, interstorey drifts, and hysteretic 

behaviour. The study shows that the two strengthening methods are very effective in the reduction of 
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base shear forces. Additionally, the interstorey drifts are within the limits. However, both 

strengthening methods ensure residual deformations after an earthquake, which is a drawback of 

these strengthening methods. The mitigation methods, on the contrary, seem to be less effective in 

the reduction of base shear forces. In fact, the resistance checks for the mitigated structures are not 

satisfied. The results show that damping has hardly any influence on structures with long natural 

periods, corresponding to the theory.  
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1. Introduction 
In 1959 the Nederlandse Aardolie Maatschappij (NAM) discovered the first gas in the province of 

Groningen. The gas field has been in production since 1964 and since the 1980’s seismic activity has 

been registered. The seismic activity that is caused by human action is different to tectonic seismicity 

and is therefore a relatively new phenomenon in the Netherlands. The seismicity tended not to be 

perceived as a major concern. However, in August 2012, an earthquake with a magnitude of 3.6 on the 

Richter scale occurred in Huizinge. This event created more concern and gave the earthquakes a higher 

priority.  

 

1.1 Seismicity in Groningen 
The gas reservoir in Groningen lies within sandstone rock about three kilometres below ground level. 

The sandstone has a porosity of 20%, which means that in between the sand grains around 20% of the 

volume is empty space, filled with gas. When gas is extracted from the reservoir, the pressure in the 

pores decreases, which leads to compaction of the layer. The compaction of the layer itself does not 

lead to an earthquake. However, the Groningen gas field is separated by fracture lines as shown in the 

schematic view in Figure 1. The gas pressure might differ on both sides of the fracture line. This 

difference in combination with the gas extraction results in shock-wise shifting of the layers, which 

causes the earthquakes. These earthquakes that are caused by human action are called induced 

earthquakes.  

 
Figure 1. Schematic view induced earthquake (Roijakkers & de Jong, 2015) 

Although the magnitude of an induced earthquake is smaller than the magnitude of a tectonic 

earthquake, the effect on a structure can be similar. Tectonic earthquakes occur at a depth of fifteen 

kilometres, while the induced earthquakes occur at a depth of three kilometres. The wave amplitude 

becomes smaller further away from the hypocentre and therefore the vibrations at the surface caused 

by tectonic earthquakes are smaller than the vibrations caused by induced earthquakes with the same 

magnitude. In addition to the depth, the type of subsoil also affects the vibrations at ground level. In 

fact, when the wave travels from stiffer soils to weaker soils, the wave becomes stronger.  

The force acting on a structure caused by an earthquake can be calculated with the Peak Ground 

Accelerations (PGA). The PGA is equal to the maximum ground acceleration that has occurred during 

an earthquake. These accelerations can be plotted in a response spectrum in which the acceleration 

[m/s2] is expressed on the vertical axis and the natural period [s] is expressed on the horizontal axis. In 

general, a more flexible structure with a longer period may be expected to experience lesser 

accelerations than a stiffer structure with a shorter period.  
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1.2 Seismic strengthening and mitigation methods: state-of-the-art  
Seismic activity has a great impact on the structural design of buildings. The effects can be managed 

with seismic strengthening and mitigation methods. Nowadays, there are multiple methods in order 

to create a seismic resistant design. This chapter provides a brief overview of the state-of-the-art. A 

more elaborated study on the seismic strengthening and mitigation methods is included in Annex A.  

 

1.2.1 Steel Concentrically Braced Frames  
Concentrically Braced Frames (CBFs) are used to provide lateral strength and stiffness to resist 

horizontal forces such as earthquake forces. The CBFs are currently one of the most widely used 

systems since they are easy to design, and they are the most efficient in controlling lateral drifts of 

buildings (Kazemzadeh Azad et al., 2017). Figure 2 shows four configurations of CBFs. These frames 

can dissipate energy by plastic deformations in the braces. The structure must be designed in such a 

way that the plastic deformations only occur in the appropriate diagonal braces without causing 

damage to the main structure. 

Yielding in tension diagonals and buckling in compression diagonals contribute to energy dissipation. 

When the compression braces buckle, the load carrying capacity of the braces reduces significantly 

and the forces are redistributed into the tension braces. In the post-buckled stage, only the braces in 

tension are considered in the structural analysis since the buckled braces only provide low residual 

resistance. According to Eurocode 8, for X-diagonal braced frames, only tension diagonals should be 

considered in the structural analysis. For V-braced frames, both tension and compression braces 

should be considered. 

 

 
Figure 2. Concentrically Braced Frames. FLTR: diagonally braced, X-braced, inverted V-braced, V-braced 

1.2.2 Steel Buckling Restrained Braces 
Buckling Restrained Braces (BRBs) consist of a steel core, which can have a variety of cross-sectional 

shapes. The steel core’s cross-section of the yielding region must be constant over the length to 

provide uniformly distributed yielding over the length. A concrete-filled tube restrains the core from 

buckling and therefore BRBs can yield in tension and compression. However, the core is decoupled 

axially from the restraining mechanism so that the axial force is carried by the steel core only. Figure 3 

illustrates a schematic representation of a BRB. As can be seen in Figure 3, the cross-sectional area of 

the yielding core is smaller than the cross-sectional area of the transition and connection segments. 

This difference ensures yielding in the relevant part of the BRB. Hence, BRBs provide energy dissipation 

due to yielding both in tension and compression to ensure that the adjacent beams and columns 

remain in an elastic range.  

 
Figure 3. Schematic view BRB (Bosco et al., 2015) 
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The maximum tension force is higher than the plastic resistance due to strain hardening. In addition, 

the maximum compression force is slightly higher than the maximum tension force due to Poisson 

expansion and friction between the steel yielding core and the concrete-filled tube.  

Although the behaviour of BRBs has been investigated extensively by experimental tests, the design of 

structures equipped with BRBs is not considered in Eurocode 8. Nevertheless, BRBs are considered in 

the code of the American Institute of Steel Construction (AISC):341-16, seismic provisions for structural 

steel buildings. 

 

1.2.3 Base isolation  
An effective way to mitigate seismic effects is by base isolation. Base isolators decouple structures 

from their foundations and reduce the seismic energy that impacts the building by elongation of the 

natural period. Consequently, the dynamic behaviour is so that the vibration mode is in the low part 

of the response spectrum (Govardhan & Paul, 2016). The main requirements for the design of a base 

isolation system are: 

▪ ability to sustain gravity loads; 

▪ low horizontal stiffness, which elongates the natural period; 

▪ high vertical stiffness, which minimizes the amplification in vertical direction; 

▪ energy dissipation capacity to restrict large displacements; and 

▪ sufficient initial stiffness to avoid vibrations due to service loads (i.e. wind load).  

 

Various methods of base isolation have been developed over the years. Moreover, there are two 

common types of seismic isolators, which are elastomeric bearings and sliding bearings.  

Elastomeric base isolators are widely used for base isolation. They consist of layers of rubber and steel 

plates bonded to each other by strong adhesion materials. The isolators are available as either Low-

Damping Rubber Bearings (LDRB) or High-Damping Rubber Bearings (HDRB). LDRBs are designed to 

resist creep and temperature effects, and have little damping capability, in the range of only 2% of 

critical damping. HDRBs, on the other hand, have a damping ratio in the range of 10-20% of critical 

damping, which make them suitable for a seismic design (Cancellara & De Angelis, 2016).  

Due to their low horizontal stiffness, the natural period of the structure is elongated. In addition, the 

increase of damping added to the structure ensures a reduction of the acceleration and thus smaller 

earthquake-induced forces are attracted.  

 

 
Figure 4. Schematic view High-/Low- Damping Rubber Bearing (Cancellara & De Angelis, 2016) 

Sliding bearings dissipate energy by friction between two stainless steel plates that slide over each 

other during an earthquake. The isolator is activated when the excitation force is greater than the 

frictional force.  

A distinction is made between pure friction systems and friction pendulum systems. Pure friction 

systems consist of two flat stainless-steel plates that slide over each other.  Due to the flat surface, 

large displacements might occur when there is insufficient restoring force. A higher friction coefficient 
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will reduce the large displacement. Consequently, a higher force is needed to activate the isolator. 

Hence, the isolator will not be activated under small earthquakes, which means that the structure acts 

rigidly under small earthquakes (Girish & Pranesh, 2009). 

Friction Pendulum Systems (FPS) combine the frictional sliding of steel surfaces and the pendular 

motion of the slider on a spherical surface, shown in Figure 5. During an earthquake, the slider moves 

on the spherical surface lifting the structure and dissipating energy by friction between the spherical 

surface and the slider. Due to concavity, the FPS is able to recenter by itself under gravitational force. 

Furthermore, the horizontal stiffness and the frictional force in each isolator are directly proportional 

to the normal force acting on them, and therefore torsional motions on the structure are minimized. 

As a result, the centre of rigidity of the FPS constantly coincides with the centre of mass of the structure 

(Landi et al., 2016). 

 

  
Figure 5. Schematic view Friction Pendulum System 

1.2.4 Fluid Viscous Dampers 
The Fluid Viscous Damper (FVD), a passive energy dissipation system, is used in the absorption and 

dissipation of seismic energy. The dampers are made up of a cylinder, which is filled with 

incompressible silicone fluid, and a stainless-steel piston, which divides the cylinder into two 

compartments. When the damper is subjected to a compressive force, the piston rod moves, which 

leads to a decrease in volume in the cylinder. The decrease in volume results in a velocity-dependent 

restoring force FD. In fact, FVDs are increasingly used in steel high-rise structures for their great ability 

to return the building to its original position after an earthquake. In addition, viscous dampers 

positively affect the motion amplitude, interstory drifts, and accelerations generated by earthquake 

actions (Banazadeh et al., 2017). Nevertheless, an efficient distribution of the dampers with the 

sufficient damping coefficient is required for an efficient use and for cost savings.  

 

 
Figure 6. Schematic view Fluid Viscous Damper (Ras & Boumechra, 2016) 

1.3 Project goal and methodology 
It is clear that Groningen is a seismic region. The earthquakes that are caused due to gas extraction are 

different than tectonic earthquakes and are therefore a relatively new phenomenon in the 

Netherlands. Despite the fact that the magnitude of induced earthquakes is relatively small compared 

to the magnitude of tectonic earthquakes, the damage to buildings is not less due to the relatively 

small depth of induced earthquakes. Hence, buildings in Groningen should be designed to resist seismic 

loads. The state-of-the-art of seismic strengthening and mitigation methods showed that there is a 

wide range of methods for the design of an earthquake-resistant structure. However, the knowledge 
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about the effect of these methods on a steel structure with respect to the Groningen seismicity is still 

minimal.  

 

This thesis focusses on the design of a steel structure regarding the Groningen seismicity. In fact, the 

corresponding project goal for the graduation project is as follows: 

“To design the steel structure of a datacentre showing the impact of different seismic strengthening 

and mitigation methods for the Groningen seismic activity.” 

 

The following methodology is used to achieve the project goal. Firstly, a literature study is conducted 

on the Groningen situation, the state-of-the-art of seismic strengthening and mitigation methods, and 

seismic calculation methods. Consequently, the steel structure of a datacentre will be designed. 

Despite the fact that the datacentre will be located in a seismic area in Groningen, the preliminary 

design is based on only gravity and wind loads.  

The structure of the datacentre is then exposed to seismic loads with respect to the Groningen 

seismicity. The structure is checked according to NEN-EN1998-1 and NPR9998. Since the preliminary 

design is based on only gravity and wind loads, the structure most likely does not meet the 

requirements of NEN-EN1998-1 and NPR9998. Hence, the structure shall be adjusted so that the 

requirements are fulfilled. Seismic strengthening and mitigation methods are applied to the structure 

and the effect on the steel structure is examined. The results are compared and elaborated in order to 

achieve the project goal.  

 

1.4 Thesis outline 
This thesis contains the work done during the graduation project. First, an introduction on the 

Groningen seismic situation is given, followed by a brief overview of the state-of-the-art of seismic 

strengthening/mitigation methods. A more elaborated study on these methods is included in Annex A.  

 

The second chapter shows the preliminary design of the datacentre. The starting points and 

assumptions are discussed. Furthermore, a 3D model in combination with 2D figures is used to clearly 

show the structural design of the datacentre. The preliminary design is further elaborated in Annex B.  

 

In order to gain insight in the dynamic behaviour of the datacentre’s design, the basic principles of 

structural dynamics are discussed in the third chapter. These principles are used to understand the 

more complex behaviour when the structure is exposed to seismic loads.  

 

The fourth chapter covers the regulations and guidelines for the seismic calculation with respect to the 

datacentre’s steel structure. Additionally, some provisions given in NEN-EN1998 and NPR9998 

regarding the real structural behaviour are discussed.  

 

The principles of structural dynamics in combination with the regulations and guidelines are used for 

the seismic calculations. The fifth chapter includes the seismic calculation of the preliminary design, 

the application of strengthening and mitigation methods to the structure and the checks according to 

the codes. This is the basis for a discussion on the effect of the strengthening and mitigation methods 

on a steel structure regarding the Groningen seismic activity.  

 

Additional information about structural dynamics in SCIA Engineer can be found in Annex C. 

Furthermore, Annex D includes the calculation of the masses, which are used for the seismic 

calculations. A calculation of a brace connection designed for seismic loads can be found in Annex E.  
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2. Preliminary design of the datacentre  
This chapter provides a summary of the design report, which is elaborated in Annex B and discusses 

the preliminary design of the datacentre. Annex B includes an overall stability calculation, 2D element 

calculations and a detail calculation.  

 

2.1 Architectural design 
This paragraph contains the requirements for the design of a 120 MW data centre. The datacentre will 

be located near the DUO building in Groningen, indicated with the circle in Figure 7. The DUO building 

is an iconic building for the city of Groningen, thus the design of the datacentre should be related to 

the design of the DUO building. This relation is made with the characteristic horizontal white lines in 

the glass façade, as shown in Figure 8. 

 

    
Figure 7. Left: location site. Right: Duo building in Groningen 

The requirements for the design of the datacentre, which should be fulfilled are listed below:  

▪ The location is Kempkensberg, Groningen, The Netherlands 

▪ The site area is 100 ∙ 100 m2 

▪ The Data Hall (DH) should have 25000m2 with a vertical clearance of 6.7m 

▪ The Electrical Building (EB) should have 25000m2 with a vertical clearance of 6.7m 

▪ The Facility Support Area (FSA) should contain 20000m2 with a vertical clearance of 4.0m 

 

 
Figure 8. North façade 
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The building has an area of 100 ∙ 100 m2 and has a height of 47.02m. This ‘simple’ square plan is chosen 

for a reduction in design time since the focus of the graduation project is on the effect of the seismic 

strengthening and mitigation methods on the steel structure.  

 

 
Figure 9. 3D horizontal section view 

The building consists of seven storeys of which the first five storeys are occupied by the DH and the EB 

and the upper two storeys are occupied by offices. These storeys can be reached by four cores, which 

include stairs and elevators. Since the cores are located with a certain offset from the façade, the 

bracing system is not part of the exterior view.  

 

 
Figure 10. 3D vertical section view 
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2.2 Structural design 
The load-bearing structure of the building is a steel structure, combined with hollow-core slabs. The 

positions of the columns are well balanced within the lay-out of the server racks. The maximum span 

lengths of the hollow core slabs and beams are 8.7 and 10.8m, respectively. This lay-out combined 

with the high variable loads, gives a high level of flexibility. The floors of the DH and the EB are 

engineered for live loads of 12 kN/m2. The floors of the FSA are designed for live loads of 6 kN/m2. 

 

   
Figure 11. Span directions and dimensions floor and beam 

The horizontal forces are transferred to steel braces in the cores by diaphragm action of the hollow 

core slabs. A reinforced concrete compression layer of 70mm is applied on top of the hollow core slabs 

to obtain the diaphragm action. This hollow core diaphragm may need to be considered as a flexible 

diaphragm. However, this project assumes that the hollow core slabs are fully rigid and therefore the 

loads due to wind/seismicity are equally distributed over the stability frames. 

 

 
Figure 12. 3D view structure with section of stability frame 

Due to the high live loads of the DH and a storey height of 7.5m, the columns are executed as jumbo 

profiles (HD-profiles). The columns at the FSA, however, are executed as HEA profiles since they have 

to resist less live load and only have a height of 4.3m. The hollow core slabs rest on HEB beams with 

steel grade S460 to reduce the beams’ cross section. In addition, the beams are executed as continuous 

beams, which also contributes to the reduction of the beam section. However, since the beams’ cross 

sections are smaller than the columns’ cross sections, the first part of the beam is welded to the 

column. Full depth stiffeners are added to the column to allow the beam to act as a continuous beam.   
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3. Structural dynamics 
This chapter covers the basic principles of structural dynamics, enabling the reader to understand the 

dynamic behaviour of more complex structures. In addition, it is of great importance to grasp the 

theory of dynamic behaviour to understand whether the results of Finite Element (FE) programs are 

reliable. Therefore, the results from theoretical models will be compared to the results of SCIA 

Engineer.  

 

3.1 Basic principles structural dynamics  
Newton’s second law states that a force F acting on a body is equal to the product of the mass m and 

the acceleration a of the body (F = ma). d’Alembert’s principle states that the resultant force F on a 

body is equal to the intertia force (Fini = -ma). With d’Alembert’s principle, dynamic problems can be 

regarded as static problems. 

 

F + Fini = 0  (3.1)    

In Figure 13 d’Alembert’s principle is applied for a certain mass, which gives 

the following equation: 

Fg + Fini = 0 mg – ma = 0  

F = force    [kg∙m/s2] 

m = mass    [kg] 

a = acceleration   [m/s2] 

g = gravitational acceleration  [m/s2] 

 

3.1.1 Single-Degree-Of-Freedom system 
Equation 3.1 is the basis needed to calculate the dynamic behaviour of structures. This dynamic 

behaviour of structures can be described by mass-spring systems. At first, a Single-Degree-Of-Freedom 

(SDOF) system is discussed. The SDOF system shown in Figure 14 is a single mass-spring system with 

the following parameters: 

m = mass [kg] 

u = displacement [m] 

k = spring stiffness [N/m] 

 

Equation 3.2 is obtained for the SDOF system according to d’Alembert’s 

principle:  

m a(t) + k u(t) = 0 (3.2) 

𝑎 =
𝑑2𝑢(𝑡)

𝑑𝑡2    

𝑚 
𝑑2𝑢(𝑡)

𝑑𝑡2 + 𝑘 𝑢(𝑡) = 0    
𝑑2𝑢(𝑡)

𝑑𝑡2 +
𝑘

𝑚
 𝑢(𝑡) = 0 

 

When 𝜔𝑛 = √
𝑘

𝑚
  

𝑑2𝑢(𝑡)

𝑑𝑡2 + 𝜔𝑛
2 𝑢(𝑡) = 0 = Differential Equation (DE)  

 

The differential equation can be solved with the following equations: 

𝑢(𝑡) = 𝐴𝑐𝑜𝑠(𝜔𝑛𝑡) + 𝐵𝑠𝑖𝑛(𝜔𝑛𝑡)         (3.3) 

 

𝑣(𝑡) = 𝑢′(𝑡) = −𝜔𝑛𝐴𝑠𝑖𝑛(𝜔𝑛𝑡) + 𝜔𝑛𝐵𝑐𝑜𝑠(𝜔𝑛𝑡)  

 

𝑎(𝑡) = 𝑢′′(𝑡) = −𝜔𝑛
2𝐴𝑐𝑜𝑠(𝜔𝑛𝑡) − 𝜔𝑛

2𝐵𝑠𝑖𝑛(𝜔𝑛𝑡)  

Figure 13. d’Alembert’s principle 

Figure 14. SDOF system 
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At t = 0  sin(ωnt) = 0 cos(ωnt) = 1   

u(0) = A   

v(0) = B ωn  B = v(0)/ωn  

𝑢(𝑡) = 𝑢(0) cos(𝜔𝑛𝑡) +
𝑣(0)

𝜔𝑛
sin (𝜔𝑛𝑡)        (3.4) 

Where:  𝜔𝑛 = √
𝑘

𝑚
 is natural circular frequency [s-1] 

  𝑓𝑛 =
𝜔𝑛

2𝜋
  is natural frequency [s-1] 

 

The natural period can be calculated with the natural frequency or the natural circular frequency. 

  𝑇𝑛 =
1

𝑓𝑛
=

2𝜋

𝜔𝑛
 is the natural period [s] 

 

3.1.2 Damped SDOF system  
The previous equations are applicable to undamped systems. However, during vibration energy is lost 

and the vibration will decrease. This is called damping. A new formula is introduced to consider 

damping: 

FD = c v(t)           (3.5) 

Where:  FD  is the damping force  

c  is the viscous damping coefficient 

v(t) is the velocity 

 

Inserting the damping force in equation (3.2) gives the following equation: 

m a(t) + c v(t) + k u(t) = 0 (3.6) 

 

𝜔𝑛 = √
𝑘

𝑚
  ccr = 2mωn   ζ =

c

𝑐𝑟
 = damping ratio  

 

𝑚 𝑢”(𝑡) + 𝑐 𝑢’(𝑡) + 𝑘 𝑢(𝑡) = 0  

𝑢”(𝑡) +
𝑐

𝑚
 𝑢’(𝑡) +

𝑘

𝑚
 𝑢(𝑡) = 0   

𝑐

𝑚
= 2 ζ𝜔𝑛   

𝑢”(𝑡) + 2 ζ𝜔𝑛 𝑢’(𝑡) + 𝜔𝑛
2 𝑢(𝑡) = 0        (3.7) 

𝜔𝐷 = 𝜔𝑛√1 − 𝜁2  

Where:  ωD is the circular frequency of the damped vibration 

 

Figure 16 shows the free vibration of an underdamped, a critically damped and an overdamped system. 

The critical damping coefficient is the smallest value that inhibits the vibration completely. However, 

buildings are categorized as underdamped systems ζ < 1 and the focus is therefore on those systems.  

 

 
Figure 16. Free vibration of underdamped, critically damped, and overdamped systems (Chopra, p.49, 2011) 

Figure 15. Damped SDOF system 



11 
 

The solution of DE 3.7 for underdamped systems is: 

𝑢(𝑡) = 𝑒−𝜁𝜔𝑛𝑡 [𝑢(0) cos(𝜔𝐷𝑡) +
𝑣(0)+𝜁𝜔𝑛𝑢(0)

𝜔𝐷
sin(𝜔𝐷𝑡)]      (3.8) 

 

3.1.3 SDOF system subjected to harmonic force  
The response of SDOF systems to harmonic forces is an important topic in structural dynamics to 

provide insight into the response of systems to external forces. The theory of forced harmonic 

vibration has several useful applications in seismic engineering (Chopra, p.65, 2011).   

 

A harmonic force p(t) is subjected to the SDOF system in Figure 17. 

p(t) = p0 sin(ωt)  

Where:  p0 is the amplitude 

  ω is the forcing circular frequency  

 

Inserting the harmonic force in equation 3.2 gives: 

m u”(t) + k u(t) = p(t) = Differential equation   (3.9) 

 

Solution DE 3.9: 

𝑢(𝑡) = 𝐴𝑐𝑜𝑠(𝜔𝑛𝑡) + 𝐵𝑠𝑖𝑛((𝜔𝑛𝑡) +
𝑝0

𝑘

1

1−(
𝜔

𝜔𝑛
)

2 sin (𝜔𝑡)  (3.10) 

 

For the displacement at t = 0, the following expression is found: 

𝑢(𝑡) = 𝑢(0) cos(𝜔𝑛𝑡) + [
𝑣(0)

𝜔𝑛
−

𝑝0

𝑘

𝜔

𝜔𝑛

1−(
𝜔

𝜔𝑛
)

2 ] 𝑠𝑖𝑛(𝜔𝑛𝑡) +
𝑝0

𝑘

1

1−(
𝜔

𝜔𝑛
)

2 sin(𝜔𝑡)   

 

 

The first part of the expression depends on the initial displacement and velocity and is therefore called 

the transient state. The second part is called the steady state since this part depends only on the 

applied force, no matter what the initial conditions are. Figure 18 shows the response of an undamped 

system subjected to a harmonic force. The transient component is the difference between the total 

response and the steady-state response.  

 

 
Figure 18. Response of undamped system to harmonic force (Chopra, p.67, 2011) 

 

Figure 17. SDOF system 
subjected to harmonic force 

Transient state Steady state 

(3.11) 
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When both displacement and velocity are equal to zero at t=0, the following expression is given: 

𝑢(𝑡) =
𝑝0

𝑘

1

1−(
𝜔

𝜔𝑛
)

2 (sin(𝜔𝑡) −
𝜔

𝜔𝑛
sin (𝜔𝑛𝑡)  

Steady state dynamic response: 𝑢(𝑡) =
𝑝0

𝑘

1

1−(
𝜔

𝜔𝑛
)

2  sin(𝜔𝑡) 

Static response:   𝑢𝑠𝑡(𝑡) =
𝑝0

𝑘
 sin(𝜔𝑡)  

The relation between static and dynamic response then is:  
𝑢(𝑡)

𝑢𝑠𝑡(𝑡)
=

1

1−(
𝜔

𝜔𝑛
)

2   

When ωn is very large related to ω, the static and dynamic behaviour are identical. 

ω/ ωn > 0 and < 1.0, dynamic displacement will increase with an increase of ω/ ωn. 

ω/ ωn = 1, resonance.  

ω/ ωn > 1 and <√2, dynamic displacement greater than static displacement.  

ω/ ωn > √2, dynamic displacement smaller than static displacement.  

When ωn is very small related to ω, the dynamic displacement will reach to 0.  

 

3.1.4 Damped SDOF system subjected to harmonic force  
When a harmonic force p(t) is applied to a damped SDOF system (see Figure 19) the DE will be: 

m u”(t) + c u’(t) + k u(t) = p(t)         (3.12) 

 

The solution of DE 3.12 is the homogenous solution (Eq. 3.8) plus the particular solution: 

 

𝑢(𝑡) = 𝑒−𝜁𝜔𝑛𝑡 [𝑢(0) cos(𝜔𝐷𝑡) + 𝑣(0) +
𝜁𝜔𝑛𝑢(0)

𝜔𝐷
sin(𝜔𝐷𝑡)] + 𝐶𝑠𝑖𝑛(𝜔𝑡) + 𝐷𝑐𝑜𝑠(𝜔𝑡)   (3.13) 

 

 

Where:  𝐶 =
𝑝0

𝑘

(1−(
𝜔

𝜔𝑛
)

2
)

[1−(
𝜔

𝜔𝑛
)

2
]

2

+[2𝜁
𝜔

𝜔𝑛
]

2
   

 

𝐷 =
𝑝0

𝑘

−2𝜁
𝜔

𝜔𝑛

[1−(
𝜔

𝜔𝑛
)

2
]

2

+[2𝜁
𝜔

𝜔𝑛
]

2
  

 

 

 
Figure 20. Response of a damped system to harmonic force (Chopra, p.73, 2011) 

Figure 19. Damped 
SDOF system subjected 
to harmonic force 

Transient state Steady state 
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As Figure 20 shows, the total response will decay over time at a rate depending on circular frequency 

ratio ω/ωn and the damping ratio ζ. After a while, only the response of the harmonic force remains, 

which is called the steady-state response.   

 

3.1.5 Response SDOF system to arbitrary force 
As mentioned in the previous paragraph, the response of SDOF systems to harmonic forces is an 

important topic in structural dynamics that provides insight into the response of systems to external 

forces. In practice, however, a harmonic force is quite exceptional. Hence, this paragraph focusses on 

a SDOF system subjected to an arbitrary force, i.e. an earthquake.  

 

An impulsive force is a large force that acts for a short time but with a time integral that is finite 

(Chopra, p.126, 2011). If a force p acts on a body of mass m, the following formula is appropriate 

regarding Newton’s second law of motion: 

 
𝑑

𝑑𝑡
(𝑚𝑢′) = 𝑝        (3.14) 

 

For a constant mass, the equation becomes: 

∫ 𝑝 𝑑𝑡 = 𝑚(𝑢′
2 − 𝑢′

1) = 𝑚 ∆𝑢′
𝑡2

𝑡1
     (3.15) 

 

 

This equation states that the magnitude of the impulse is equal to the change in momentum. Since the 

impulsive force acts for an infinite short duration and thus has no effect on the spring or damper, the 

result of Eq. 3.15 is applicable to an SDOF mass-spring-damper system.  

t = τ 𝑢′(𝜏) =
1

𝑚
  𝑢(𝜏) = 0 

 

Applying these boundaries in Eq. 3.8 for a damped SDOF system, the solution for the response after a 

unit impulse then follows from: 

ℎ(𝑡 − 𝜏) = 𝑢(𝑡) = 𝑒−𝜁𝜔𝑛(𝑡−𝜏) 1

𝑚𝜔𝐷
sin(𝜔𝐷(𝑡 − 𝜏))  for t ≥ τ     (3.16) 

 

An arbitrary force p(t) varying with time can be represented by a sequence of infinite short impulses. 

The response of the system to the impulses can be determined by the summation of all impulses up to 

that time. This response is shown in the Eq. 3.17.  

𝑢(𝑡) = ∫ 𝑝(𝜏)ℎ(𝑡 − 𝜏)𝑑𝜏
𝑡

0
          (3.17) 

 

The integral in Eq. 3.17 is the convolution integral, a general result that is applicable for all linear 

dynamic systems. Substituting Eq. 3.16 into the convolution integral leads to: 

𝑢(𝑡) =
1

𝑚𝜔𝐷
∫ 𝑝(𝜏)𝑒−𝜁𝜔𝑛(𝑡−𝜏)𝑡

0
sin(𝜔𝐷(𝑡 − 𝜏)) 𝑑𝜏       (3.18) 

 

The integral in Eq. 3.18 is called Duhamel’s integral, which is able to describe the dynamic response of 

a linear elastic system to an arbitrary force with boundary conditions u(0) = 0 and v(0) = 0. The result 

is restricted to a linear system since it is based on the principle of superposition. Duhamel’s integral 

can be solved numerically.  

 

Figure 21. Unit impulse 
(Chopra, 2011)  
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3.1.6 Seismic response of Linear Elastic SDOF systems  
Analysing the response of structures affected by earthquakes is one of the most important applications 

of the theory of structural dynamics. Therefore, the seismic response of a Linear Elastic (LE) system, 

see Figure 22, is discussed here.  

 

Earthquake excitation causes ground movement over time ug(t). The 

force in the spring is the difference between the mass displacement and 

the ground displacement. 

Fs = k (um - ug)  Spring force 

FD = c (u’m - u’g)  Damper force  

 

 

The equation of motion for this LE SDOF system is: 

m üm + c(úm – úg) + k(um – ug) = 0        (3.19) 

 

When the structure’s displacement us = um – ug, Eq. 3.19 can be written as follows: 

m üs + c ús + k us = -müg   

 

This equation is known as the general seismic equation of motion.  

 

3.2 Rayleigh’s method  
So far, the basic principles that have been discussed are based on single-degree-of-freedom systems. 

However, the structure of the datacentre is a Multiple-Degree-Of-Freedom (MDOF) system. When a 

more complex structure is affected by an earthquake, a Finite Element (FE) program can be used to 

obtain the results (e.g. eigenfrequencies, natural period, stresses). Nonetheless, the results obtained 

from a FE program should be checked according to the theory. Rayleigh’s method can be used to 

determine the eigenfrequencies and the natural period of a more complex structure. 

Rayleigh’s method is based on the principle of conservation of energy. This principle states that the 

total energy in a freely vibrating system without damping is constant.  

𝐸𝑠0 =
1

2
𝑘𝑢0

2             (3.20) 

𝐸𝑘0 =
1

2
𝑚𝜔𝑛

2𝑢0
2          (3.21) 

Maximum potential energy = maximum kinetic energy: 

1

2
𝑘𝑢0

2 =
1

2
𝑚𝜔𝑛

2𝑢0
2    -> 𝜔𝑛 = √

𝑘

𝑚
  

    This is the same result as obtained from the equation of motion.  

 
Figure 23. Simple harmonic motion of a freely vibrating system (Chopra, 2011) 

Figure 22. LE SDOF system 
affected by an earthquake 
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Rayleigh’s method does not provide any significant advantage in obtaining the natural vibration 

frequency of a mass–spring system, though it is very useful for complex systems.  

𝜔𝑛
2 =

∫ 𝐸𝐼(𝑥)[𝜓(𝑥)]2𝑑𝑥
𝐿

0

∫ 𝑚(𝑥)[𝜓(𝑥)]2𝑑𝑥
𝐿

0

   Rayleigh’s quotient      (3.22) 

 

Rayleigh’s quotient is valid for any natural vibration frequency of a MDOF system. Rayleigh’s method 

is useful for the estimation of the lowest or fundamental natural vibration frequency of a system. In 

fact, the approximate frequency obtained from an assumed shape function is never smaller than the 

exact value. The accuracy of this frequency depends on the shape function that is assumed to be the 

mode shape (Chopra, 2011). 

 

 
Figure 24. Deflections due to static forces (Chopra, p.336, 2011) 

Using the shape function as the static deflections due to a selected set of forces is functional for 

lumped-mass systems. The maximum strain energy for the example in Figure 24 can be calculated 

according to the following expressions: 

𝐸𝑠0 =
1

2
𝑔 ∑ 𝑚𝑗𝑢𝑗

𝑁
𝑗=1    

𝐸𝑘0 = ∑
1

2
𝑚𝑗ú𝑗

2𝑁
𝑗=1   új = ωn uj  

 

Equating Es0 to Ek0 and simplifying gives: 

𝜔𝑛
2 =

𝑔 ∑ 𝑚𝑗𝑢𝑗

∑ 𝑚𝑗𝑢𝑗
2             (3.23) 

This equation is used to verify the results (natural period and natural frequencies) obtained from the 

FE program.  

 

3.3 Structural dynamics in SCIA Engineer v.17 
This paragraph covers the theory behind the FE program; SCIA Engineer version 17 (v.17). SCIA offers 

the possibility to conduct seismic calculations. In fact, an Equivalent Lateral Force (ELF) method and a 

Modal Response Analysis (MRA) can be conducted with SCIA. These dynamic computations can be 

related to the equations of dynamic equilibrium. Eq. 3.24 shows the dynamic equilibrium in matrix 

from.   

M X” + C X’ + K X = F(t)          (3.24) 

Where:  M is the mass matrix 

  C is the damping matrix 

  K is the stiffness matrix 
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The methods to solve this equation are based on the modal superposition principle. It is assumed that 

the structure’s behaviour can be obtained by superposing several natural deformation modes, each 

multiplied by a weighing factor.  

The eigenmodes and eigenfrequencies are calculated according to the following equation: 

M X” + K X = 0 

 

In order to conduct a dynamic analysis in SCIA, masses need to be created. These masses can be linked 

to static loads, which are used for the static analysis. An explanation on how to calculate the 

eigenmodes and eigenfrequencies in SCIA is included in Annex C. In addition, the results obtained from 

SCIA are checked according to Rayleigh’s method. These checks are elaborated in Annex C. 

Conclusively, the natural period and eigenfrequencies calculated by SCIA slightly differ to the results 

of Rayleigh’s method since this is an approximate method. The theory that the approximate frequency 

obtained from an assumed shape function is never smaller than the exact value is met.  

 

Seismic load cases are created in order to execute a seismic calculation. Either the Equivalent Lateral 

Force (ELF) method or the Modal Response spectrum Analysis (MRA) method can be chosen. Both 

methods require the input of a response spectrum, which can be put in manually or can be loaded 

from a library in SCIA. The general equation of motion is used to illustrate the behaviour of structures 

that are exhibited to seismic loads. For MDOF systems, the general seismic equation of motion can be 

written in matrix notation as a set of coupled differential equations. 

 

M U” + C U’ + K U = -M {1} Ug”         (3.25) 

Where:  {1} is the indication of the direction of the earthquake 

 

The set of coupled equations (3.25) is reduced to a set of uncoupled differential equations by: 

U = Z Q 

Where:  Z  is a subset of the eigenvectors  

  Q is a time dependent vector  

 

M Z �̈� + C Z �̇� + K Z Q = -M {1} Üg 

ZT M Z �̈� + ZT C Z �̇� + ZT K Z Q = - ZT M {1} Üg 

�̈� + C* �̇� + Ω2 Q = - ZT M {1} Üg 

Where:  C* is a diagonal matrix containing 2ωi ζi 

  Ω2 is the quadratic natural circular frequency  

 

𝑄𝑗 = −𝑍𝑇 𝑀 {1} 
1

𝜔
∫ 𝑈𝑔(𝜏) ∙ 𝑒−𝜁𝜔(𝑇−𝜏) sin (𝜔𝑗(𝑇 − 𝜏)) 𝑑𝜏      (3.26) 

This equation is based on Duhamel’s integral, which is able to describe the dynamic response of a linear 

elastic system to an arbitrary force with boundary conditions u(0) = 0 and v(0) = 0. 

 

Maximum displacements can be obtained by substituting Eq. 3.24 into Eq. 3.26: 

𝑄𝑗,𝑚𝑎𝑥 = −𝑍𝑇 𝑀 {1} 𝑆𝑑(𝜁𝑗 , 𝜔𝑗)         (3.27) 

𝑈𝑗,𝑚𝑎𝑥 = −𝑍 𝑍𝑇 𝑀 {1} 𝑆𝑑(𝜁𝑗, 𝜔𝑗) = −𝑍 𝛹 𝑆𝑑(𝜁𝑗, 𝜔𝑗)       (3.28) 

Where:  Ψ = ZT M {1}, which is the modal participation factor.  

 

The values for Uj,max are obtained in each node. The maximum global displacement is calculated with: 

𝑈𝑚𝑎𝑥 = √∑ 𝑈𝑗,𝑚𝑎𝑥
2            (3.29) 
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SCIA supports three combination methods that are used to calculate the response R in a seismic 

analysis, of which the SRSS and CQC are the most common methods.   

- Square Root of Sum of Squares (SRSS) method: 

𝑅𝑡𝑜𝑡 = √∑ 𝑅(𝑗)
2𝑁

𝑗=1           (3.30) 

- Complete Quadratic Combination (CQC) method: 

𝑅𝑡𝑜𝑡 = √∑ ∑ 𝑅(𝑖)𝜌(𝑖,𝑗)𝑅(𝑗)
𝑁
𝑗=1

𝑁
𝑖=1          (3.31) 

Where:  𝜌𝑖,𝑗 =
8√𝜁𝑖𝜁𝑗(𝜁𝑖+𝑟𝜁𝑗)𝑟

1
2

(1−𝑟2)2+4𝜁𝑖𝜁𝑗𝑟(1+𝑟2)+4(𝜁𝑖
2+𝜁𝑗

2)𝑟2
   𝑟 =

𝜔𝑗

𝜔𝑖
  

- Max method (MAX): 

𝑅𝑡𝑜𝑡 = √𝑅(𝑗,𝑚𝑎𝑥)
2 + ∑ 𝑅(𝑗)

2𝑁
𝑗=1           (3.32) 
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4. Regulations and guidelines 
This chapter discusses the regulations and guidelines concerning the seismic design of the datacentre. 

These regulations and guidelines regard NEN-EN1998, NPR9998:2015 and NPR9998:2017. 

Additionally, some provisions given in NEN-EN1998 and NPR9998 are discussed with regard to the 

structural behaviour.   

 

4.1 Performance requirements and compliance criteria 
Structures in seismic regions shall be designed and constructed to withstand seismic actions. A 

distinction is made between Near Collapse (NC) limit state and the Damage Limitation (DL) limit state 

in which the limit states can be compared to the Ultimate Limit State (ULS) and the Serviceability Limit 

State (SLS), respectively. In the NC limit state, the structure is heavily damage, with low residual lateral 

strength and stiffness. Nevertheless, vertical elements are still capable to support vertical loads. As the 

name suggests, the structure is near collapse, but people may escape safely from the building. 

Furthermore, large permanent drifts are present. In the DL limit state, on the other hand, the structure 

is slightly damaged, with structural elements prevented from significant yielding; retaining their 

strength and stiffness. The function of the building remains intact and permanent drifts are negligible. 

DL accounts for lower seismic loads with a greater probability of occurrence. The NC limit state, on the 

contrary, accounts for higher seismic loads with a lower probability of occurrence.  

 

Additional to the limit states, the buildings are divided into classes of importance, depending on: 

- The consequences of collapse for human life; 

- Their importance of public safety and civil protection in the immediate post-earthquake 

period, and;  

- The social and economic consequences of collapse.  

These importance classes with their corresponding importance factor are shown in Table 1. 

Importance 
class 

Buildings Importance factor γI 
(recommended value) 

I Buildings of minor importance for public safety, e.g. 
agricultural buildings, etc. 

0.8 

II Ordinary buildings, not belonging in the other categories. 1.0 

III Buildings whose seismic resistance is of importance in view 
of the consequences associated with a collapse, e.g. 
schools, assembly halls, cultural institutions etc. 

 
1.2 

IV Buildings whose integrity during earthquakes is of vital 
importance for civil protection, e.g. hospitals, fire stations, 
power plants, etc. 

 
1.4 

Table 1. Importance classes and importance factors for buildings (NEN-EN1998-1, 2004) 

According to the NPR9998:2017, the importance factor depends on the Consequence Class (CC). The 

datacentre is classified in CC3: Major consequences regarding the loss of human lives, or very large 

economic consequences, social consequences or consequences for the environment.  

Consequence class Importance factor γI 

Existing buildings Renovation New buildings 

CC1a - - 0.5 

CC1b 1.0 1.0 1.1 

CC2 1.1 1.1 1.2 

CC3 and CC4 1.2 1.2 1.3 
Table 2. Importance factor for primary and secondary seismic elements (NPR9998, 2017) 
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According to Table 2, the importance factor γI = 1.3. The design ground acceleration is calculated 

according to the following expression: 

ag = γI ∙ agR           (4.1) 

ag = 1.3 ∙ 0.1 = 0.13g 

 

4.2 Ground conditions and seismic action 
The response to an earthquake depends on multiple parameters including ground conditions. The 

Eurocode and the NPR9998 represent the earthquake actions in the form of a spectrum of absolute 

acceleration (Doǧangü & Livaoǧlu, 2006). These response spectra are discussed in this paragraph.  

 

4.2.1 Response spectrum  
The location specific soil structure and the shear wave velocity must be established to determine the 

seismic load. The frequency build-up of the seismic ground accelerations and the structure’s response 

on it can be represented in either an elastic response spectrum or a design response spectrum. Figure 

25 shows a typical shape of an elastic response spectrum according to NEN-EN1998-1.  

 
Figure 25. Typical shape of the elastic response spectrum (Doǧangü & Livaoǧlu, 2006) 

The formulas to calculate the values for an elastic response spectrum according to NPR9998:2017 are 

given below:  

0 ≤ 𝑇 ≤ 𝑇𝐵  𝑆𝑒(𝑇) =  𝑎𝑔 ∙ 𝑆 ∙ [1 +
𝑇

𝑇𝐵
∙ (𝜂 ∙ 2.5 − 1)]      (4.2) 

 

𝑇𝐵 ≤ 𝑇 ≤ 𝑇𝐶  𝑆𝑒(𝑇) =  𝑎𝑔 ∙ 𝑆 ∙ 𝜂 ∙ 2.5        (4.3) 

 

𝑇𝐶 ≤ 𝑇 ≤ 𝑇𝐷  𝑆𝑒(𝑇) =  𝑎𝑔 ∙ 𝑆 ∙ 𝜂 ∙ 2.5 [
𝑇𝐶

𝑇
]        (4.4) 

 

𝑇𝐷 ≤ 𝑇 ≤ 4𝑠  𝑆𝑒(𝑇) =  𝑎𝑔 ∙ 𝑆 ∙ 𝜂 ∙ 2.5 [
𝑇𝐶𝑇𝐷

𝑇2 ]       (4.5) 

 

Where:  Se(T) elastic response spectrum [m/s2] 

T vibration period of a linear SDOF system [s] 

ag design ground acceleration on type A ground 

TB lower limit of the period of the constant spectral acceleration branch [s] 

TC upper limit of the period of the constant spectral acceleration branch [s] 

TD value defining the beginning of the constant displacement response range of 

the spectrum [s] 
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S soil factor 

η damping correction factor with a reference value of η = 1 for 5% viscous 

damping 

   𝜂 = √
10

5+𝜁
≥ 0.55       (4.6) 

 

The formulas for the design response spectrum differ from the formulas for the elastic response 

spectrum. In fact, the behaviour factor, which accounts for ductility in the structure, is implemented. 

The behaviour factor is used for design purposes to reduce the forces obtained from a linear analysis, 

in order to account for the non-linear response of a structure (associated with the material) the 

structural system, and the design procedures.  

0 ≤ 𝑇 ≤ 𝑇𝐵  𝑆𝑑(𝑇) =  𝑎𝑔 ∙ 𝑆 ∙ [1 +
𝑇

𝑇𝐵
∙ (

2.5

𝑞
) −

2

3
]       (4.7) 

 

𝑇𝐵 ≤ 𝑇 ≤ 𝑇𝐶  𝑆𝑑(𝑇) =  𝑎𝑔 ∙ 𝑆 ∙
2.5

𝑞
         (4.8) 

 

𝑇𝐶 ≤ 𝑇 ≤ 𝑇𝐷  𝑆𝑑(𝑇) =  𝑎𝑔 ∙ 𝑆 ∙
2.5

𝑞
∙ [

𝑇𝐶

𝑇
]        (4.9) 

 

𝑇𝐷 ≤ 𝑇 ≤ 4𝑠  𝑆𝑑(𝑇) =  𝑎𝑔 ∙ 𝑆 ∙
2.5

𝑞
∙ [

𝑇𝐶𝑇𝐷

𝑇2 ]       (4.10) 

Where:  Sd(T) is the design response spectrum [m/s2]  

q is the behaviour factor 

 

The horizontal components of the seismic action shall be taken as acting simultaneously. The action 

effects due to combination of the horizontal components of the seismic action may be computed using 

both of the two following combinations: 

a) EEdx “+” 0.30EEdy          (4.11) 

b) 0.30EEdx “+” EEdy          (4.12) 

When acceleration in vertical direction ag;d;vert > 2.5 m/s2, the vertical component of the seismic load 

case must be taken into account.  

 

4.2.2 Comparison response spectra NPR9998:2015 and NPR9998:2017 
The response spectra discussed in the previous paragraph are given by the NPR9998:2017. The 

response spectra used in SCIA Engineer, on the other hand, are the response spectra of the 

NPR9998:2015. Although the NPR9998:2017 has not officially been published yet, it is worthwhile to 

examine the differences between the two versions regarding the response spectra.  

The NPR9998 provides structural designers a technical basis for the design of new buildings. A 

mathematical assessment according to NPR9998 indicates whether a building is strong enough to 

withstand an earthquake. In June 2017, a new concept edition, NPR9998:2017,was published since 

more information became available regarding the following topics: 

- the intensity of the earthquake and the influence of the ground; 

- buildings’ resistance against earthquakes; 

- falling objects; and 

- calculation methods. 

 

A webtool has been made to gain insight into predicted earthquake movements at a self-chosen 

repetition time at a specific location in the Northeast Netherlands. Due to these new insights, the 

response spectra and their corresponding formulas of NPR9998:2017 differ to the NPR9998:2015. 



21 
 

Firstly, the formulas of the response spectra are compared, and the differences are discussed. The 

formulas for the elastic response spectrum are given below: 

0 ≤ 𝑇 ≤ 𝑇𝐵  𝑆𝑒(𝑇) =
𝑆𝑀𝑆

3
∙ (1 +

𝑇

𝑇𝐵
∙ (3𝜂 − 1))  [2015] 

  𝑆𝑒(𝑇) =  𝑎𝑔𝑆 ∙ [1 +
𝑇

𝑇𝐵
∙ (2.5𝜂 − 1)]  [2017] 

 

𝑇𝐵 ≤ 𝑇 ≤ 𝑇𝐶   𝑆𝑒(𝑇) = 𝑆𝑀𝑆 ∙ 𝜂    [2015] 

  𝑆𝑒(𝑇) =  𝑎𝑔𝑆 ∙ 𝜂 ∙ 2.5    [2017] 

 

𝑇𝐶 ≤ 𝑇   𝑆𝑒(𝑇) =
𝑆𝑀1

𝑇2 ∙ 𝜂     [2015] 

  𝑆𝑒(𝑇) =  𝑎𝑔𝑆 ∙ 𝜂 ∙ 2.5 [
𝑇𝐶

𝑇
]   [2017] 

 

𝑇𝐷 ≤ 𝑇 ≤ 4𝑠  𝑆𝑒(𝑇) =  𝑎𝑔𝑆 ∙ 𝜂 ∙ 2.5 [
𝑇𝐶𝑇𝐷

𝑇2 ]   [2017] 

 

As can be seen in the formulas above, the notation for the peak ground acceleration at ground level is 

different. In addition, the NPR9998:2015 distinguishes spectral accelerations for the short, SMS, and 

long, SM1, vibration period, while NPR9998:2017 provides just one peak ground acceleration at ground 

level including a soil factor, agS. Furthermore, NPR9998:2015 determines the acceleration at ground 

level with multiple formulas but based on the same type of factors (consequence class and soil factor): 

SMS = Fa ∙ SS  

SS = 2.2 ∙ ag,ref ∙ kag 

Fa = - 0.50 ∙ ln(ag,ref ∙ kag) + 0.65 

Where:  kag  is dimensionless factor depending on the consequence class. 

Whilst NPR9998:2015 contains three formulas, the NPR9998:2017 considers an extra expression for 

the longer period, TD. This value defines the beginning of the constant displacement response 

spectrum. The differences between the two response spectra are illustrated in Figure 26. 

 

 
Figure 26. Comparison elastic response spectrum NPR9998:2015 with NPR9998:2017 

What can be obtained from the two elastic response spectra is that the accelerations provided by 

NPR9998:2015 are significantly higher, especially for structures with short vibration periods (T < 1). 

Moreover, the ‘plateau’ of the maximum peak ground acceleration is larger for the NPR9998:2015. For 

structures with long vibration periods (T>2), the acceleration provided by both versions of the 
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NPR9998 are almost identical. In conclusion, NPR9998:2015 uses a more conservative values for the 

spectral acceleration than the NPR9998:2017. Hence, it is a safe assumption to use the NPR9998:2015, 

which is implemented in SCIA.  

 

4.2.3 Combinations of seismic action with other actions  
The seismic actions obtained from the response spectrum should be combined with the other actions 

such as permanent vertical loads. The design value of the effects of actions in the seismic design 

situation will be determined in accordance with EN 1990:2002, 6.4.3.4. 

∑ 𝐺𝑘,𝑗" + "𝑃" + "𝑗≥1 𝐴𝐸𝑑" + " ∑ 𝛹2,𝑖𝑄𝑘,𝑖𝑖≥1         (4.13) 

Where:  Gk,j is the characteristic value of the own weight of the structure  

  P is the permanent load 

AEd is the design seismic load 

Ψ2,I is the factor associated with quasi-permanent variable loads  

  Qk,I is the characteristic value of the variable load  

 

The inertial effects of the design seismic action will be evaluated by taking into account the presence 

of the masses associated with all gravity loads appearing in the following combination of actions: 

∑ 𝐺𝑘,𝑗" + " ∑ 𝛹𝐸,𝑖 ∙ 𝑄𝑘,𝑖          (4.14) 

Where:  ΨE,i is the combination coefficient for variable action i 

ΨE,i = ϕ ∙ Ψ2,i         (4.15) 

Type of variable action Storey ϕ 

Categories A-C* Roof 

Other storeys  

1.0 

0.6 

Categories D-F*  1.0 
Table 3. Values of ϕ for calculating Ψ2i (NPR9998, 2017) 

4.3 Specific rules for steel buildings 
In addition to the performance requirements and compliance criteria and the ground conditions and 

seismic actions, NEN-EN1998-1 and NPR9998 provide specific rules for steel buildings. Since the 

datacentre’s structure consists for the most part of steel, some of these specific rules will be discussed 

in this paragraph. Firstly, factors related to the behaviour and the material of the structure will be 

given. Secondly, specific design and detailing rules for CBFs will be discussed.  

 

4.3.1 Behaviour and material factors for steel structures 
The upper bound of the q-value (behaviour factor) for low dissipative structures is 1.5. In CBFs, the 

dissipative zones should be mainly located in the tensile diagonals according to Eurocode 8. Table 4 

shows the upper limit of reference values of the behaviour factor for systems that are regular in 

elevation, provided that the following rules are met: 

1) structures with dissipative zones shall be designed such that yielding or local buckling or other 

phenomena due to hysteretic behaviour do not affect the overall stability of the structure; 

2) dissipative zones shall have adequate ductility and resistance. The resistance shall be verified 

in accordance with NEN-EN1993; 

3) dissipative zones may be located in the structural members or in the connections; 

4) if dissipative zones are located in the structural members, the non-dissipative parts and the 

connections of the dissipative parts to the rest of the structure shall have sufficient 

overstrength to allow the development of cyclic yielding in the dissipative parts; 

5) when dissipative zones are located in the connections, the adjacent members shall have 

sufficient overstrength to allow the development of cyclic yielding in the connections. 
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Structural type  Ductility Class 

DCM DCH 

a) Moment resisting frames 4 5αu/α1 

b) Frames with concentric bracings 
     Diagonal bracings 
     V-bracings  

 
4 
2 

 
4 

2.5 

c) Frames with eccentric bracings  4 5αu/α1 
Table 4. Upper limit of reference values of behaviour factors for system regular in elevation (NEN-EN1998-1, 2004) 

For buildings that are non-regular in elevation the upper limit values of q listed in Table 4 should be 

reduced with 20%. Furthermore, to account for possible strength degradation due to cyclic 

deformations, the partial factor for steel is γM = 1.00. To account for the overstrength of the material, 

the overstrength factor γov = 1.25.  

 

For tension members or parts of members in tension, the ductility requirement of EN 1993-1-1:2004, 

6.2.3(3) should be met: 

Npl,Rd < Nu,Rd  

𝑁𝑝𝑙.𝑅𝑑 =
𝐴 𝑓𝑦

𝛾𝑀0
           (4.16) 

𝑁𝑢.𝑅𝑑 =
0.9 𝐴𝑛𝑒𝑡 𝑓𝑦

𝛾𝑀2
          (4.17) 

 
Figure 27. Frames with concentric diagonal bracings (dissipative zones in tension diagonals only) (NEN-EN1998-1, 2004) 

 

4.3.2 Design and detailing rules for Concentrically Braced Frames  
CBFs shall be designed so that yielding of the diagonals in tension will take place before failure of the 

connections and before yielding or buckling of the beams or columns. The design philosophy of NEN-

EN1998-1 is based on early buckling of the compression diagonals, and their low post-buckling strength 

and stiffness, so that only the tension diagonals are considered in the structural analysis. However, 

these assumptions are based on the design of buildings in high-seismicity context (Kanyilmaz, 2017). 

Groningen, on the contrary, is a low seismic region and therefore this design philosophy is discussed 

here.  

 

Diagonal elements of bracings shall be placed in such a way that the structure exhibits similar load 

deflection characteristics at each storey in opposite senses of the same braced direction under load 

reversals. To this end, the following rule should be met at every storey: 

 
|𝐴+−𝐴−|

𝐴++𝐴− ≤ 0.05            (4.18) 

Where: A+ and A- are the areas of the horizontal projections of the cross-sections of the tension 

diagonals, when the horizontal seismic actions have a positive or negative direction 

respectively. 
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Figure 28. Application of formula (4.18) (NEN-EN1998-1, 2004) 

Under gravity load conditions, only beams and columns shall be considered to resist such loads, 

without taking into account the bracing members. In frames with diagonal bracings, only the tension 

diagonals shall be taken into account. However, considering both tension and compression diagonals 

is allowed if the following conditions are satisfied: 

- a non-linear static (pushover) global analysis or non-linear time history analysis is executed; 

- both pre-buckling and post-buckling situations are taken into account in the modelling of the 

behaviour of diagonals; and 

- background information justifying the model used to represent the behaviour of diagonals is 

provided.  

 

In addition to the provisions for similar load deflection characteristics, requirements are set regarding 

the slenderness for the dissipative members in Eurocode 8. In particular, in X-diagonal braced frames, 

the non-dimensional slenderness should be limited to 1.3 < �̅� ≤ 2.0. The lower bound is defined to 

avoid overloading of columns in the prebuckling stage. The upper bound, on the other hand, is defined 

to avoid a shock effect due to an abrupt decrease of strength and stiffness of the diagonal. 

Furthermore, the yield resistance Npl,Rd of the gross cross-section of the diagonals should be such that 

Npl,Rd ≥ NEd. In order to provide a homogeneous dissipative behaviour of the diagonals, it should be 

checked that the maximum overstrength Ωmax does not differ from the minimum value Ωmin by more 

than 25%. This requirement allows for a global yielding mechanism and to avoid soft-storeys. 

 

These requirements, however, are based on an idealised approach where the compression diagonals 

will buckle early and have low post-buckling strength and stiffness. This approach seems to be reliable 

for steel profiles that have very low buckling resistance, but unreliable for steel profiles with a relatively 

high buckling resistance, e.g. hollow core sections. Particularly, in low seismic regions, it is not 

confirmed that the diagonals in compression will buckle early. Therefore, it seems to be more logical 

to consider both the tension and compression diagonals.  

Several design codes such as US provisions (AISC341) use a compression-based approach where the 

design base shear is equal to the sum of the buckling strength of the compression diagonals and the 

force developed at the tension diagonals at the attainment of buckling strength (Kanyilmaz, 2017). 

Figure 29 shows a comparison of the overstrength in the tension design and the compression design, 

where the overstrength is represented as the ratio of the actual base shear Vy and the design base 

shear Vd. Equations 4.19 and 4.20 are used to determine the base shear in the tension design and the 

compression design, respectively.  
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𝑉𝑦

𝑉𝑑
=

𝑁𝑝𝑙+𝑁𝑏

𝑁𝑝𝑙
            (4.19) 

 
𝑉𝑦

𝑉𝑑
=

𝑁𝑝𝑙+𝑁𝑏

2𝑁𝑏
            (4.20) 

 

What can be obtained from Figure 29 is that between the Eurocode’s slenderness limits (1.3 < �̅� ≤ 2.0), 

the actual overstrength of the braced frame is underestimated by the tension design philosophy. Since 

the overstrength affects the forces imposed on frame and foundation elements, it is useful to consider 

the overstrength in a more realistic way.  

 

 
Figure 29. Overstrength arising from tension and compression design (Ansal, 2015)  

In addition to the requirements for the diagonals, beams and columns with axial forces should fulfil 

the following minimum resistance requirement: 

Npl,Rd (MEd) ≥ NEd,G +1.1 γov Ω NEd,E        (4.21) 

Where: Npl,Rd (MEd) is the design buckling resistance of the beam or the column in accordance with 

EN 1993, taking into account the interaction of the buckling resistance with the 

bending moment MEd, defined as its design value in the seismic design 

situation; 

NEd,G is the axial force in the beam or in the column due to the non-seismic actions 

included in the combination of actions for the seismic design situation; 

NEd,E  is the axial force in the beam or in the column due to the design seismic action; 

γov is the overstrength factor; and 

Ω is the minimum value of Ωi = Npl,Rd,i/NEd,i over all the diagonals of the braced 

frame system. 

Where:  Npl,Rd, is the design resistance of diagonal i; 

NEd,I is the design value of the axial force in the same diagonal 

i in the seismic design situation. 

 

The connections of the diagonals to any member should satisfy the following design rule: 

Rd ≥ 1.1 γov Rfy           (4.22) 

Where:  Rd is the resistance of the connection 

  Rfy is the plastic resistance of the connected dissipative member 

  γov is the overstrength factor 



26 
 

4.4 Base isolation  
This paragraph covers the design of seismically isolated structures according to NEN-EN1998-1 and 

NPR9998. The isolation system, located below the main mass of the structure, aims at reducing the 

seismic response of the lateral-force.  This reduction may be obtained by: 

- increasing the structure’s fundamental period; 

- modifying the shape of the fundamental mode; 

- increasing the damping; or 

- a combination of these effects.  

 

Eurocode 8 does not cover passive energy dissipation systems that are not arranged on a single 

interface but are distributed over several storeys or levels of the structure. In particular, the devices 

considered in chapter 10 of NEN-EN1998-1 consist of laminated elastomeric bearings, elasto-plastic 

devices, viscous or friction dampers, pendulums, and other devices of which the behaviour conforms 

to the reduction methods mentioned above. A fundamental requirement for these isolating devices is 

an increased reliability, which is obtained by applying a magnification factor γx on seismic 

displacements of each isolating unit. The recommended value for buildings of γx is 1.2. 

In addition to the increased reliability, the resistance condition of the structural elements of the 

superstructure of a building may be satisfied by taking into account seismic action effects divided by a 

behaviour factor not greater than 1.5. 

 

The seismic action for base isolated structures should be considered differently. In fact, the horizontal 

and the vertical components of the seismic action shall be assumed to act simultaneously. Each 

component of seismic action is defined in terms of the elastic spectrum. However, site-specific spectra 

near source effects should be taken into account in buildings of importance class IV, if the building is 

located at a distance less than 15 km from the nearest potentially active fault with a magnitude Ms ≥ 

6.5. However, the normal elastic response spectrum is used for the analysis of the datacentre’s 

structure since the Groningen earthquakes are of Ms< 6.5.  

The following combinations are used for the computation of the seismic action effect: 

a) EEdx “+” 0.30EEdy “+” 0.30EEdz        (4.23) 

b) 0.30EEdx “+” EEdy “+” 0.30EEdz        (4.24) 

c) 0.30EEdx “+” 0.30EEdy “+” EEdz        (4.25) 

 

The dynamic response of the structural system to the seismic actions shall be analysed in terms of 

accelerations, inertia forces and displacements. Modelling of the isolation system should reflect with 

sufficient accuracy of the spatial distribution of the isolator units, so that the translation in both 

horizontal directions, the corresponding overturning effects and the rotation around the vertical axis 

are adequately accounted for.  

 

An isolation system may be modelled with equivalent linear visco-elastic behaviour or with bilinear 

hysteretic behaviour. The behaviour of the isolation system may be considered as being equivalent to 

linear if all the following conditions are met: 

a) The effective stiffness of the isolation system is not less than 50% of the effective stiffness at 

a displacement of 0.2ddc; 

b) The effective damping ratio of the isolation system does not exceed 30%; 

c) The force-displacement characteristics of the isolation system do not vary by more than 10% 

due to the rate of loading or due to the vertical loads; and 

d) The increase of the restoring force in the isolation system for displacements between 0.5ddc 

and ddc is not less than 2.5% of the total gravity load above the isolation system. 
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The effective stiffness of each isolator must be used if an equivalent linear model is used. The effective 

stiffness is the sum of all effective stiffnesses of the isolators. The energy dissipation of the system 

should be expressed in terms of an equivalent viscous damping. In addition, if the behaviour of the 

isolation system is considered as equivalent linear and the seismic action is defined through the elastic 

spectrum, a damping correction should be performed in accordance with: 

𝜂 = √
10

5+𝜁
≥ 0.55  

 

A simplified linear analysis may be conducted when all of the following conditions are met: 

- The distance from the site to the nearest potentially active fault with a magnitude Ms ≥ 6.5 is 

greater than 15 km; 

- The largest dimension of the superstructure in plan in not greater than 50m; 

- The substructure is sufficiently rigid to minimise the effects of differential displacements of 

the ground; 

- All devices are located above elements of the substructure, which support vertical loads; and 

- The effective period Teff satisfies the following condition:  

3Tf ≤ Teff ≤ 3s 

Where:  Tf is the fundamental period of the superstructure assuming a fixed base. 

 

These conditions, however, are not all met and therefore the simplified linear analysis may not be 

used. When the behaviour of the devices may be considered as equivalent linear but any of the 

conditions is not met, a modal response analysis may be performed.  
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5. Seismic Calculation  
This chapter covers the seismic calculations of the steel structure of the datacentre. The structure is 

checked according to NEN-EN1998-1, NPR9998:2017 and NPR9998:2015.  

 

5.1 Description of the building  
The investigated building is a multi-storey steel structure of a datacentre, located in Groningen. The 

building has seven storeys above ground level of which five storeys are occupied by the Data Hall (DH) 

and the Electrical Building (EB) (live load = 12.0 kN/m2) and the upper two storeys are occupied by 

Facility Support Area (FSA) (live load = 5.00 kN/m2). The total height of the building above ground level 

is 47.02m. The storey height of the DH and EB is 7.5m and the storey height of the FSA is 4.6m.  

The structural system consists of a steel frame structure combined with hollow-core slabs. The 

maximum span length of the hollow core slabs and the beams is 8.7m and 10.8m, respectively. The 

structure is stabilized by concentric braced frames incorporated in four cores.  

 

5.2 Structural model 
SCIA Engineer is used to create a structural model of the datacentre. Figure 30 distinguishes the data 

hall (blue), the facility support area (brown) and the stability cores (red). Assumptions are made so 

that the structural model will correspond as well as possible to the real structure. This paragraph 

discusses these assumptions. 

 
Figure 30. SCIA model 

The structure is modelled from ground level and the foundation is left out of consideration. The 

columns are supported with hinged supports, which are rigid in X-, Y- and Z-direction and can freely 

rotate.  



29 
 

The column-to-column connections are also hinged connections. The beam-to-column connection, 

however, is a rigid connection. In fact, the first part of the beam is welded to the column and a beam 

splice is located at the M=0 point. These connections ensure a continuous beam, which contributes to 

an economically advantageous design. Hence, the beams are modelled as continuous beams. 

Furthermore, due to the welded beam to column connection, moment capacity is created in this 

connection. However, the assumption is made to design the column to beam connections as hinged 

connections and thus neglecting the moment capacity. This assumption ensures a less stiff structure, 

which leads to larger deformations but smaller stresses.   

The hollow core slabs with a reinforced compression layer of 70mm are assumed to be fully rigid. In 

fact, full diaphragm action of the floor is assumed, which causes equally distributed horizontally loads 

over the stability frames. Although hollow core slabs can be inputted in SCIA, these are modelled in a 

different way for a reduction in computation time. The vertical loads are schematized with load panels, 

which carry the load to the assigned beams. The diaphragm action is modelled with horizontal X-braces 

with the following customized properties:  

▪ X-bracing of steel profiles SHS200/100/10 

▪ A = 7.49 ∙ 10-3 m2  

▪ Iy = Iz = 4.47 ∙ 10-5 m4  

▪ ρ = 0 kg/m3 

 

The braces that ensure horizontal stability of the floor have no weight in the model since the density 

is set on 0. Moreover, the stiffness is increased with a factor 10 to ensure full rigid behaviour.  

 

The diagonals of the stability frame are modelled to resist tension forces only. In order 

to enable the function ‘tension only’, the non-linear function in SCIA should be 

activated. Moreover, a non-linear calculation should be executed to use this function. 

However, eigenmodes and eigenfrequencies are obtained from a linear calculation. 

Hence, only the diagonals in tension should be considered and therefore only the 

diagonals in tension are modelled, as shown in Figure 32. This assumption allows the 

execution of linear calculations for both the eigenmodes and seismic response (i.e. 

deformations and stresses).   

 

The façade is connected to the floors and thus the 

wind acting on the façade is transferred via the floors 

to the stability braces. The floor, however, is modelled 

as steel braces with vertical load panels on it. When a 

horizontal line load or surface load (on a load panel) 

would transfer the load to the beam, bending 

moments will occur in the beams. To prevent this 

faulty mechanism, the wind load is modelled as point 

loads on the end of the beams, which will transfer the 

loads to the stability cores. Figure 33 shows the 

location of the point loads, the horizontal braces for 

stability of the floor are hid in this figure.  

 

 

  

Figure 31. Diaphragm action floor 

Figure 33. Schematization wind load 

Figure 32. Diagonals in Y-direction 
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5.3 Dynamic behaviour datacentre  
Now that the assumptions of the structural model have been discussed, the dynamic behaviour of the 

structure will be analysed. In particular, the mass and the natural period are discussed.   

 

5.3.1 Masses  
The masses of the structure are determined per storey and expressed in kN. A distinction is made in 

permanent loads and variable loads, since the variable loads may be reduced according to formula 

4.14. The masses are determined according to Annex D, and the results are shown in Table 5. The 

permanent load includes the weight of floors, beams and columns.  

 

The permanent and variable loads are calculated according to the following expression: 

∑ 𝐺𝑘,𝑗" + ∑ 𝛹𝐸,𝑖 ∙ 𝑄𝑘,𝑖           (4.14) 

Roof: ΨE,i = 0 

FSA: ΨE,i = 0.6 ∙ 0.3 = 0.18 

DH: ΨE,i = 1.0 ∙ 0.8 = 0.8 

 

Function Level Permanent load [kN] 
Gk,i 

Variable load [kN] 
Qk,i 

Total [kN] 
Gk,i + Qk,i 

Total [kN] 
Gk,i + Qk,i ∙ ΨE,i 

Roof 7 64440 10000 74440 64440 

FSA 6 81983 60000 141983 92783 

FSA 5 84503 60000 144503 95303 

DH 4 90990 120000 210990 187333 

DH 3 92116 120000 212116 188116 

DH 2 93478 120000 213478 189478 

DH 1 94357 120000 214357 190357 
Table 5. Masses per storey 

5.3.2 Natural period  
The masses are used to determine the natural period Tn of the structure. The natural period is 

calculated with SCIA Engineer. Rayleigh’s method is also applied on the stability frame to check the 

result of SCIA. As can be seen in Figure 34, the natural period is calculated considering only the tension 

diagonals. This schematization is made according to the seismic design philosophy of NEN-EN1998-1 

where the compression diagonals will buckle early. This assumption leads to an underestimation of the 

strength and stiffness at the pre-buckling stage, and thus a longer natural period. 

 

Method f [Hz] ω [s-1] ω2 [s-2] Tn [s] 

SCIA 0.17 1.09 1.19 5.77 

Rayleigh  0.19 1.17 1.37 5.37 
Table 6. Natural period Tn 

f is the natural frequency [Hz] 

ω is the natural circular frequency [s-1] 

Tn is the natural period [s] 

 

𝜔𝑛
2 =

𝑔 ∑ 𝑚𝑗𝑢𝑗

∑ 𝑚𝑗𝑢𝑗
2 = 1.37 s-2   

 𝜔𝑛 = √𝜔𝑛
2 = √1.37 = 1.17 s-1 

 

Tn = 2π/ωn = 5.37 s   Figure 34.  Deformations Rayleigh's method 
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The difference between the natural periods calculated with SCIA and Rayleigh’s method might be due 

to 3D effects, which are only considered in the SCIA model. However, the approximate value of the 

eigenfrequency is not smaller than the exact value and does not violate Rayleigh’s theory.  

 

Both the tension-only approach and tension-and-compression 

approach are examined to indicate the differences in 

fundamental periods, base shear, and deformations. As Figure 35 

shows, the deformations of the X-frame calculated according to 

Rayleigh’s method are reduced by a factor 2 approximately 

compared to the tension-only frame of Figure 34.  

 

Frame Method Tn [s] Base shear [kN] Deformations 
[mm] Fx Fy 

/ SCIA 5.77 9331 8659 240 

/ Rayleigh  5.37 - - - 

X SCIA 4.07 16134 15110 200 

X Rayleigh  3.95 - - - 
Table 7. Comparison /-braced frame and X-braced frame 

 

The X-braced frame is stiffer and therefore higher forces are attracted to the frame. This can be 

obtained from the base shear forces, which are almost a factor 2 greater for the X-braced frame. 

However, the higher forces are divided over twice as many diagonals. Hence, the stresses in the 

diagonals will slightly differ compared to the tension-only frame. 

Due to the fact that the diagonals are executed as RHS profiles, they have a relatively high buckling 

resistance and thus their prebuckling behaviour should be considered. In addition, Groningen is a low 

seismic region, while the tension-only approach is based on the design of buildings in high-seismicity 

context. Furthermore, the gusset plate connections should be designed with overstrength to ensure 

the energy dissipation occurs in the braces. Experimental and analytical research has shown that this 

conservative design results in significant lateral resistance after brace fracture due to moment frame 

behaviour (Cochran, 2003). Therefore, these facts ensure stiffer behaviour of the structure than is 

assumed by the design philosophy in Eurocode 8.  

In order to check the influence of the diagonals in compression, the maximal diagonal forces are 

obtained from SCIA Engineer. Table 8 shows that the seismic load in the diagonals exceeds the buckling 

force, which means that the diagonals might buckle. However, in some diagonals almost 50% of the 

diagonal force is needed to let the diagonal buckle. Therefore, the assumption of early buckling of the 

compression diagonals seems illogical here. To address this undesired behaviour, an initial eccentricity 

can be added to the diagonals so that the diagonals are forced to buckle.  

 

Level Diagonal Force 
FEd,D [kN] 

Buckling Force 
Nb,Rd [kN] 

Ratio  
Nb,Rd /FEd,D 

7 340 30 0.09 

6 559 137 0.25 

5 753 137 0.18 

4 1077 383 0.36 

3 1200 383 0.32 

2 1360 669 0.49 

1 1899 840 0.44 
Table 8. Diagonal forces X-frame 

Figure 35. Deformations Rayleigh's method X-frame 
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In conclusion, the structure will behave stiffer than assumed in the tension-only approach. Hence, the 

natural period will be shorter, the accelerations and the base shear force will be greater. Furthermore, 

the non-structural elements are exposed to greater accelerations. Since the base shear force is greater, 

connections to the foundation (i.e. anchor bolts) should be designed considering the greater base 

shear force. In contrast, the rest of the structure is checked according to the NC and DL limit state 

requirements considering the tension-only approach.  

 

5.4 Seismic actions 
This paragraph contains the seismic calculation of the datacentre’s structure. Firstly, the starting points 

for the seismic calculation are given and the behaviour factor is discussed more in-depth. Thereafter, 

a modal response spectrum analysis is executed, and the structure is checked according to NEN-

EN1998-1 and NPR9998. 

 

5.4.1 Starting points seismic calculation 
The starting points for the seismic calculation of the datacentre’s structure are as follows: 

Limit states:   Near Collapse (NC) 

Damage Limitation (DL) 

Consequence class:  CC3 

Importance factor:  γI = 1.3 

Material overstrength factor: γov = 1.25 

Seismic zone:   agR= 0.1g 

Damping ratio:   ζ = 0.05 (5%) 

Ground acceleration:  ag = 1.3 ∙ 0.1 = 0.13g= 1.275 m/s2 

Behaviour factor:  q = 1.5 

 

The structure is checked according to two limit states: Near Collapse (NC) and Damage Limitation (DL), 

which can be compared to the Ultimate Limit State (ULS) and the Serviceability Limit State (SLS), 

respectively.  

As can be seen in the starting points, the behaviour factor is set at 1.5. However, this requires some 

explanation since the upper limit value of the behaviour factor for diagonal CBFs is 4, referring to 

Ductility Class Medium (DCM). If the building is non-regular in elevation this upper limit value should 

be reduced by 20%. However, the structure must fulfil some requirements to be classified as DCM. For 

example, the distribution of material properties, such as yield strength and toughness, in the structure 

will be such that dissipative zones form where they are intended to in the design. This leads to the use 

of steels of grade S355 for non-dissipative members and non-dissipative connections and to the use of 

steels of grade S235 for dissipative members or connections (NEN-EN1998-1, p. 139, 2004). In addition, 

the connections of the diagonals to any member should satisfy the following design rule: 

Rd ≥ 1.1 γov Rfy  

 

This requirement accounts for a certain overstrength in the connection of the diagonals. However, the 

connections, designed for wind load, do not have this overstrength. This is due to the fact that the 

diagonals are designed with an overcapacity to reduce the deformations, while the connections do not 

have this overcapacity. Therefore, the structure is classified as Ductility Class Low (DCL) with a 

behaviour factor of 1.5.  
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5.4.2 Load cases and load combinations 
For the seismic calculation four new load cases are created, which are based on response spectra.  

 

Seismic X  Seismic load case in X-direction according to the parameters shown in Figure 37. 

Seismic Y  Seismic load case in Y-direction according to the parameters shown in Figure 37. 

Accidental X  Taking into account the accidental eccentricities in X-direction (torsional effects). 

Accidental Y  Taking into account the accidental eccentricities in Y-direction (torsional effects). 

 

A response spectrum depends on the limit state, and therefore three different spectra are plotted in 

Figure 36.  The elastic response spectrum, indicated with squares, is based on the NC limit state. The 

NC limit case is reduced by the behaviour factor q and is plotted as the design response spectrum, 

indicated by the triangles. As mentioned in the previous paragraph, the DL response spectrum 

accounts for lower accelerations (seismic loads) with a greater probability of occurrence. As can be 

seen in the graph, the response spectrum for the DL limit state is almost identical to the design 

response spectrum. Conclusively, the structure’s resistance can be checked considering only the design 

response spectrum, since the DL response spectra is almost identical.  

 

 
Figure 36. Response spectra according to NPR9998:2015 

 

Figure 38 shows the design response spectrum provided by SCIA, corresponding with the code 

parameters of both load cases seismic X and seismic Y. The values shown in this figure corresponds 

with the values of the design spectrum from Figure 36.  
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Figure 37. Parameters seismic load cases 

A new load combination is created, inserting the seismic load cases. Horizontal components of the 

seismic action will be taken as acting simultaneously. The action effects due to combination of the 

horizontal components of the seismic action may be computed using both of the two following 

combinations: 

a) EEdx “+” 0.30EEdy 

b) 0.30EEdx “+” EEdy 

 

When ag;d;vert > 2.5 m/s2 the vertical component of the seismic load case must be taken into account. 

The vertical acceleration, however, is smaller than 2.5 m/s2 and therefore it is not taken into 

consideration.  

 

The following load combinations are created: 

EN-Seismic1: 1.00 Gk + 1.00 P + 0.80QDH + 0.18QFSA + 1.00 Seismic X + 0.30 Seismic Y + 1.00 Accidental 

X + 0.30 Accidental Y 

EN-Seismic2: 1.00 Gk + 1.00 P + 0.80QDH + 0.18QFSA + 0.30 Seismic X + 1.00 Seismic Y + 0.30 Accidental 

X + 1.00 Accidental Y 

 

5.4.3 Modal Response Spectrum Analysis  
The Modal Response Spectrum Analysis (MRSA) method shall be applied to buildings, which do not 

satisfy the conditions given for the Equivalent Lateral Force (ELF) method. In order to use the MRSA 

method, the following two requirements have to be met: 

1. The sum of the effective modal masses for the modes taken into account is at least 90% of the 

total mass of the structure; 

2. All modes with effective modal masses greater than 5% of the total mass are taken into 

account. 

 

The first 8 eigenmodes of the structure must be considered to reach the 90% effective modal mass. 

Figure 39 shows the eigenmodes for one stability frame to reduce computation time and to give a clear 

picture of the mode shapes. Since the floor is assumed to be fully rigid, the whole structure moves in 

the same direction and therefore one stability frame represents the entire structure.  

Figure 38. Design response spectrum 
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N f  [Hz] ω  [s-1] ω2  [s-2] Tn  [s] 

1 0.17 1.09 1.19 5.77 

2 0.19 1.17 1.36 5.39 

3 0.24 1.51 2.27 4.17 

4 0.40 2.54 6.47 2.47 

5 0.42 2.64 6.99 2.38 

6 0.56 3.50 12.26 1.79 

7 0.65 4.06 16.5 1.55 

8 0.68 4.25 18.03 1.48 
Table 9. First 8 eigenfrequencies 

 
Figure 39. First 8 Eigenmodes 

 

N ω  [s-1] Tn  [s] Wxi/Wxtot Wyi/Wytot Wzi_R/Wztot_R 

1 1.09 5.77 0.000147 0.760669 3.8102e-06 

2 1.17 5.39 0.075976 0.000149 0.005301 

3 1.51 4.17 0.005065 4.9257e-08 0.752601 

4 2.54 2.47 4.1863e-05 0.135119 0.000000 

5 2.64 2.38 0.136886 4.4853e-05 0.000369 

6 3.5 1.79 0.000193 9.7180e-07 0.135635 

7 4.06 1.55 1.0237e-05 0.618337 4.92567-06 

8 4.25 1.48 0.0620054 1.0493e-05 1.6435e-05 

Total 0.955324 0.957827 0.893932 
Table 10. Relative modal masses per direction  

f is the natural frequency [Hz] 

ω is the natural circular frequency [s-1] 

Tn is the natural period [s] 

Wxi/Wxtot and Wyi/Wytot are 

the translational modal 

participation factors in x- and 

y-direction, respectively. 

 

Wzi,R/Wztot,R is the rotational 

modal participation factor 

around the z-axis. 
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Modes 1, 4 and 7 correspond with the translational modes in Y-direction, which explains the relatively 

high percentages of the effective modal masses in Y-direction. The same explanation applies to modes 

2, 5 and 8 in X-direction and mode 3 and 4 for torsion around the Z-axis. 

 

The response in two vibration modes i and j may be considered independently, if their periods Ti and 

Tj satisfy the following condition: 

Tj ≤ 0.9 Ti           (5.1) 

0.9 ∙ 5.77 = 5.19 5.39 > 5.19 Not satisfied.  

Hence, a more accurate procedure for the combination of modal maxima is used: Complete Quadratic 

Combination (CQC) method: 

𝑅𝑡𝑜𝑡 = √∑ ∑ 𝑅(𝑖)𝜌(𝑖,𝑗)𝑅(𝑗)
𝑁
𝑗=1

𝑁
𝑖=1           (5.2) 

Where:  R(i) is the response of mode i 

 R(j) is the response of mode j 

 ρi,j is the modal cross correlation coefficient  

𝜌𝑖,𝑗 =
8√𝜁𝑖𝜁𝑗(𝜁𝑖+𝑟𝜁𝑗)𝑟

1
2

(1−𝑟2)2+4𝜁𝑖𝜁𝑗𝑟(1+𝑟2)+4(𝜁𝑖
2+𝜁𝑗

2)𝑟2
   𝑟 =

𝜔𝑗

𝜔𝑖
     (5.3) 

ζi is the damping ratio for mode i 

ωi is the natural circular frequency for mode i  

 

Whenever a spatial model is used for the analysis, the accidental torsional effects may be determined 

as the envelope of the effects resulting from the application of static loadings, consisting of sets of 

torsional moments Mai about the vertical axis of each storey i: 

Mai = eai ∙ Fi           (5.4) 

Where:  eai  is the accidental eccentricity of storey mass i  

  Fi is the horizontal force acting on storey i 

These accidental torsional effects are taken into account in the load combinations shown in the 

previous paragraph.  

 

5.4.4 Results  
This paragraph discusses the results obtained from the SCIA model. Simple hand calculations are used 

to check whether the results are reliable. One stability frame in x-direction and one stability frame in 

y-direction are used to represent the seismic behaviour of the total structure.  

 
Figure 40. SCIA model – representative stability cores  
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Base shear force 

A quick check of the calculated base shear can be made by comparing it with the upper bound value 

for the base shear, which can be determined by multiplying the total mass with the design spectral 

acceleration at the fundamental period in the relevant direction. The lower bound values can be 

obtained in a similar way, considering the effective mass for the relevant fundamental mode. However, 

the lower and upper bound are not applicable to every structure. In fact, the lower bound is applicable 

to low seismic areas and the upper bound is applicable to high seismic areas (Line, 2006). Moreover, if 

the fundamental period of the structure is relatively high (flexible structure), then the corresponding 

acceleration is very low. Hence, with a natural period of 5.77 seconds, only a lower bound can be 

calculated.  

 

Total mass = 102178532 kg 

Lower bound Fx  0.082 ∙ 0.76 ∙ 102178532 ∙ 10-3 = 6368 kN 

Lower bound Fy  0.076 ∙ 0.75 ∙ 102178532 ∙ 10-3 = 5824 kN 

Base shear direction  Lower bound [kN] SCIA [kN] 

X-direction 6368 9331  

Y-direction 5824 8658  
Table 11. Base shear force 

The lower bounds of the base shear force and the results from SCIA are in the same order of magnitude. 

Therefore, it might be concluded that SCIA’s results for the base shear forces are reliable.  

 

Mode Sax [m/s2] Wx/Wx,tot Fx [kN] Say [m/s2] Wy/Wy,tot Fy [kN] 

1 0.076 0.000147 1 0.076 0.760669 5934 

2 0.082 0.075976 6265 0.082 0.000149 1 

3 0.106 0.005065 55 0.106 4.9257e-08 0 

4 0.288 4.1863e-05 1 0.288 0.135119 3979 

5 0.311 0.136886 4356 0.311 4.4853e-05 1 

6 0.546 0.000193 11 0.546 9.7180e-07 0 

7 0.735 1.0237e-05 1 0.735 0.618337 4644 

8 0.803 0.062005 5087 0.803 1.0493e-05 0 
Table 12. Properties load case 8 (seismic X) and load case 9 (seismic Y) 

The values for Fk per mode given in Table 12 are calculated according to Eq. 5.5: 

Fk,(j), = mtot ∙ Sa,k,(j) ∙ γk,(j)          (5.5) 

Where:  mtot  is the total mass 

  Sa,k,(j) acceleration response spectrum per mode 

  γk,(j) participation factor (Wk/Wk,tot for mass participation) 

 

The base shear force is calculated according to Eq. 5.6: 

𝐹𝑏 = √∑ 𝐹𝑘,𝑖
2             (5.6) 

 

Deformations 

Although NEN-EN1998-1 and NPR9998 do not provide a requirement regarding the maximum 

horizontal displacement, it is worthwhile to compare the displacements caused by seismic actions to 

the deformations caused by wind actions. An estimation of the deformations in x- and y-direction can 

be made regarding the base shear forces. When the fundamental mode shape is assumed by horizontal 

displacements increasing linearly along the height, the horizontal forces per level Fi can be calculated 
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according to Eq. 5.7. The deformations of the first two mode shapes are calculated according to this 

equation since these are the fundamental mode shapes for the x- and y-direction.  

𝐹𝑖 = 𝐹𝑏 ∙
𝑧𝑖∙𝑚𝑖

∑ 𝑧𝑖∙𝑚𝑖
            (5.7) 

Where:  Fi is the horizontal force per storey 

  Fb is the total base shear force 

zi is the storey height 

mi is the mass per storey  

 

 Result Eq. 5.7 Result SCIA 

Level zi [m] mi [kN] Fi,x [kN] Fi,y [kN] ux [mm] uy [mm] ux [mm] uy [mm] 

7 47.02 64440 1149 1066 90 96 97.5 102 

6 42.39 92783 1463 1357 85 92 84.7 90.5 

5 37.7 95303 1337 1241 77 83 74.2 80.0 

4 30.21 186990 2142 1988 60 64 58.5 63.6 

3 22.64 188116 1615 1499 47 49 45.9 49.3 

2 15.07 189478 1083 1005 30 32 33.1 35.4 

1 7.5 190357 541 502 15 15 17.3 17.9 
Table 13. Deformations according to base shear forces 

A minor difference between the deformations can be observed after comparing the results from Eq. 

5.7 and the results obtained from SCIA. SCIA calculates the deformations using a natural normalized 

modal shape factor {Φ}(j), which is more accurate than Eq. 5.7. However, the difference is acceptable 

for an estimation and therefore the results from SCIA are considered as realistic.  

The results shown in Table 13 are 2D deformations according to Forces in one direction. However, due 

to the seismic load combinations, the structure moves in multiple directions. The deformation of one 

stability frame represents the total deformation of the structure since the floor is assumed to be fully 

rigid. Figure 41 shows the deformation of the y-frame loaded by a seismic load combination. The 

maximum deformation Utotal is 157mm and is calculated with the following formula:  

 𝑈𝑡𝑜𝑡 = √𝑢𝑥
2 + 𝑢𝑦

2 + 𝑢𝑧
2 =  √48.52 + 142.32 + (−45.8)2 = 157 𝑚𝑚     

 
Figure 41. Deformation y-frame according to seismic load combination 

Due to the combination, 0.30EEdx “+” EEdy, the deformation in y-direction is greater than the 

deformation in x-direction. The width of the y-frame is smaller and therefore the deformations in y-

direction are greater than the deformations of the frame in x-direction.  
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Interstorey drifts and storey accelerations 

Whilst NEN-EN1998-1 and NPR9998 do not provide requirements for the maximum horizontal 

displacement, they do provide requirements for interstorey drifts. The interstorey drifts is the relative 

horizontal deformation divided by the storey height. Table 14 shows the acceleration per storey (Ax 

and Ay) and the relative horizontal deformation (Δx and Δy) per storey. The higher accelerations at the 

second, fourth and seventh floor are noticeable, but can be explained by Figure 42, which shows the 

7th and 8th Eigenmodes of the structure. Due to the higher modes, the interstorey drifts and storey 

accelerations do neither increase linear along the height nor stay constant over the height.  

 

Level Δx [mm] Ax [m/s2] Δy [mm] Ay [m/s2] 

7 24.3 0.411 20.7 0.351 

6 18.1 0.177 17.0 0.164 

5 27.5 0.218 28.7 0.170 

4 20.8 0.256 22.2 0.253 

3 20.7 0.151 22.5 0.137 

2 16.6 0.285 18.3 0.268 

1 17.2 0.198 17.9 0.187 
Table 14. Relative horizontal deformations 

Forces in stability frame  

The horizontal seismic forces are transferred via the diaphragm action of the floor to the four stability 

cores. The stability cores transfer the forces into the foundation, which is why the normative column 

and diagonal forces of the frames are discussed here. The normal forces of the columns and diagonals 

of the x-frame are calculated according to the following seismic load combinations: 

Seismic1: 1.00 Gk + 1.00 P + 0.80QDH + 0.18QFSA + 1.00 Seis X + 0.30 Seis Y + 1.00 Acc. X + 0.30 Acc. Y 

Seismic2: 1.00 Gk + 1.00 P + 0.80QDH + 0.18QFSA + 0.30 Seis X + 1.00 Seis Y + 0.30 Acc. X + 1.00 Acc. Y 

 

The normal forces for the x-frame are given in Table 15. All columns are under compression, indicated 

with the minus sign; all diagonals are under tension since only the diagonals in tension are modelled.  

 

 

Level NC1 [kN] NC2 [kN] NC3 [kN] ND1 [kN] ND2 [kN] 

7 -611 -748 -756 375 380 

6 -1691 -1746 -1908 548 540 

5 -2859 -2863 -3229 708 688 

4 -4978 -4743 -5385 1087 1066 

3 -7136 -6495 -7649 1169 1112 

2 -9425 -8300 -9920 1300 1297 

1 -11725 -10282 -12296 1757 1572 
Table 15. Normal force columns and diagonals x-frame 

 

The normal forces for the y-frame are given in Table 16. A comparison of the column forces of the x-

frame with the column forces of the y-frame shows that the column forces C1 and C3 are greater in 

the y-frame. The C1 and C3 column forces are greater for the y-frame since the distance between the 

columns is smaller. The diagonal forces, on the other hand, do not differ significantly for both frames.  

Figure 42. 7th and 8th eigenmodes 

Figure 43. Stability x-frame 
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Level NC1 [kN] NC2 [kN] NC3 [kN] ND1 [kN] ND2 [kN] 

7 -623 -772 -811 336 387 

6 -1747 -1804 -2055 572 569 

5 -2998 -2976 -3510 775 744 

4 -5279 -4895 -5789 1115 1132 

3 -7551 -6678 -8206 1265 1186 

2 -9985 -8478 -10644 1322 1399 

1 -12439 -10550 -13149 1922 1548 
Table 16. Normal force columns and diagonals y-frame 

   

5.4.5 Checks according to NEN-EN1998-1 and NPR9998 
NEN-EN1998-1 and NPR9998 impose to check four conditions about the resistance, the interstorey 

drifts, homogeneous behaviour and the slenderness of dissipative braces. 

 

The Near Collapse limit state  

The following relation shall be satisfied for all structural elements including connections and the 

relevant non-structural elements: 

Ed ≤ Rd            (5.8) 

Where:  Ed is the seismic design value 

  Rd is the corresponding design resistance of the element 

 

The seismic forces will act on the stability frames and therefore only the stability frames are checked 

according to Eq. 5.8. Columns are checked according to Eq. 5.9: 

Npl,Rd (MEd) ≥ NEd,G +1.1 γov Ω NEd,E        (5.9) 

Where:  Npl,Rd (MEd) is the design buckling resistance of the column 

  NEd,G  is the axial force in the column due to non-seismic actions 

  NEd,E  is the axial force in the column due to seismic action 

  γov  is the overstrength factor 

  Ω  is the minimum value of 𝛺𝑖 =
𝑁𝑝𝑙,𝑅𝑑,𝑖

𝑁𝐸𝑑,𝑖
    (5.10) 

 

Level NC,x [kN] Nb,Rd [kN] Unity check NC,y [kN] Nb,Rd [kN] Unity check 

7 -756 1175 0.64 -811 1175 0.69 

6 -1908 3223 0.59 -2055 3223 0.64 

5 -3229 5685 0.57 -3510 5685 0.62 

4 -5385 8963 0.60 -5789 8016 0.72 

3 -7649 12211 0.63 -8206 11041 0.74 

2 -9920 16011 0.62 -10644 14786 0.72 

1 -12296 20641 0.60 -13149 17270 0.76 
Table 17. Resistance check normative columns both frames 

As Table 17 shows, the NC limit state requirement is satisfied for all columns. The columns are designed 

according to CC3, and thus the high variable loads of the DH and EB are multiplied with a factor of 1.65. 

In the seismic calculation, on the other hand, the variable loads are reduced with a factor of 0.8 for the 

DH and EB and a factor of 0.18 for the FSA. These differences in factors may indicate that all columns 

satisfy in the seismic analysis. 

Figure 44. Stability y-frame 
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In contrast, Table 18 and Table 19 show that the resistance checks for the diagonals for both frames 

are not satisfied. Due to poor ductility behaviour of the structure, the behaviour factor is q = 1.5, which 

leads to these high diagonal forces. Moreover, the unity checks are higher in the upper storeys due to 

the contribution of higher modes to the dynamic response.  

 

Level NEd [kN] Npl [kN] Unity check  

7 380 244 1.56 

6 548 487 1.13 

5 708 487 1.45 

4 1087 1056 1.03 

3 1169 1056 1.11 

2 1300 1385 0.93 

1 1757 1694 1.04 
Table 18. Resistance check diagonals x-frame 

 

Level NEd [kN] Npl [kN] Unity check  

7 387 244 1.59 

6 572 487 1.17 

5 775 487 1.59 

4 1132 1056 1.07 

3 1265 1056 1.20 

2 1399 1385 1.01 

1 1922 1694 1.13 
Table 19. Resistance check diagonals y-frame 

The structure is classified in DCL since the connections are not designed with an appropriate 

overstrength regarding the dissipative diagonals. In fact, the diagonals are stronger than the 

connections due to preliminary design considerations. Consequently, the resistance checks for the 

connection are not satisfied either.  

 

Damage Limitation limit state 

In addition to the NC limit state checks, the DL limit state checks are conducted here. A linear analysis 

is performed and therefore the displacement shall be calculated on the basis of elastic deformations 

of the structural system. One way to determine the deformations is according to the following 

expression given by NEN-EN1998-1: 

ds = qd ∙ de           (5.11) 

Where:  ds is the displacement induced by the design seismic action 

  qd is the displacement behaviour factor, assumed equal to q 

  de is the displacement determined by a linear analysis  

 

This simplified method, however, seems to be too conservative since the NC and DL response spectra 

are almost identical. Hence, the displacements determined by the NC response spectra are considered 

without multiplying it with the behaviour factor.   
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The DL requirement is considered to have been satisfied, if the interstorey drifts are limited in 

accordance with the following equation: 

dr ν ≤ 0.005 h           (5.12) 

Where:  dr  is the design interstorey drift  

ν is the reduction factor, which takes into account the lower return period of the 

seismic action associated with the DL requirement (ν=0.4, importance class IV) 

h is the storey height  

 

The interstorey drifts (ds,x and ds,y) are calculated with the design response spectrum since this 

spectrum is almost identical to the DL response spectrum. Nevertheless, the interstorey drifts 

calculated with the DL response spectrum are almost identical. Hence, the reduction factor ν, which 

takes into account the lower return period of the seismic action associated with the DL requirement, 

is left out of consideration. 

 

Level 0,005h ds,x [mm] UC ds,y [mm] UC 

7 23.2 24.3 1.05 20.7 0.89 

6 23.5 18.1 0.77 17.0 0.72 

5 37.5 27.5 0.73 28.7 0.77 

4 37.9 20.8 0.55 22.2 0.59 

3 37.9 20.7 0.55 22.5 0.59 

2 37.9 16.6 0.44 18.3 0.48 

1 37.5 17.2 0.46 17.9 0.48 
Table 20. Check for interstorey drifts 

Table 20 shows that all checks for interstorey drifts are satisfied except for the interstorey drift at the 

seventh storey in x-direction. 

Aside from the NC and DL limit state checks, there are specific checks for steel CBFs. 

 

Check similar load deflection characteristics 

The diagonal elements of bracings will be placed in such a way that the structure exhibits similar load 

deflection characteristics at each storey in opposite senses of the same braced direction under load 

reversals. 
|𝐴+−𝐴−|

𝐴++𝐴− < 0.05  Satisfied. 

 

Check homogeneous behaviour  

In order to provide homogeneous dissipative behaviour of the diagonals, it should be checked that the 

maximum overstrength Ωmax does not differ from the minimum value Ωmin by more than 25%. This 

requirement allows for a global yielding mechanism and to avoid soft-stories. 

 

Ωmax ≤ 1.25 Ωmin  

 Ωi = Npl,Rd,i / NEd,i 

Ωmax,x = 1.56     Ωmax,y = 1.59 

Ωmin,x = 0.93     Ωmin,y = 1.01 

1.56 > 1.25 ∙ 0.93 Not satisfied.   1.59 > 1.25 ∙ 1.01 Not satisfied.   
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Check slenderness  

In addition to the check for homogeneous behaviour, the non-dimensional slenderness for the X-

diagonal bracings should be 1.3 ≤ �̅� ≤ 2.0. 

�̅� = √
𝐴𝑓𝑦

𝑁𝑐𝑟
    

𝑁𝑐𝑟 =
𝜋2𝐸𝐼𝑧

𝐿𝑐𝑟
2   is the critical elastic buckling force 

 

The slenderness checks are shown in Table 21 in which the normative diagonals of the frame in x- and 

y-direction are checked. There are five diagonals that do not satisfy the slenderness limitations, as can 

be seen in this table.  

 

x-frame Npl [kN] A fy [kN] �̅� y-frame A fy [kN] Ncr,y [kN] �̅� 
7 244 25 3.10 7 244 36 2.60 

6 487 134 1.91 6 487 191 1.60 

5 487 106 2.14 5 487 139 1.87 

4 1056 319 1.82 4 1056 418 1.59 

3 1056 319 1.82 3 1056 418 1.59 

2 1479 700 1.45 2 1479 917 1.27 

1 1811 819 1.49 1 1811 1073 1.29 
Table 21. Slenderness diagonals 

 

5.4.6 Conclusion  
The natural period of the structure is determined in the post-buckling phase, regarding the tension-

only approach. Due to this assumption, the natural period is longer, and the base shear force is less 

than in the tension-and-compression approach. Since the diagonals are executed as hollow core 

sections, the compression diagonals are not expected to buckle in an early phase. Hence, the tension-

only approach underestimates the accelerations acting on the structure. To address this undesired 

behaviour, the diagonals should be executed with an initial eccentricity. Despite this initial eccentricity, 

the non-structural elements should still be checked according to greater accelerations. Furthermore, 

the connections (i.e. anchor bolts) should be designed according to the greater base shear force caused 

by the greater accelerations.  

 

The behaviour factor is used for design purposes to reduce the forces obtained from a linear analysis, 

in order to account for the non-linear response of a structure. A distinction is made between three 

different ductility classes: DCL, DCM and DCH. In order to be classified to one of these classes, the 

structure should meet the corresponding requirements. The structure of the datacentre is classified as 

DCL with a behaviour factor of 1.5 since the connections’ overstrength requirement of DCM is not met.   

 

The columns are able to resist the seismic load. The columns are designed according to CC3, and thus 

the high variable loads are multiplied with a factor of 1.65. In the seismic calculation, on the other 

hand, the variable loads are reduced with a factor of 0.8 for the DH and EB and a factor of 0.18 for the 

FSA. These difference in factors may explain that all columns satisfy in the seismic analysis, while the 

vertical loads due to variable loads are significantly lower.  

 

The diagonals, on the contrary, are not able to resist the seismic load. This is due to the fact that the 

horizontal load of the earthquake is greater than the horizontal wind load. In fact, the seismic base 

shear force is 9331 kN (tension-only approach) and the wind base shear force is 4069 kN. In addition, 
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the brace connections are not satisfied either, which is logic since the diagonals are stronger than the 

connections themselves.  

 

The interstorey drifts are calculated according to the design response spectrum, which is almost 

identical to the DL response spectrum. Since the spectra are almost identical, the reduction factor ν is 

left out of consideration. Although, the resistance checks for almost all diagonals are not satisfied, the 

interstorey drift check is not satisfied for only one storey.  

 

In conclusion, the structure of the datacentre is not earthquake resistant and therefore measures 

should be taken. Either strengthening methods or mitigation methods could be applied in order to 

realize an earthquake resistant design. These methods will be discussed in the following chapter. 
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6. Seismic strengthening and mitigation methods 
The previous chapter showed that the preliminary design of the datacentre is not earthquake resistant. 

There are multiple options to realize an earthquake resistant design for the datacentre; but what are 

the effects on the steel structure of the datacentre? This chapter covers different seismic 

strengthening and mitigation methods and their effects on the steel structure of the datacentre. Firstly, 

the theoretical background of the earthquake response of inelastic systems will be explained, and two 

strengthening methods will be elaborated. Finally, damping in structures will be discussed and two 

mitigation (damping) methods will be elaborated.  

 

6.1 Behaviour of inelastic systems  
Before applying seismic strengthening and mitigation methods to the structure, it is important to 

understand the (inelastic) behaviour of the datacentre’s steel structure.  The response of structures 

deforming into their inelastic range during an earthquake is of great importance in seismic engineering. 

Figure 45 shows the actual force-deformation curve and the idealized elastoplastic behaviour of a 

structure during its initial loading. The areas under the two curves are the same at maximum 

displacement um. The structure behaves elastically till the force reaches the yield strength Fy and from 

then the structure starts to behave plastically. However, this is the force-deformation curve during 

initial loading, while an earthquake should be represented by cycling loading. Hence, Figure 46 shows 

the elastoplastic force-deformation relation due to cyclic loading, based on the idealized force-

deformation curve. The cyclic force-deformation relation is path dependent since the resisting force FR 

depends on the system’s history of motion and whether the deformation is increasing or decreasing 

(Chopra, p.264, 2011).   

  
Figure 45. Force-deformation curve during initial loading                
(Chopra, p.263, 2011)  

6.1.1 Relation yield strength reduction factor with ductility factor 
Figure 47 illustrates the behaviour of a linear elastic system and an elastoplastic system, with the same 

stiffness during initial loading and the same mass and damping. 

 
Figure 47. Force-deformation curves during initial loading (Chopra, p.265, 2011) 

Figure 46. Elastoplastic force-deformation relation 
(Chopra, p.264, 2011) 
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The normalized yield strength of an elastoplastic system is defined as: 

 𝐹�̅� =
𝐹𝑦

𝐹0
=

𝑢𝑦

𝑢0
           (6.1) 

Where:  Fy, uy are the yield force and yield deformation, respectively  

F0, u0 are the peak values of the earthquake-induced resisting force and 

deformation, respectively   

 

The minimum strength for a structure to remain elastic during an earthquake is F0. When the yield 

strength is less than F0 (𝐹�̅� < 1), the structure will deform plastically. The maximum deformation of 

the elastoplastic system due to ground motion is indicated as um. Normalizing um with respect to the 

yield deformation uy leads to the ductility factor μ. When the ductility factor is greater than one, the 

structure behaves plastically. 

𝜇 =
𝑢𝑚

𝑢𝑦
             (6.2) 

Where:  um is the maximum deformation due to ground motion 

  uy is the yield deformation  

 

Combining Eq. 6.1 and 6.2 leads to the following expression: 
𝑢𝑚

𝑢0
= 𝜇𝐹�̅� =

𝜇

𝑅𝑦
            (6.3) 

 

From Eq. 6.3, it can be concluded that the yield strength reduction factor Ry and the ductility factor μ 

relate to each other. The relation between the yield strength reduction factor and the ductility factor 

becomes clearer when the spectral regions in Figure 48 are examined. This figure shows the yield 

strength reduction factor Ry as a function of Tn for different values of μ. Figure (a) shows the data for 

the EL Centro ground motion and figure (b) shows the median value over 20 ground motions.  

 

 
Figure 48. Yield strength reduction factor Ry as a function of Tn (Chopra, p.289, 2011) 

The plots are divided in three spectral regions; acceleration sensitive, velocity sensitive and 

displacement sensitive, respectively. As can be seen in Figure 48, Ry is approximately 1 for the short 

periods of the spectrum. At the long periods, on the other hand, Ry is almost equal to μ. In between 

the short and long periods, Ry varies irregularly for single ground motion (figure a) with Tn. However, 

the median over the ground motion varies more regularly. As a result, several researchers have 

proposed equations for Ry with Tn and μ.  



47 
 

The following proposal is one of the early simpler ones to determine the Ry (Chopra, p.290, 2011): 

 1  Tn < Ta 

Ry = √2𝜇 − 1 Tb < Tn < Tc        (6.4) 

 μ  Tn > Tc 

 

Hence, the strength reduction factor can be taken as equal to the ductility factor for structures with 

long vibration periods. 

 

6.1.2 Energy dissipation 
As mentioned in the previous paragraph, when the yield strength of an elastoplastic structure is less 

than F0 (𝐹�̅� < 1), the structure will deform plastically. This plastic deformation (yielding) provides 

energy dissipation. However, some structures do not contain plastic deformation capacity. Elastic 

structures can dissipate energy for example by (viscous) damping. The effects of yielding and damping 

related to the natural period are examined. Both energy dissipation due to yielding and damping 

reduce the seismic acceleration and thus the seismic base shear. However, the effectiveness of both 

mechanisms differs with respect to the natural period, which is shown in Figure 49. 

 

 
Figure 49. Response spectra for elastoplastic systems (Chopra, p.281, 2011) 

For very short periods, in the acceleration sensitive region, damping hardly has any influence in the 

response of the structure. Yielding and ductility, on the contrary, are of major importance in this 

spectral region. In the velocity sensitive region, damping is most effective, as illustrated in Figure 49. 

However, yielding is more effective than damping in this region. In the displacement sensitive region, 

damping has negligible influence on the structure’s response. Yielding, on the contrary, is of major 

importance in this region.  

In fact, the effectiveness of damping on the structure’s response is smaller for inelastic systems and 

decreases as plastic deformations increase. Figure 50 shows energy dissipation of a SDOF for an elastic 

system with Tn = 0.5s and damping ratio ζ = 0.05 (left), and for an elastoplastic system (right) with the 

same properties in the elastic range, but 𝐹�̅� = 0.25.  
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Figure 50. Energy dissipation due to damping and yielding 

As Figure 50 shows, the energy acting on the inelastic system is less than the energy acting on the 

elastic system. Furthermore, damping dissipates less energy from the inelastic system than yielding. 

However, yielding causes damage to the structure due to permanent deformations. Hence, although 

yielding is more effective for energy dissipation, it has its drawbacks. The effect of the application of 

several strengthening (yielding) and mitigation (damping) methods on the steel structure of the 

datacentre will be discussed.  

 

6.2 Strengthening  
Strengthening can be achieved by providing the structure with sufficient flexibility, strength and 

ductility. As explained in the previous paragraph, energy dissipation during an earthquake can be 

achieved by plastic behaviour of a steel component. However, plastic behaviour can cause significant 

damage to the structure. Therefore, the location of components in which plastic behaviour occurs 

should be such that the damage of these components does not affect the load carrying capacity of the 

main structure. Due to the energy dissipation in the plastic components, the main structure remains 

in the elastic range.  

The ductility of steel, however, generally reduces with an increase of the yield stress. Therefore, the 

minimum yield strength (S235) is used to design the structural components that are expected to yield 

during an earthquake. 

Concentrically Braced Frames (CBFs) are used to provide lateral strength and stiffness to resist 

horizontal forces such as earthquake forces. CBFs are currently one of the most widely used systems 

since they are easy to design, and they are the most efficient in controlling lateral drifts of buildings 

(Kazemzadeh Azad, et al., 2017). They dissipate energy due to plastic deformations in the braces. The 

structure should be designed in a way that the plastic deformations only occur in the appropriate 

diagonal braces without causing damage to the main structure (Mayes & Naeim, 2001). Similar to steel 

moment-resisting frames connections, the brace connections must be stronger than the braces 

themselves. 

 

6.2.1 Improve ductility  
The preliminary design of the datacentre is classified in Ductility Class Low (DCL) with a corresponding 

behaviour factor q = 1.5 since the connections do not fulfil the overstrength requirement. The structure 

should be designed in a way that the plastic deformations only occur in the appropriate diagonal 

braces, which can be obtained by strengthening of the connections. In fact, the connections should 

fulfil the following requirement: 

Rd ≥ 1.1 γov Rfy 

Where:  Rd is the resistance of the connection according to NEN-EN1993 

  Rfy is the plastic resistance of the connected dissipative member 

  γov is the overstrength factor  
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If the brace connections are designed with this overstrength, the structure meets the requirements to 

be classified in DCM with a corresponding behaviour factor q = 4. Although, due to non-regularity in 

elevation, the upper limit value of the behaviour factor will be reduced by 20% according to NEN-

EN1998-1. Hence, if the requirements are met, the behaviour factor will be q = 3.2. This means that 

the forces in the diagonals will be reduced by a factor of 3.2/1.5 = 2.13 regarding the preliminary 

design, and thus the braces’ cross sections can be reduced.  

A reduction in cross-sectional areas leads to a decrease in stiffness, which will lead to a longer natural 

period and thus a lower base shear force. However, this iterative process is left out of consideration 

and the diagonal forces are calculated according to the increased behaviour factor, neglecting the base 

shear reduction due to the change of the natural period. Nevertheless, due to the decrease of the 

seismic base shear, it is worthwhile to compare the wind forces NEd,w with the seismic forces. As Table 

22 shows, the wind force in diagonals at level 1 to 5 is greater than the seismic force (q=3.2). Hence, 

these diagonals should be designed for wind loads. Nevertheless, the specific requirements for CBFs 

according to NEN-EN1998-1 should be fulfilled.  

Level NEd [kN] 
(q= 1.5) 

NEd [kN] 
(q= 3.2)  

NEd,w [kN] Areq [mm2]  A [mm2]  SHS (S235) 

7 387 181 83 770 1086 80 x 80 x 3.6 

6 572 268 203 1140 1473 80 x 80 x 5 

5 775 363 413 1545 2319 100 x 100 x 6.3 

4 1132 531 634 2260 2875 100 x 100 x 8 

3 1265 593 891 2523 3893 110 x 110 x 10 

2 1399 656 980 2791 4293 120 x 120 x 10 

1 1922 901 1186 3834 5093 140 x 140 x 10 
Table 22. Brace forces due to seismic loads and wind loads  

The force-displacement diagram corresponding to the 

strengthened X-braced frames is shown in Figure 51. Most 

of the energy is dissipated by the diagonals in tension 

(indicated by the area in the positive region of the graph) 

since the compression diagonals are assumed to buckle 

early. Furthermore, yielding of the diagonals leads to 

residual deformations and thus to damage to the structure.  

 

The new profiles (shown in Table 23) are based on both the 

new forces and the specific requirements for concentrically 

braced X-frames according to NEN-EN1998-1. In order to meet the slenderness requirements, the 

diagonals are executed as Square Hollow core Sections (SHS). Table 23 shows the following properties 

of the new profiles: cross-sectional area (A), moment of Inertia in the weak axis (Iz), critical buckling 

length (Lcr), the slenderness (�̅�), and the overstrength factor (Ωi). 

 

SHS A [mm2]  Iz [mm4]  Lcr [mm]  �̅� Ωi 

80 x 80 x 3.6 1086 1050000 5869 2.0 1.41 

80 x 80 x 5 1473 1370000 5869 2.0 1.29 

100 x 100 x 6.3 2319 3360000 6594 1.8 1.50 

100 x 100 x 8 2875 4000000 6594 1.9 1.27 

110 x 110 x 10 3893 6370000 6594 1.7 1.54 

120 x 120 x 10 4293 8520000 6594 1.6 1.54 

140 x 140 x 10 5093 14160000 6594 1.3 1.33 
Table 23. Slenderness and overstrength checks  

Figure 51. Force-displacement diagram X-braced 
frames (Mayes & Naeim, p.430, 2001) 
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The slenderness for the diagonals given in Table 23 are all within the following limits:  

1.3 < �̅� ≤ 2.0  Satisfied. 

The overstrengths for the diagonals given in Table 23 are all within the following limit:  

Ωmax ≤ 1.25 Ωmin   

1.54 < 1.25 ∙ 1.29 Satisfied. 

 

Now that the diagonals meet the requirements of NEN-EN1993-1 and NEN-EN1998-1 for CBFs, the 

connections should be designed with sufficient overstrength. Only the brace connection at ground 

level is designed to meet the requirements for the structure to be classified as DCM in order to show 

the difference compared to the connection in the preliminary design.  

The distribution of material properties, such as yield strength and toughness, in the structure should 

be such that dissipative zones form where they are intended to in the design. This requirement is 

satisfied if the yield strength of the steel of dissipative zones and the design of the structure conform 

to one of the following conditions (NEN-EN1998-1, p. 139, 2004): 

a) The actual yield strength fy,max of the steel of dissipative zones satisfies the following 

expression: fy,max ≤ 1.1 γov fy; 

b) The design of the structure is made on the basis of a single grade and nominal yield strength 

fy for the steels both in dissipative and in non-dissipative zones; an upper value fy,max is specified 

for the steel of dissipative zones; the nominal value fy of the steels specified for non-dissipative 

zones and connections exceeds the upper value of the yield strength fy,max of dissipative zones; 

c) The actual yield strength fy,act of the steel of each dissipative zone is determined from 

measurements and the overstrength factor is computed of each dissipative zone as γov,act = 

fy,act/fy, fy being the nominal yield strength of the steel of dissipative zones.  

 

Condition b) is met since the non-dissipative columns and beams are executed in steel S355 and S460, 

respectively. The dissipative members are executed in steel S235. In addition, the connections are also 

executed in steel S355 for non-dissipative elements.   

 

Brace properties:    

SHS 140x140x8  S235  

A = 5093 mm2 

Rd ≥ 1.1 γov Rfy  

Rd ≥ 1.1 ∙ 1.25 ∙ 5093 ∙ 235 ∙ 10-3 =  

1646 kN 

 

Connection properties: 

Gusset plate  t = 50mm S355 

Two tab plates  t = 2 ∙ 30mm S355 

Bolts   10x M32  10.9 

 

FEd,diagonal = 2795 kN 

 

The following resistances are calculated according to NEN-EN1993-8: 

NRd,tab =  2963 kN Resistance tab plates  UC: 0.94 

NRd,guss = 2864 kN Resistance gusset plate  UC: 0.98 

Fv,Rd =   3220 kN Shear resistance bolts  UC: 0.87 

Fb,Rd =   9770 kN Bearing resistance bolts UC: 0.29 

 

Figure 52. New brace connection 
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The elaborated calculation of the brace connection is shown in Annex E. All connection resistances are 

greater than the required overstrength resistance of 1646 kN and thus it may be assumed that the 

energy dissipation occurs in the appropriate diagonals. Furthermore, for tension members or parts of 

members in tension, the ductility requirement of EN 1993-1-1:2004, 6.2.3(3) should be met: 

Npl,Rd < Nu,Rd Satisfied. 

𝑁𝑝𝑙.𝑅𝑑 =
𝐴 𝑓𝑦

𝛾𝑀0
=

5093∙235

1.00
∙ 10−3 = 1197 kN (plastic resistance gross cross-section) 

𝑁𝑢.𝑅𝑑 =
0.9 𝐴𝑛𝑒𝑡 𝑓𝑢

𝛾𝑀2
=

(0.9∙(200∙50−2∙32∙50)∙470)

1.25
∙ 10−3 = 2301 kN (design value net cross-section) 

 

Now that the requirements for the structure to be classified in DCM are met, a new response spectrum 

applies regarding the behaviour factor. The design response spectrum is shown in Figure 53. The 

acceleration is reduced by a factor 3.2 compared to the elastic response spectrum.  

 

 
Figure 53. Response spectrum 

Since the diagonals are adjusted to the specific requirements for concentrically X-braced frames (i.e. 

slenderness and homogeneous behaviour), the stiffness and thus the natural period have been 

changed. The new fundamental periods with their corresponding frequencies are shown in Table 24. 

The brace cross sections are reduced and thus the stiffness of the structure is reduced. As a result, the 

natural period Tn = 6.45, is longer than in the preliminary design (Tn = 5.77). 

  

N f  [Hz] ω  [s-1] ω2  [s-2] T  [s] 

1 0.15 0.97 0.95 6.45 

2 0.17 1.04 1.07 6.06 

3 0.21 1.34 1.81 4.67 

4 0.38 2.38 5.64 2.64 

5 0.39 2.46 6.05 2.55 

6 0.52 3.26 10.63 1.93 

7 0.57 3.61 13.04 1.74 

8 0.60 3.79 14.37 1.66 
Table 24. Fundamental periods with corresponding frequencies 
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As a consequence of the elongation of the natural period, the base shear force is decreased. In fact, 

the seismic base shear is lower than the base shear for wind, as shown in Table 25. Therefore, no extra 

resistance checks regarding seismic loads are executed.  

Total mass = 102178532 kg 

Lower bound Fx  0.032 ∙ 0.776 ∙ 102178532 ∙ 10-3 = 2537 kN 

Lower bound Fy  0.034 ∙ 0.776 ∙ 102178532 ∙ 10-3 = 2696 kN 

 

Base shear direction  Lower bound [kN] SCIA [kN] Wind [kN] 

X-direction 2537 3594  4254 

Y-direction 2696 3332  4069 
Table 25. Base shear: Lower bound, seismic and wind 

The diagonals’ resistances are checked for wind loads according to the ultimate limit state. These unity 

checks are shown in the following table (Table 26). 

 

Level SHS Npl [kN]  NEd,w [kN]  UC 

7 80 x 80 x 3.6 255 83 0.33 

6 80 x 80 x 5 346 203 0.59 

5 100 x 100 x 6.3 545 413 0.76 

4 100 x 100 x 8 676 634 0.94 

3 110 x 110 x 10 915 891 0.97 

2 120 x 120 x 10 1009 980 0.97 

1 140 x 140 x 10 1197 1186 0.99 
Table 26. ULS check diagonals 

As Table 26 shows, the ULS check is satisfied for all diagonals. Since the wind base shear force is greater 

than the seismic base shear force, the NC limit state checks are satisfied for the diagonals and no extra 

calculation is required. Nonetheless, the unity checks for the lowest three levels are just within the 

limit. Hence, SHS profiles 140x140x12.5, 120x120x12.5 and 120x120x10 for levels 1, 2 and 3, 

respectively, would be a safer design.  

 

The deformations, on the other hand, are checked for both wind load (SLS) and seismic load (DL). One 

way to calculate the deformations is by multiplying the deformations, calculated with the design 

spectrum, with the behaviour factor q. However, this seems to be too conservative since the 

accelerations for the DL limit state are smaller than for the NC limit state. Figure 54 shows the 

difference in acceleration for the elastic, design and DL spectra.  
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Figure 54. Acceleration spectra 

Firstly, the deformations due to wind load are checked according to the SLS. The following load 

combinations are used: 

BGT1: 1.00 Self weight + 1.00 Permanent + 1.00 DH + 1.00 FSA + 1.00 Roof + 1.00 Wind X  

BGT2: 1.00 Self weight + 1.00 Permanent + 1.00 DH + 1.00 FSA + 1.00 Roof + 1.00 Wind Y 

 

The requirement for maximum horizontal deformation due to wind load is 1/500 ∙ height of the 

building. Whether this requirement also applies to a datacentre is discussable. However, it is assumed 

that the deformation check is satisfied when the deformation is within this limit.  

 

Figure 55 shows the deformation due to wind load calculated by SCIA. As this figure shows, the 

maximum displacement is 99.5mm. The maximum horizontal displacement is 80.4mm, which is within 

the SLS limit requirement. The maximum allowable horizontal displacement is 1/500 ∙ 47000 = 94 mm. 

Hence, the unity check for total horizontal displacement is UC: 0.86. Note, only the tension diagonals 

are schematized and 2nd order effects are left out of consideration.  

 

 
Figure 55. SLS Deformation due to wind load 
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Secondly, the interstorey drifts due to seismic load are checked according to the DL limit state. The 

following seismic load combinations are used: 

Seismic1: 1.00 Gk + 1.00 P + 0.80QDH + 0.18QFSA + 1.00 Seis X + 0.30 Seis Y + 1.00 Acc. X + 0.30 Acc. Y 

Seismic2: 1.00 Gk + 1.00 P + 0.80QDH + 0.18QFSA + 0.30 Seis X + 1.00 Seis Y + 0.30 Acc. X + 1.00 Acc. Y 

 

The DL limitation requirement is considered to have been satisfied if the interstorey drifts are limited 

in accordance with the following expression: 

dr ν ≤ 0.005 h 

 

Level 0.005h Ax [m/s2] Δx [mm] UC Ay [m/s2] Δy [mm] UC 

7 23.2 0.141 13.1 0.56 0.126 14.6 0.63 

6 23.5 0.076 17.4 0.74 0.073 18.7 0.80 

5 37.5 0.074 19.8 0.53 0.061 18.5 0.49 

4 37.9 0.100 24.1 0.64 0.093 21.6 0.57 

3 37.9 0.059 18.4 0.49 0.057 17.7 0.47 

2 37.9 0.097 17.3 0.46 0.086 16.3 0.43 

1 37.5 0.069 16.4 0.44 0.058 16.4 0.44 
Table 27. Storey accelerations and DL interstorey drift check 

Table 27 shows that the interstorey drift limits according to NEN-EN1998-1 are satisfied for all storeys.  

Both the DL and SLS checks have to be conducted since the DL is checked for interstorey drifts and the 

SLS is checked for maximum total horizontal displacement.  

In conclusion, if the connections are strengthened with sufficient overstrength regarding the 

dissipative diagonals, the seismic load might be reduced with the behaviour factor q. For this particular 

case, the structure is classified in DCM with a corresponding behaviour factor of 3.2. Due to the 

reduction, the wind base shear is normative over the seismic base shear force. Therefore, the the 

diagonals are designed for wind load. The deformations and interstorey drifts are checked according 

to the SLS and the DL limit state, respectively.    

The new (strengthened) seismic design fulfils the requirements regarding NEN-EN1998-1 and 

NPR9998.  

 

6.2.2 Buckling Restrained Braces  
In addition to the improvement of ductility, the structure can be strengthened using Buckling 

Restrained Braces (BRBs). BRBs consist of a steel core, which can have various cross-sectional shapes. 

A concrete-filled tube restrains the steel core from buckling and therefore BRBs can yield in tension 

and compression. The steel core is decoupled axially from the restraining mechanism so that the axial 

force is carried by the steel core only (Bosco et al., 2015). Figure 56 illustrates a schematic 

representation of a BRB. As can be seen in this figure, the cross-sectional area of the yielding core is 

smaller than the cross-sectional area of the transition and connection segments. This difference 

ensures yielding in the relevant part of the BRB. Hence, the purpose of BRBs is to provide energy 

dissipation due to yielding both in tension and compression and to ensure the adjacent beams and 

columns to remain in an elastic range.  
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Figure 56. Schematic representation of a BRB (Bosco et al., 2015) 

The typical cyclic behaviour of BRBs is shown in Figure 57 in which Pysc is the axial yield strength of the 

steel core. Due to their yielding in tension and compression, they exhibit ductile cyclic behaviour with 

significant energy dissipation. The maximum tension force of BRBs is higher than the plastic resistance 

due to strain hardening. In addition, the maximum compression force is slightly greater than the 

tension force due to Poisson expansion and friction at the interface between the core and the 

restraining mechanism (Kersting et al., 2015).  

 

 
Figure 57. Force-displacement diagram BRB (Kersting et al., 2015) 

Although the behaviour of BRBs has been investigated extensively, the design of structures equipped 

with BRBs is not covered in Eurocode 8. However, BRBs are included in AISC 341-16, which are seismic 

provisions for structural steel buildings. Hence, the AISC 341-16 is used as reference work for the 

design of the datacentre’s steel structure equipped with BRBs. In addition, a design procedure based 

on Eurocode 8, proposed in the paper of Bosco et al., and the design guide of Star Seismic are also 

used as references work.  

 

       
Figure 58. Configuration BRBs 
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First, the analysis model in SCIA Engineer is used to calculate the diagonal forces with the modal 

response analysis method. Figure 58 shows the new configuration of the steel structure stabilized with 

buckling restrained braces. The resistance of BRBs’ steel cores is checked and shown in Table 28. Due 

to the great dissipative behaviour of BRBs, the behaviour factor q may be set on 3.2, which leads to 

significantly reduced diagonal forces. Furthermore, homogeneous behaviour is required in order to 

promote a widespread yielding within the structure. In fact, the maximum overstrength factor might 

not exceed the minimum value by more than 25% for CBFs based on NEN-EN1998-1. 

 

Level Profiles  
a x b   

NRd,diagonal 
[kN] 

NEd,diagonal 
[kN] 

Unity check 

7 50x10 212 135 0.64 

6 60x15 370 250 0.68 

5 70x20 564 348 0.62 

4 70x25 676 519 0.77 

3 80x30 917 602 0.66 

2 90x30 1058 694 0.66 

1 100x30 1199 863 0.72 
Table 28. Resistance check steel core BRB 

To promote the widespread of yielding within the structure, the homogeneous behaviour requirement 

is applied to the BRB frames.  

Ωmax ≤ 1.25 Ωmin  

Ωmax = Npl,Rd,i / NEd,i = 564 / 348 = 1.62 

Ωmin = Npl,Rd,i / NEd,i = 676 / 519 = 1.30 

1.62 = 1.25 ∙ 1.30 Satisfied. 

 

Now that the BRBs are sized, the global requirements such as interstorey drift may be checked. The 

new natural periods for the BRB structure are shown in Table 29. The natural period is elongated (Tn = 

6.43s) compared to the preliminary design (Tn = 5.77s). The number of diagonals has been halved 

compared to the preliminary design. Furthermore, although the diagonals are restrained from 

buckling, the total stiffness in the BRB structure is lower than in the preliminary design, which leads to 

the elongation of the natural period.  

 

N f  [Hz] ω  [s-1] ω2  [s-2] T  [s] 

1 0.16 0.98 0.96 6.43 

2 0.17 1.06 1.12 5.94 

3 0.22 1.36 1.86 4.61 

4 0.38 2.36 5.56 2.66 

5 0.39 2.48 6.13 2.54 

6 0.52 3.27 10.67 1.92 

7 0.58 3.62 13.13 1.73 

8 0.60 3.78 14.29 1.66 
Table 29. Natural periods and corresponding frequencies  

The base shear force is significantly reduced as can be seen in Table 30. Due to the combination of 

fewer diagonals and their great dissipative behaviour, the base shear force is reduced with 

approximately 85%. In fact, the behaviour factor of q = 3.2 ensures a significant reduction in base shear 

force. Note, however, that the undamped base shear forces are calculated according to the elastic 

response spectrum.  

Figure 59. Section steel core BRB 
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System  Fx [kN] Fy [kN] 

Undamped 25447 23831 

BRBs 3602 3309 
Table 30. Base shear forces 

The interstorey drifts are calculated according to the DL response spectrum. The AISC341-16 states 

that braces shall be designed to accommodate expected deformations. Expected deformations are the 

maximum of those corresponding to a story drift of at least 2% of the storey height or two times the 

design storey drift. The structure with BRBs will have a lower lateral stiffness than the structure with 

Concentrically Braced Frames (CBFs). Therefore, interstorey drifts and deformations are considered 

earlier in the design process.  

As Table 31 shows, the interstorey drifts per level θi do not exceed the limit of 0.5% required by NEN-

EN1998-1. The interstorey drift is calculated by the relative horizontal deformation Δx,y divided by the 

storey height.  

 

Level 0.005h Ax [m/s2] Δx [mm] UC Ay [m/s2] Δy [mm] UC 

7 23.2 0.150 18.2 0.78 0.121 11.8 0.51 

6 23.5 0.073 17.0 0.72 0.074 16.8 0.71 

5 37.5 0.076 17.6 0.47 0.059 19.5 0.52 

4 37.9 0.091 21.3 0.56 0.091 22.4 0.59 

3 37.9 0.060 16.6 0.44 0.054 18.5 0.49 

2 37.9 0.092 15.9 0.42 0.084 17.3 0.46 

1 37.5 0.066 16.8 0.45 0.062 17.8 0.47 
Table 31. Storey accelerations and interstorey drifts  

Furthermore, the total deformations given in Table 32 are reduced compared to the undamped 

situation and within the limits for the SLS check. Hence, the global requirements for the buckling 

restrained braced structure are satisfied. 

 

System ux [mm] uy [mm] uz [mm] Utot [mm] 

Undamped 43.6 151.5 66.7 171.1 

BRBs 30.8 115.0 55.1 131.1 
Table 32. Deformation BRB 

In addition to the global requirements, the BRBs are examined in more detail. The braces (see Figure 

56) can be modelled with an equivalent cross-sectional area calculated with the following expression 

(Bosco et al., 2015):  

𝐴𝑒𝑞 =
𝐴𝑐

𝐿𝑗𝐴𝑐

𝐿𝑤𝐴𝑗
+

𝐿𝑡𝐴𝑐
𝐿𝑤𝐴𝑡

+
𝐿𝑐
𝐿𝑤

           (6.5) 

Where:  Lw  is the work-point to work-point length 

  Lc is the length of the yielding core 

  Ac is the cross-sectional area of the yielding core 

  Lj is the length of the two connection segments  

  Aj is the cross-sectional area of the two connection segments 

  Lt is the length of the two transition segments 

  At is the cross-sectional area of the two transition segments 
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The length of the yielding core can be taken as approximately 70% of the work-point to work-point 

length (Star seismic, 2009). Moreover, the length of the connection segments is assumed to be equal 

to the length of the transition segments. The cross-sectional areas are calculated according to the 

profiles given in Table 28 corresponding with Figure 59: 

Ac = a ∙ b ∙ 2 – b2  [mm2] 

Ai = (a + 10) ∙ b ∙ 2 – b2 [mm2] 

At= (Ac + Ai)/2  [mm2] 

The properties given in Table 33 belong to the BRBs in x-direction. The equivalent cross-sectional area 

Aeq is calculated according to Eq. 6.5. The equivalent cross-sectional area is implemented in SCIA 

Engineer with a magnification factor for the BRB’s areas. 

 

Level Lw  
[mm] 

Lc  
[mm] 

Ac 
[mm2] 

Lj  
[mm] 

Aj 
[mm2] 

Lt 
[mm] 

At 
[mm2] 

α  
[°] 

Aeq 
[mm2] 

7 9600 6800 900 1400 1100 1400 1000 28.4 939 

6 9600 6800 1575 1400 1875 1400 1725 28.4 1634 

5 11000 8000 2400 1500 2800 1500 2600 40.8 2474 

4 11000 8000 2875 1500 3375 1500 3125 40.8 2967 

3 11000 8000 3900 1500 4500 1500 4200 40.8 4012 

2 11000 8000 4500 1500 5100 1500 4800 40.8 4613 

1 11000 8000 5100 1500 5700 1500 5400 40.8 5214 
Table 33. Properties BRBs corresponding to Eq. 6.5 and Figure 56 

The expected deformations and strains are determined using the BRB properties from Table 33. The 

compression strength adjustment factor β will be calculated as the ratio of the maximum compression 

force to the maximum tension force based on experimental tests. The strain hardening adjustment 

factor ω will be calculated as the ratio of the maximum tension force at the expected deformations to 

the measured yield force Pysc, based on experimental tests (American Institute of Steel Construction, 

p.125, 2010). Although no experimental tests have been executed for this project, the strength 

adjustment factor and the strain hardening adjustment factor can be determined, according to the 

following expressions (star seismic, 2009): 

ω = 26.798ε + 1.0333          (6.6) 

ωβ = 45.186ε – 0.7691           (6.7) 

Where:  ε is the strain in [%] 

The adjustment factors per diagonal are given in Table 34. Moreover, the relative deformation Δbe,i, 

the design relative deformation Δbd,i and the strain ε for the calculation of the adjustment factors are 

also given in Table 34. Although the Eurocode does not include strain hardening adjustment factors, it 

is a safe assumption to consider the adjustment factors since adjacent members to the braces will be 

designed more conservatively using these factors.  

 

Level NEd,diagonal 
[kN] 

𝜟𝒃𝒆,𝒊 =
𝑵𝑬𝒅∙𝑳𝒚

𝑬∙𝑨𝒄,𝒊
   

[mm] 

Δbd,i = qd ∙ Δbe,i 
[mm] 

𝜺𝒃𝒅,𝒊 =
𝟐∙𝚫𝐛𝐝,𝐢 

𝑳𝒚
 

[%]  

ωi ωβi 

7 135 56 179 3.90 2.08 1.00 

6 250 70 223 4.84 2.33 1.42 

5 348 71 228 4.42 2.22 1.23 

4 519 89 283 5.50 2.51 1.72 

3 602 76 242 4.70 2.29 1.36 

2 694 76 242 4.70 2.29 1.35 

1 863 83 266 5.16 2.42 1.56 
Table 34. Expected deformations and adjustment factors 
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Beams and columns with axial forces should meet the following minimum resistance requirement in 

which the adjustment factors are implemented: 

Npl,Rd (MEd) ≥ NEd,G + 1.1 γov ∙ max(ω; ωβ) ∙ Ω ∙ NEd,E      (6.8) 

Where:  Npl,Rd (MEd) is the design buckling resistance of the column 

  NEd,G  is the axial force in the column due to non-seismic actions 

  NEd,E  is the axial force in the column due to seismic action 

  γov  is the overstrength factor 

  Ω  is the minimum value of 𝛺𝑖 =
𝑁𝑝𝑙,𝑅𝑑,𝑖

𝑁𝐸𝑑,𝑖
  

max(ω; ωβ) is the maximum of the compression strength and strain hardening adjustment 

factors 

The system overstrength (1.1 γov ∙ max(ω; ωβ) ∙ Ω) per level is given in Table 35. The new design column 

forces for the normative columns are calculated including the system overstrength. As Table 35 shows, 

all columns satisfy the resistance requirement from Eq. 6.8. This is a logical result since the columns 

are designed for great live loads (12 kN/m2) in CC3 with a magnification factor of 1.65 in the preliminary 

design. Contrarily, for the seismic design the vertical forces are reduced with a factor 0.3 and 0.8 for 

the facility support area and the data hall, respectively. In addition, the system overstrength factor is 

applied on the seismic load NEd,E, which is relatively small compared to the vertical forces NEd,G, due to 

the behaviour factor of 3.2. Conclusively, the column forces in the NC limit state are smaller than the 

column forces in the ULS and therefore the columns fulfil the minimum resistance requirement.  

 

Level Overstrength NEd,column [kN] NRd,column [kN] Unity check 

7 4.49 910 1175 0.77 

6 4.74 2046 3223 0.63 

5 4.94 3581 5685 0.63 

4 4.49 6163 8963 0.69 

3 4.80 9003 12211 0.74 

2 4.80 12005 16011 0.75 

1 4.63 15012 20641 0.73 
Table 35. Column checks 

In conclusion, BRBs seem to be very effective for the seismic resistance of the datacentre’s steel 

structure. This effectiveness corresponds with the theory of paragraph 6.1.2, which states that yielding 

is of major importance for structures with long period (in the displacement sensitive region). BRBs 

exhibit great energy dissipative behaviour, which leads to a reduction in base shear force of 

approximately 85%. In addition, the deformation is reduced with approximately 23%.  Requirements 

for structures with BRBs are not provided in Eurocode 8 and thus requirements are based on the AISC 

341-16, the paper of Bosco et al., and the design guide of Star Seismic. The BRBs and the adjacent 

members are checked according to these requirements, which are all fulfilled.  

Despite the BRBs’ great energy dissipative behaviour, the system has its drawbacks. Their low post-

yield stiffness is a drawback to the system since this can lead to large residual deformation after seismic 

loading. In fact, it is less expensive to rebuild a structure than to retrofit a structure that has residual 

story drifts larger than 0.6% of the story height (Erochko et al., 2015). To address this drawback, Self-

Centering Buckling Restrained Braces (SC-BRBs) are developed, which are able to manage the residual 

deformations. However, this report does not elaborate on them.  
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6.3 Mitigation methods  
Seismic mitigation can be obtained by damping, yielding or a combination of both. The application of 

damping devices results in an elongation of the natural period and an increase in the energy dissipation 

capacity of the structure. The emphasis of the mitigation methods is to protect the main structure 

from plastic deformations and from consequential damage. Firstly, the theory of damped systems is 

discussed and secondly, two seismic mitigation methods will be elaborated. This chapter covers both 

the effect of elastomeric base isolators and fluid viscous dampers on the steel structure of the 

datacentre. 

 

6.3.1 Damping in structures 
Damping in structures can be introduced due to damping devices of which elastomeric base isolators 

and Fluid Viscous Dampers (FVDs) are discussed. A distinction is made between classical damping and 

nonclassical damping. Classical damping applies when damping mechanisms with similar damping 

ratios are distributed throughout the structure. Hence, the whole structure contains one damping 

ratio. This damping ratio for structures is set on 5% according to NEN-EN1998, not considering the 

variation in damping of structural materials (Chopra, p.455 2011).  

The assumption of classical damping is not appropriate if the system consists of two or more parts with 

significantly different damping ratios (i.e. base isolated structures). The nonclassical damping matrix 

for the system is constructed by first evaluating the classical damping matrix for the structure itself. 

Then the contribution of the energy dissipating devices is assembled into the damping matrix.  

 

Rayleigh Damping is a method to describe the damping, assuming that the damping matrix is formed 

by a linear combination of the mass and stiffness matrices. Equal modal damping ratios can be 

approximately calculated over a natural frequency range.  

c = a0m + a1k           (6.9) 

The damping ratio for the nth mode can be calculated with the following formula: 

𝜁𝑛 =
𝑎0

2

1

𝜔𝑛
+

𝑎1

2
𝜔𝑛           (6.10) 

The damping coefficients a0 and a1 can be calculated with the following equations: 
1

2
[1/𝜔𝑖 

1/𝜔𝑗 
𝜔𝑖
𝜔𝑗

] {𝑎0
𝑎1

} =  {𝜁𝑖
𝜁𝑗

}           (6.11)  

 
Figure 60. Damping ratio as a function of natural frequencies: (left) mass-proportional and stiffness-proportional damping 
(right) Rayleigh damping (Chopra, p. 457, 2011) 

Figure 60 shows the damping ratio as a function of the natural frequencies corresponding to Eq. 6.10. 

As the Rayleigh damping graph shows, the damping ratio is constrained to be less than ζ between 

frequencies ωi and ωj, but it increases significantly outside of these frequencies. In particular, Rayleigh 

damping results in an undesirable high damping ratio for the first mode. Mass-proportional and 

stiffness-proportional damping, on the other hand, are able to specify the damping ratio per mode.  
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6.3.2 Damping in SCIA Engineer 
SCIA Engineer distinguishes classical damping and nonclassical damping, as explained in the theory 

from the previous paragraph. Classical damping can be taken into account by inputting a damping ratio 

in the response spectrum. In addition, when a modal response spectrum analysis is executed with the 

Complete Quadratic Combination (CQC) method, a damping spectrum needs to be inputted for this 

method as well.  

The theory used in SCIA Engineer is based on the equation of motion, which is shown here in matrix 

notation:  

M x”(t) + C x’(t) + K x(t) = 0         (6.11) 

Where:  C  is the damping matrix 

 

The damping ratio, or relative damping, is given by: 

𝜁 =
𝐶

𝐶𝑐
             (6.12) 

Where:  ζ is the damping ratio 

  C is the damping coefficient  

Cc is the critical damping 

 

In addition to classical damping, SCIA can specify damping in 1D elements, 2D elements and supports. 

The damping of each of these elements is used to calculate a modal damping ratio for the whole 

structure per Eigenmode. Hence, nonclassical damping is also implemented in SCIA Engineer.  

When a 1D damper is selected, three different types of damping can be chosen (see Figure 61), which 

are respectively logarithmic decrement, relative damping, and Rayleigh damping. A convenient way to 

determine the damping in a system was shown to be the logarithmic decrement Λ, which is the natural 

logarithm of the ratio of any two successive amplitudes in the same direction (SCIA, 2017): 

𝛬 = ln
𝑋1

𝑋11
=

2𝜋𝜁

√1−𝜁2
            (6.13) 

 

Furthermore, the relative damping, or damping ratio from Eq. 6.12 can be introduced. The third way 

of describing the damping is with Rayleigh damping, assuming a linear combination of mass and 

stiffness matrices: 

Ci = αi Mi + βi Ki           (6.14) 

Where:  α and β are proportional damping coefficients or the ith part of the structure 

 
Figure 61. 1D damper in SCIA Engineer 

Next to the 1D and 2D dampers, SCIA allows the input of a support damper on a flexible nodal support, 

where the damping in X-, Y- and Z-direction can be adjusted, as shown in Figure 62.  

 

 
Figure 62. Support damper in SCIA Engineer 
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The damping ratio per mode can be calculated according to the following formula: 

𝜁𝑗 = 𝐴𝑙𝑝ℎ𝑎 ∙
𝜙𝑠,𝑗

𝑇 [∑ 𝐶𝑠𝑠 ]∙𝜙𝑠,𝑗

4 𝜔𝑗
          (6.15) 

Where:  ωj is the circular frequency of mode j 

  Φs,j is the modal displacement in support node s for mode j 

  Cs is the damping constant for the support  

  Alpha is a user defined parameter (> 0) 

 

When no damping ratio is applied to an element, a default value will be used since all elements need 

a damping ratio for the calculation of the modal damping ratio. The basic value (see Figure 63) specifies 

this default value, which can be adjusted in the damper settings. Furthermore, the alpha factor for the 

support dampers can be adjusted in the damper settings. Additionally, when the composite modal 

damping ratio is calculated, the maximum value is set on a modal damping ratio of 20%. As Figure 64 

shows, damping influences the natural frequencies and periods of vibration of structural systems. The 

maximum modal damping is put on 20% since no further justification is required for damping values ≤ 

20%. This is due to the fact that the effect of the damping ratio on the natural period is negligible for 

damping ratios lower than 20% (Chopra, p.50, 2011). 

  

 

 
Figure 63. Damper settings SCIA Engineer 

 

For systems that consist of substructures with different damping properties, the composite damping 

matrix C can be determined with Eq. 6.16. 

𝐶 = ∑ 𝐶𝑖
𝑁
𝑖=1             (6.16) 

 

Composite modal damping values can also be calculated using the elastic energy of the structure when 

systems consist of major substructures with different damping ratios: 

𝜁𝑗 =
∑ 𝜁𝑖∙𝐸𝑖

𝑁
𝑖=1

𝐸
            (6.17) 

Where: E is the elastic energy of the structure, associated with the modal displacement   

of the considered eigenmode 

  N is the number of substructures 

  ζi is the damping ratio for the ith substructure 

  E is the elastic energy for the ith substructure 

 

Equation 6.17 can be rewritten including the stiffness matrix: 

𝜁𝑗 =
𝜙𝑗

𝑇 ∑ [𝜁𝐾]𝑖
𝑁
𝑖=1 ∙𝜙𝑗

 𝜔𝑗
2            (6.18) 

Where: [ζK]i is the stiffness matrix for the ith substructure in the global coordinate system,   

scaled by the modal damping ratio of the ith substructure.  

  Φj is the modal displacement for mode j 

  ωj is the circular frequency for mode j 

Figure 64. Effects of damping on the natural 
frequency (Chopra, p.51, 2011) 
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In order to check whether the damping ratio is calculated correctly by SCIA Engineer, 

an example of a multi-storey frame with added dampers (ζ = 0.05) is calculated. The 

dampers are implemented in the diagonal braces as shown in Figure 65. Since all 

elements need a damping ratio for the calculation of the modal damping ratio, the 

default value will also be put on ζ = 0.05. However, the default value is expressed as 

logarithmic decrement and thus this value will be: 

𝛬 = ln
𝑋1

𝑋11
=

2𝜋𝜁

√1−𝜁2
=

2𝜋 0.05

√1−0.052
= 0.314  

N T [s] Damp ratio 

1 7.53 0.0499 

2 3.26 0.0499 

3 1.91 0.0498 

4 1.59 0.0499 
Table 36. Damping ratios 

As Table 36 shows, the damping ratio is approximately 0.05 and thus it can be assumed that SCIA 

calculates the composite damping ratio correctly. In addition, the base shear force calculated in the 

damped situation (ζ = 0.05) is compared to a situation without dampers. The situation without dampers 

is calculated with the damping spectrum of 5% for the CQC method and therefore the base shear 

should be the same in both cases. Just like the negligible difference in damping ratios, there is a 

negligible difference in base shear forces between the two calculation methods These minor 

differences can be caused due to rounding errors. Hence, the results calculated with non-proportional 

dampers are assumed to be correct.  

 

Method  Base shear Force [kN] 

Composite damping 2302 

CQC method  2301 
Table 37. Comparison base shear forces 

In conclusion, SCIA offers the possibility to introduce damping in the model. Classical damping can be 

introduced with a damping percentage in the response spectrum and in the CQC method when a modal 

response analysis is executed. In addition, nonclassical damping can be introduced with 1D damping 

elements, 2D damping elements and support dampers. When these non-proportional (nonclassical) 

dampers are applied, the composite modal damping ratios are used instead of the data of the damping 

spectrum. The results calculated with added dampers (ζ = 0.05) are compared to the results calculated 

with the CQC method (ζ = 0.05) without added dampers. The differences in the results are negligible 

and therefore the results of SCIA Engineer regarding damping in structures are assumed to be correct.  

 

6.3.3 Elastomeric base isolation 
Base isolation could be an effective way to gain seismic mitigation. Base isolators decouple structures 

from their foundations and reduce seismic energy that impacts on the building by elongation of the 

natural period. Consequently, the vibration mode is in the low part of the design response spectrum. 

The main requirements for the design of a base-isolated system are (Govardhan & Paul, 2016): 

▪ Ability to sustain gravity loads; 

▪ Low horizontal stiffness  → elongation of the shift period; 

▪ High vertical stiffness   → minimize amplification in vertical direction; 

▪ Energy dissipation capacity  → restrict large displacements; 

▪ Sufficient initial stiffness  → avoid vibrations due to service loads (i.e. wind loads).  

 

Figure 65. 
Multi-storey 
frame 
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The natural period of a damped system can be calculated according to the following equation: 

𝑇𝐷 =
𝑇𝑛

√1−𝜁2
            (6.19) 

Where:  TD is the natural period of the damped vibration 

  Tn is the natural period without damping 

  ζ is the damping ratio 

What can be obtained from Eq. 6.19 is that the damping ratio elongates the natural period of the 

structure. However, this effect is negligible for damping ratios below 20%. Hence, when the damping 

ratio is below 20%, the natural period of a base-isolated system can be calculated according to the 

following equation (Chopra, p.813, 2011): 

𝑇𝑏 =
2𝜋

𝜔𝑏
            (6.20) 

Where:  Tb is the natural period of the base-isolated system  

𝜔𝑏 = √
𝑘𝑏

𝑀+𝑚𝑔
  is the natural circular frequency of the base isolated system (6.21) 

For base isolators to be effective in reducing the forces in 

the building, Tb must be much longer than Tn of the fixed 

frame. However, the type of base isolator should first be 

specified. Elastomeric base isolators are suitable in resisting 

the high vertical loads of the datacentre since they contain 

high vertical stiffness. Furthermore, they contain relatively 

low horizontal stiffness, which is beneficial for elongation of 

the fundamental period.  

A High Damping Rubber Bearing (HDRB) consists of layers of rubber and steel plates bonded together 

by strong adhesion materials, shown in Figure 66. The function of the steel shims is confinement of the 

rubber layers to support vertical loads with low horizontal stiffness.  

 

The design of a HDRB depends on several parameters, which will be discussed here. For the design of 

the datacentre, High Damping Rubber Bearings of ISOSISM are used. The Model HDRB 1.4-16  with the 

following properties is applied to the structure (Coburn & Spence, 2003): 

 

Damping = 16% 

G = 1.4  MPa  Shear modulus 

Ø = 600 mm  Diameter   

Tr =   96 mm  Total thickness of elastomer  

H = 260 mm   Total height of isolator  

Δmax = 165 mm  Maximum horizontal displacement 

Vmax = 18660 kN Maximum vertical load under zero displacement  

Vseism = 16800 kN Maximum vertical load under maximum displacement  

Kr = 4.12 kN/mm Horizontal stiffness 

 

HDRBs exhibit nonlinear hysteretic material behaviour under seismic loads due to the added materials 

that increase the damping properties. The force-displacement relationship of the HDRBs may be 

represented as a bi-linear model, which is referred to as the pre-yield stiffness and the post-yield 

stiffness (Alhan et al., 2016). As Figure 68 shows, the area in the graph is small, which means that 

HDRBs have little energy dissipative behaviour. In fact, the energy dissipation by damping is 16% of the 

critical damping. Furthermore, the HDRBs do not have self-centering capability. However, the 

effectiveness of the HDRBs is in the elongation of the natural period and therefore HDRBs are 

examined in this paragraph.  

Figure 67. HDRB (Coburn & Spence, 2003) 

Figure 66. HDRB (Agrawal & Amjadian, 2016) 
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Figure 68. Force-displacement relation HDRB (Coburn & Spence, 2003) 

The damper itself is checked according to the maximum allowable vertical forces under both zero 

displacement and maximum displacement. The dampers will be applied under each column at ground 

level and therefore the maximum vertical forces acting on the HDRB are equal to the maximum column 

forces.  

NEd,max = 18326 kN Vmax > NEd,max  Satisfied. 

Nseis,max = 14350 kN Vseism > Nseis,max  Satisfied.  

 

The checks for vertical loads regarding the isolators are satisfied. Moreover, the checks for the total 

horizontal deformations will be conducted. However, further checks for the isolators themselves are 

left out of consideration because the focus is on the effect of the dampers on the steel structure.  

 

The structure should be checked according to the requirements of NEN-EN1998-1 specific for (base-) 

isolated structures. The structural elements of buildings may be designed as non-dissipative. 

Consequently, capacity design and global or local ductility conditions do not need to be satisfied. 

Nevertheless, it is acceptable to consider a behaviour factor equal to or smaller than 1.5 according to 

NEN-EN1998-1. This behaviour factor for base isolated structures is discussed here considering a 

simplified model.  

This post elastic behaviour (q-factor) of an isolated structure is examined according to a simplified case 

of linear isolators. The isolated structure can be schematized as the two-masses-spring system shown 

in Figure 69.  

 
Figure 69. Simplified schematization post elastic behaviour isolated structure (JRC European Commission, 2004) 

The stiffness and mass of the isolators are indicated as ‘k’ and ‘m’, respectively; and the stiffness and 

mass of the structure are indicated as ‘K’ and ‘M’, respectively. The displacement is indicated as ‘u’. 

Figure 70 shows two different behaviours of the mass-spring system: 

1) Linear elastic behaviour of both the isolator and the structure; 

2) Linear elastic behaviour of the isolator and elasto-plastic behaviour of the structure. 
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Figure 70. Comparison linear and non-linear behaviours (JRC European Commission, 2004) 

The following equation is established with equality of displacements with respect to Figure 70: 
𝐹

𝑘
+

𝐹

𝐾
=

𝐹

𝑘𝑞
+

𝐹

𝐾𝑞
+ 𝑢𝑝𝑙           (6.22) 

 

From Eq. 6.22 the following equation is established:  

𝜇 =
𝑢𝑝𝑙

𝐹

𝐾𝑞

= (𝑞 − 1)[1 + 𝛽2]          (6.23) 

Where:  μ   is the ductility demand in the structure 

  upl  plastic deformation 

  q  is the behaviour factor  

𝛽 =
𝑇𝑎

𝑇𝑓
   Ta = period isolated structure 

Tf = period building without isolation 

 

What can be deduced from Eq. 6.23 is that even for rather low values of β the ductility demand will be 

high. Therefore, a behaviour factor for the isolated structure cannot be similar to the non-isolated 

structure (JRC European Commission et al., 2004). Hence, the limited behaviour factor of 1.5 from NEN-

EN1998-1 seems to be a logical value.  

In addition to the requirements of the behaviour factor, the Eurocode gives specific requirements for 

the seismic action regarding isolated structures. The two horizontal and the vertical components of 

the seismic action are assumed to act simultaneously. Therefore, the complete combination of seismic 

components should be used. 

In buildings of importance class IV, site-specific spectra including near source effects should also be 

taken into account, if the building is located at a distance less than 15 km from the nearest potentially 

active fault with a magnitude Ms ≥ 6.5. However, the Groningen earthquakes have a magnitude Ms < 

6.5, which is why the general elastic response spectrum is used. Moreover, the behaviour factor q = 

1.5 is not used since the structure should remain in the elastic range.  

 

Now that the assumptions and requirements for base isolated structures have been treated, the 

dampers will be added to the SCIA model. As mentioned in paragraph 6.3.2 Damping in SCIA Engineer, 

there are several options to model damping in SCIA Engineer. When the building is modelled as a 

single-mass-spring system, the base shear and the deformation of the isolation system can be 

estimated with a combined damping ratio implemented in the response spectrum. This combined 

damping ratio is called the composite damping ratio. The results calculated according to this simplified 

method are accurate for base-isolated structures if the natural period of the base-isolated structure is 

much longer than the natural period of the fixed structure (Chopra, p.818, 2011). However, the natural 

period of the fixed structure is relatively long (displacement sensitive region) and thus the natural 
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period of the base-isolated structure will not increase much. In fact, the natural period is elongated 

from 4.07s to 5.08s. Hence, the simplified method is unsuitable for the datacentre’s structure and 

therefore the damping is calculated by modal damping ratios in SCIA Engineer.  

Figure 71 shows the schematization of a fixed frame and of a base-isolated frame. Both frames contain 

the parameters mass (M), horizontal stiffness of the frame (k) and viscous damping (c). Several new 

parameters are added at the base isolated frame: the mass of the ground floor (mg), the horizontal 

stiffness of the base isolators (kb), and the linear viscous damping of the base isolation (cb).  

 
Figure 71. Schematization fixed frame (left) and base-isolated frame (right) 

As shown in the schematization of the fixed frame and base-isolated frame, the mass of the ground 

floor should be taken into account in addition to the mass of the other floors. Furthermore, the HDRBs 

have to be schematized in SCIA Engineer with a certain horizontal stiffness [kN/mm] and a certain 

damping [kNs/mm]. The assumptions regarding the HDRBs are discussed here.  

The mass of the ground floor consists of the own weight of the structure and the variable load of the 

data hall. In fact, the mass of the ground floor is assumed to be equal to the mass of the first floor. As 

a result, the total mass is M + mg = 102232679 kg. 

For efficiency of the isolation system, differential seismic displacements between devices should be 

avoided. Therefore, horizontal braces are added representing the diaphragm action of the ground 

floor. Just like the horizontal braces in the upper levels, they are schematized with great stiffness, but 

without weight.  

 

In order to schematize the base isolators, support dampers are modelled in the SCIA model. These 

dampers can be inputted in SCIA on a flexible node. In fact, horizontal springs represent the horizontal 

stiffness of 4.12 kN/mm of the base isolators. Additionally, the damping coefficient in kNs/mm should 

be inputted to represent the damping of the isolators. The damping ratio of the isolators is ζ = 0.16. 

The datacentre’s structure with base isolation is simplified to a damped SDOF system in order to 

calculate the damping coefficient. The damping coefficient is used to calculate the modal damping 

ratio. For a base-isolated SDOF system, the critical damping coefficient can be calculated according to 

the following expression (Chopra, p.822, 2011): 

𝑐𝑐𝑟 = 2(𝑀 + 𝑚𝑔)𝜔𝑏 = 2√𝑘𝑏(𝑀 + 𝑚𝑔) =
2𝑘𝑏

𝜔𝑏
        (6.24) 

Where:  ccr is the critical damping of the isolators  

M is the mass of the structure 

  mg is the mass of the ground floor  

  ωb is the natural circular frequency of the base-isolated system 

  kb is the horizontal stiffness of the isolators  

 

𝑐𝑐𝑟 =
2𝑘𝑏

𝜔𝑏
=

2∙4.12

1.24
= 6.645 kNs/mm   
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The damping ratio is 16% for the high damping rubber bearings and thus the damping coefficient per 

isolator can be calculated according to the following expression: 

ζ =
c

𝑐𝑐𝑟
             (6.25) 

Where:  ζ is the damping ratio 

c is the damping coefficient  

ccr is the critical damping coefficient 

 

cx = cy = 0.16 ∙ 6.645 = 1.063 kNs/mm 

 

The damping coefficients in x- and y-direction are implemented in SCIA Engineer. A new calculation in 

SCIA is executed regarding these assumptions. The emphasis of this mitigation method is on the 

protection of the structure from plastic deformations and it is therefore assumed that the braces 

should remain in an elastic range. Since the braces are assumed to behave elastically, the natural 

period of the datacentre’s structure is calculated considering both the diagonals in tension and 

compression. Table 38 shows the natural periods of the damped system.  

 

Mode Period [s] Wxi/Wxtot Wyi/Wytot Wzi_R/Wztot_R Damp ratio Damp co 

1 5.08 0.000 0.840 0.000 0.0722 0.9046 

2 4.60 0.819 0.000 0.010 0.0786 0.8818 

3 3.81 0.010 0.000 0.867 0.0922 0.8385 

4 2.15 0.000 0.098 0.000 0.0838 0.8644 

5 2.01 0.117 0.000 0.000 0.0982 0.8214 

6 1.60 0.001 0.000 0.090 0.1088 0.7936 

7 1.34 0.000 0.022 0.000 0.0805 0.8753 

8 1.28 0.034 0.000 0.000 0.1032 0.8079 
Table 38. Natural period structure with elastomeric base isolators 

The damping ratios given in Table 38 are used to calculate the damping coefficient (damp co), which 

influences the spectral accelerations. For example, for the first eigenmode only 90.46% is taken into 

account. The damping coefficient (damp co) is calculated with the following expression:  

𝜂𝑖 = √
10

5+𝑑𝑎𝑚𝑝 𝑟𝑎𝑡𝑖𝑜
  

 

As mentioned before, a damping spectrum is required for the execution of the CQC method. However, 

when non-proportional damping is used, SCIA uses the calculated composite modal damping ratios 

instead of the damping spectrum from the CQC method. Furthermore, when no damping ratio is 

assigned to an element, a default value will be used since all elements need a damping ratio in order 

to calculate the modal damping ratio. The structural damping value of ζ = 0.05 is inputted in the 

logarithmic decrement according to the following formula: 

𝛬 = ln
𝑋1

𝑋11
=

2𝜋𝜁

√1−𝜁2
=

2𝜋 0.05

√1−0.052
= 0.314    

 

The natural period of the base-isolated system is TD = 5.08s. Due to the reduced horizontal stiffness at 

the isolation interface, the natural period is elongated. Figure 72 shows the first three eigenmodes in 

which the shift at ground level for modes 1 and 2 can be seen. In addition, the shift in x- and y-direction 

ensures an increase in the modal participation factor (Wi/Wtot) in the first mode for both directions. As 

a result, the base shear force is reduced since the accelerations in the first mode are the lowest.  
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Figure 72. First three eigenmodes 

Table 39 shows the reduction of the base shear force for the damped system compared to the 

undamped system. The base shear force of the undamped system is calculated according to the elastic 

response spectrum. The reduction is not surprising since the structure became more flexible due to 

the horizontal stiffness of the base isolators. The 16% damping of the HDRBs ensures a reduction in 

base shear of approximately 10% in addition to the reduction ensured by the elongation of the natural 

period.  

 

System  Fx [kN] Fy [kN] 

Undamped 25447 23831 

Damped 17273 14823 
Table 39. Base shear forces 

The deformation of the structure is different compared to the preliminary design or the strengthened 

designs. In particular, deformation is concentrated in the isolation system, which can be seen at the 

shifts at ground level in Figure 73. The deformations of the isolators in x- and y-direction and the 

maximum allowable deformation in both directions are given in Table 40. The deformations of the 

isolators are checked with the base shear forces and their horizontal stiffness. 

𝑢𝑥 =
𝐹𝑥,𝑖

𝑘𝑏
  

Where:  ux is the horizontal deformation of the isolator  

Fx,i is the total base shear force divided by the number of isolators  

kb is the horizontal stiffness of the isolator 

 𝑢𝑥 =
𝐹𝑥,𝑖

𝑘𝑏
=

17273

141

4.12
= 29.7mm 

𝑢𝑦 =
𝐹𝑦,𝑖

𝑘𝑏
=

14823

141

4.12
= 25.5mm 

   

The difference between the deformations calculated by SCIA and the deformations calculated 

according to the expression above are minimal. These differences can be caused due to rounding errors 

and therefore the deformations calculated by SCIA are assumed to be correct. However, the 

deformations are very small compared to the maximum allowable deformations for the isolators. This 

is explained due to the high horizontal stiffness, which is part of the isolators that provide high vertical 

resistance. This high vertical resistance is required to resist the high vertical loads of the datacentre. 

Consequently, the deformations of the base isolators are small and thus the reduction in base shear is 

small too. The high vertical loads might also be a reason why base isolation is not often applied in high 

rise buildings. 
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Direction Horizontal deformation 
[mm] 

Max. allowable horizontal 
deformation [mm] 

X 29.2 165 

y 25.6 165 
Table 40. Horizontal deformations isolators 

Comparing the deformation of the damped system with the undamped system, the deformation for 

the damped system is reduced with approximately 17%. The horizontal stiffness of the base isolation 

ensures extra deformation at ground level. On the other hand, a reduction in deformation is ensured 

by the damped base shear force compared to the undamped base shear force.  

 

System ux [mm] uy [mm] uz [mm] Utot [mm] 

Damped 35.4 125.0 61.2 143.6 

Undamped 43.6 151.5 66.7 171.1 
Table 41. Deformations 

       
Figure 73. Deformation damped system 

While the total deformation is reduced with only 17%, the storey accelerations and interstorey drifts 

are significantly reduced with approximately 50%. Due to this significant reduction, the DL limit state 

checks for interstorey drifts are satisfied.  

 

 Undamped Base isolators 

Level Ax [m/s-2] Δx [mm] Ax [m/s-2] Δx [mm] 

7 1.035 31.8 0.545 17.0 

6 0.488 26.4 0.333 16.4 

5 0.455 41.4 0.249 28.0 

4 0.763 30.5 0.382 18.2 

3 0.450 29.2 0.252 21.1 

2 0.830 21.1 0.303 15.7 

1 0.596 26.0 0.380 12.5 

0 0 0 0.289 29.2 
Table 42. Storey acceleration and interstorey drift in x-direction  

Normally, the design response spectrum with a certain behaviour factor would have been used to 

calculate the diagonal forces. However, the emphasis of the base isolators is to keep the structure in 

an elastic range and therefore the damped elastic response spectrum is used.  



71 
 

Table 43 gives the unity checks of the normative diagonals according to the NC limit. As it shows, four 

unity checks for the diagonals are not satisfied and the unity checks for the other diagonals are high.  

 

Level Npl [kN]  NEd [kN]  UC 

7 244 259 1.06 

6 487 480 0.99 

5 487 704 1.45 

4 1056 964 0.91 

3 1056 1172 1.11 

2 1385 1188 0.86 

1 1694 1711 1.01 
Table 43. Unity checks normative diagonals 

In conclusion, the emphasis of this mitigation method is on the protection of the structure from plastic 

deformations and therefore also the braces should remain in an elastic range. The diagonal forces are 

greater than the plastic resistance of the diagonals and thus these unity checks are not satisfied. The 

unity checks for the DL limit state, on the other hand, are satisfied due to a reduction of approximately 

50% in interstorey drifts. Furthermore, damping has relatively great influence on short periods (the 

acceleration sensitive region 0 < Tn < 0.6s), but hardly any influence on the long periods (the 

displacement sensitive region). The datacentre’s natural period is relatively long (displacement 

sensitive region) and thus damping has minor impact on the structure. In addition, due to the high 

vertical loads of the datacentre, isolators with high vertical resistance and corresponding relatively 

high horizontal stiffness are applied. Due to the high horizontal stiffness, the horizontal deformations 

of the isolator are small and the reduction in base shear force is small too. Hence, due to the high 

vertical loads of the datacentre, base isolators are quite ineffective for the reduction of base shear 

forces.  

 

 

6.3.4 Fluid Viscous Dampers 
The fluid viscous damper is a passive energy dissipation system, which is used in the absorption and 

dissipation of seismic energy. The dampers are made up of a cylinder, which is filled with nearly 

incompressible silicone fluid, and a stainless-steel piston, which divides the cylinder into two 

compartments. When the damper is subjected to a compressive force, the piston rod moves, which 

leads to a decrease in volume in the cylinder. The decrease in volume results in a restoring force FD, 

which can be calculated according Eq. 6.26.  

 

𝐹𝐷 = 𝐶𝑑 ∙ (�̇�𝑑)𝛼 ∙ sin(�̇�𝑑)          (6.26) 

 

With:  ud(t) = u0 ∙ sin(ω∙t)         

Where:  �̇�𝑑 is the velocity between two ends of the damper; 

  Cd is the damping constant 

  u0 is the amplitude of the displacement 

  ω is the loading frequency 

  t is the time 

  α exponent, which depends on the viscosity properties of the fluid and the piston 
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Figure 74. Fluid Viscous Damper (Ras & Boumechra, 2016) 

The value of α may be less than or equal to 1; α = 1 for a linear viscous damper and α < 1 for a non-

linear viscous damper. Both linear and nonlinear viscous dampers could improve the seismic 

performance of structures. FEMA 451 demonstrates that non-linear FVDs perform better than the 

linear FVDs in terms of seismic energy dissipation. However, only α is changed, and C is kept constant 

in this comparison. A study by Banazadeh and Ghanbari, on the contrary, demonstrates that Moment 

Resistance Frames (MRFs) with linear FVDs perform better than MRFs with non-linear FVDs with equal 

damping ratio (Banazadeh & Ghanbari, 2017). Therefore, linear FVDs will be applied to the datacentre’s 

structure. 

The FVD-H series dampers are typically used on building applications, where the damper is not under 

constant vibration or movement (ITT, 2015). The damper is connected to the brace as shown in the 

reference project (Taylor & Katz, 2002) of Figure 76. 

 
Figure 75. FVD-H series (ITT, 2015) 

The FVDs applied to the structure of the datacentre contain a damping ratio of 16% in order to make 

an appropriate comparison with the base isolation case. In addition, when the damping ratio is smaller 

than or equal to 20%, no further justification is needed. The properties of the damper are shown in 

Table 44, which corresponds with the parameters of Figure 75. The damping force is calculated 

according to the follow formula: 

FD = CVα           (6.27) 

Where:  α = 1; linear viscous damper 

 

Model Max. 
Damping 
[kN] 

Stroke ± 
S [mm] 

“A” 
[mm] 

“B” 
[mm] 

“C” 
[mm] 

“D” 
[mm] 

“E” 
[mm] 

“F” 
[mm] 

FVD-H 1000-150 1000 75 1070 201 77 104 134 67 
Table 44. Properties FVD-H (ITT, 2015) 

 

Figure 76. Reference project of a brace damper 
(Taylor & Katz, 2002)  
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Figure 77. Linear damping configuration (ITT, 2015) 

The critical damping coefficient is calculated for x- and y-direction for the determination of the 

damping coefficient C. 

𝑐𝑐𝑟,𝑥 =
2𝑘

𝜔𝑥,1
=

2∙16667

1.63
= 20450 kNs/m 

𝑐𝑐𝑟,𝑦 =
2𝑘

𝜔𝑦,1
=

2∙14286

1.54
= 18553 kNs/m  

 

The damping ratio ζ is 0.16 and thus the damping coefficients in x- and y-direction are: 

cx = 0.16 ∙ 20450 = 3272 kNs/m 

cy = 0.16 ∙ 18553 = 2968 kNs/m  

 

The required velocity of the dampers is calculated with the following expressions: 

𝑣𝑥 =
𝐹𝐷

𝐶𝑥
=

1000

3272
= 0.30  

𝑣𝑦 =
𝐹𝐷

𝐶𝑦
=

1000

2968
= 0.34  

 

Hence, the FVDs are classified in graph C of Figure 77. In fact, FVD-H-1000-S-0150-α-1.0-v-0.30 are 

applied to the diagonals in x-direction and FVD-H-1000-S-0150-α-1.0-v-0.34 are applied to the 

diagonals in y-direction. These values represent respectively the maximum damping force [kN], the 

total stroke [mm], the exponent, which depends on the viscosity properties of the fluid and the piston 

and the maximum velocity [m/s].  

 

The behaviour of the FVDs can be described by a hysteretic loop in the form of an ellipse for pure 

viscous linear behaviour, which can be seen in the left force-displacement diagram of Figure 78. The 

following equation describes the ellipse: 

(
𝑢

𝑢0
)

2
+ (

𝑓𝐷

𝑐𝜔𝑢0
)

2
= 1           (6.28) 

The area in the ellipse represents the dissipated energy, given by: 

ED = π c ω u0
2           (6.29) 
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The force-displacement behaviour will change if the damper contains restoring force. Particularly, the 

behaviour of the damper, combined with the elastic behaviour of the structure provide viscoelastic 

behaviour, which is shown in the right force-displacement diagram of Figure 78. The area of the viscous 

damper (left) is equal to the area of the spring and viscous damper in parallel (right) and thus the 

energy dissipation capacity is the same.  

 
Figure 78. Force-displacement for (a) viscous damper; (b) spring and viscous damper in parallel (Chopra, p.101, 2011) 

The base isolated structure is checked according to requirements specific for (base) isolated structures. 

However, there are no requirements regarding fluid viscous dampers in NEN-EN1998. The American 

Society of Civil Engineers (ASCE) does provide requirements regarding structures with damping 

systems. Hence, the ASCE 7-05 is used as reference for the design of the damped system with FVDs. 

The assumptions regarding the requirements and checks are discussed here.  

 

The response spectrum analysis method is permitted to be used for design of structures with damping 

systems provided that: 

1) in the direction of interest, the damping system has at least two damping devices in each 

storey, configured to resist torsion; 

2) the total effective damping of the fundamental mode of the structure in the direction of 

interest is not greater than 35% of critical.  

 

The first requirement is fulfilled with the damper configuration shown in Figure 79, where the dampers 

are indicated in purple in the section view (left) and in the plan view (right). The second requirement 

is also fulfilled since the damping ratio is less than 35%.  

Although experimental studies have shown that the efficiency of dampers on lower stories is more 

effective than on upper stories, all braces are equipped with FVDs with the same relative damping (Ras 

& Boumechra, 2016). The damping ratios are kept the same for a fair comparison with the base 

isolators, which have the same damping ratio.  

 
Figure 79. Damper configuration 
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The SCIA model represents the spatial distribution of mass, stiffness, and damping throughout the 

structure. The ASCE 7-05 requires that elastic stiffness of elements of the damping system other than 

damping devices shall be explicitly modelled. In particular, velocity-dependent damping devices that 

have a stiffness component shall be modelled with an effective stiffness corresponding to the 

amplitude and frequency of interest. However, the stiffness of the brace damper is assumed to be 

equal to the stiffness of the RHS profile. Hence, the dampers with a relative damping of ζ = 0.16 are 

added to the braces and the braces maintain their original stiffness.  

 

A design spectrum regarding the ASCE 7-05 should be constructed for the maximum considered 

earthquake. This design spectrum should not be taken as less than 1.5 times the design spectrum for 

the design earthquake. However, the emphasis of the FVDs is to keep the structure in the elastic range 

and therefore the elastic response spectrum is used. Furthermore, the two horizontal components and 

the vertical component of the seismic action are assumed to act simultaneously. A new calculation in 

SCIA is executed, which considers these assumptions and requirements of which the results are shown 

in Table 45. 

 

The natural period is not affected by the Fluid Viscous Dampers since the stiffness of the brace dampers 

is assumed to be equal to the stiffness of the RHS profiles and the damping ratio is less than 20%. 

Hence, the natural period for the damped system with FVDs is the same as for the undamped system. 

 

Mode Period [s] Wxi/Wxtot Wyi/Wytot Wzi_R/Wztot_R Damp ratio Damp co 

1 4.07 0.000 0.740 0.000 0.1341 0.7371 

2 3.85 0.741 0.000 0.004 0.1419 0.7218 

3 2.96 0.004 0.000 0.739 0.1390 0.7274 

4 1.77 0.000 0.155 0.000 0.1367 0.7318 

5 1.72 0.149 0.000 0.000 0.1429 0.7201 

6 1.28 0.000 0.000 0.153 0.1442 0.7176 

7 1.18 0.000 0.065 0.000 0.1187 0.7699 

8 1.13 0.065 0.000 0.000 0.1270 0.7516 
Table 45. Natural periods structure with FVD 0.16 

The modal damping ratios given in Table 45 are calculated with the following expression:  

𝜁𝑗 =
𝜙𝑗

𝑇 ∑ [𝜁𝐾]𝑁
𝑖=1 ∙𝜙𝑗

 𝜔𝑗
2   

The damping ratio is used in the following expression to calculate the damping coefficient (damp co):  

𝜂𝑖 = √
10

5+𝑑𝑎𝑚𝑝 𝑟𝑎𝑡𝑖𝑜
  

 

Table 46 demonstrates that the base shear force for the system damped with FVDs is reduced 

compared to the undamped system. In fact, the base shear is reduced with approximately 25%, which 

corresponds with the reduction by the damping coefficients from Table 45, which is approximately 

25%. Furthermore, the damping of the FVDs (approximately 25%) seems to be more effective than the 

damping of the base isolators (approximately 10%), which might be explained due to the fact that the 

natural period of the base-isolated structure is longer compared to the structure with FVDs.  

 

System  Fx [kN] Fy [kN] 

Undamped 25447 23831 

Damped FVD 0.16 20582 19516 
Table 46. Base shear forces 
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The reduction in storey accelerations and interstorey drifts, on the other hand, is more effective with 

FVDs compared to the reduction in base shear force. Table 47 shows that the accelerations and 

interstorey drifts of levels 3 to 7 are reduced with almost 35%, whereas the base shear force is reduced 

with approximately 20%.  

 

 Undamped FVD 

Level Ax [m/s-2] Δx [mm] Ax [m/s-2] Δx [mm] 

7 1.035 31.8 0.664 20.5 

6 0.488 26.4 0.333 16.9 

5 0.455 41.4 0.348 27.4 

4 0.763 30.5 0.520 23.1 

3 0.450 29.2 0.341 20.8 

2 0.830 21.1 0.671 16.5 

1 0.596 26.0 0.474 21.1 
Table 47. Storey acceleration and interstorey drift 

In addition to the effectiveness in reduction of the accelerations and interstorey drifts, the deformation 

is significantly reduced. In fact, the horizontal deformation is reduced with approximately 45%. Hence, 

it can be concluded that the FVDs with relative damping of 0.16 are effective in reducing the 

deformations of the steel structure.  

 

System ux [mm] uy [mm] uz [mm] Utot [mm] 

Damped 26.1 87.1 60.4 109.2 

Undamped 43.6 151.5 66.7 171.1 
Table 48. Deformations 

Nevertheless, the high base shear force leads to high diagonal forces. Table 49 shows that the 

resistance checks for all diagonals are not satisfied. Hence, it can be concluded that FVDs in this 

configuration with relative damping of 0.16 are not suitable for the datacentre’s steel structure 

considering the resistance checks.  

 

Level Npl [kN]  NEd [kN]  UC 

7 244 331 1.36 

6 487 543 1.11 

5 487 745 1.53 

4 1056 1152 1.09 

3 1056 1205 1.14 

2 1385 1424 1.03 

1 1694 2048 1.21 
Table 49. Diagonal forces FVD 0.16 

In order to check the influence of the damping ratio of the FVDs on the base shear force and the 

horizontal deformation, the damping ratio is increased to ζ = 0.30. The modal damping ratio is 

increased to 26% and thus exceeds the boundary of 20% from where the damping ratio affects the 

natural period. However, the calculation by SCIA is executed without taking the damped period into 

account, since the focus is on the damping ratio. Note, the results might be too conservative.  
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As Table 50 demonstrates, the reduction in base shear force of the FVDs 0.30 is minimal compared to 

FVDs 0.16. The base shear force is reduced with only 10% compared to the system with FVDs 0.16.  

 

System  Fx [kN] Fy [kN] 

Undamped 25447 23831 

Damped FVD 0.16 20582 19516 

Damped FVD 0.30 18328 17414 
Table 50. Comparison base shear forces 

The deformations, on the other hand, are reduced with approximately 20% compared to the FVDs 0.16 

system. This reduction is minimal compared to the reduction of 45% between the undamped system 

and the FVDs 0.16 system.  

 

System ux [mm] uy [mm] uz [mm] Utot [mm] 

Undamped 43.6 151.5 66.7 171.1 

Damped 0.16 26.1 87.1 60.4 109.2 

Damped 0.30 18.7 64.1 57.8 88.3 
Table 51. Comparison deformations 

In conclusion, FVDs are added to the braces with a damping ratio ζ = 0.16. FVDs in this damping 

configuration lead to a reduction of approximately 20% in base shear force and 45% in deformations. 

Although the base shear force is reduced, the resistance checks for the diagonals according to the NC 

limit state are not satisfied. FVDs with an increased damping ratio of ζ = 0.30 also seem to be ineffective 

in reducing the base shear force. In fact, the base shear force is reduced by only 10% compared to the 

system with FVDs 0.16. Note that the effect of the damping ratio on the natural period is not taken 

into account. Nevertheless, FVDs are ineffective as a seismic mitigation method for the datacentre’s 

steel structure. In fact, damping has a relatively great influence on short periods (the acceleration 

sensitive region 0 < Tn < 0.6s), but hardly any influence on the long periods (the displacement sensitive 

region). The datacentre’s natural period is relatively long (displacement sensitive region) and thus 

damping has minimal impact on the structure. 
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7. Comparison  
The previous chapter showed that the effect of an earthquake on a steel structure can be managed by 

seismic strengthening and mitigation methods. Four of these methods have been discussed, including 

the improvement of ductility, the application of BRBs, elastomeric base isolators and FVDs. This 

chapter compares these methods based on the effect on the steel structure of the datacentre.  

 
A comparison is made between the natural periods, the base shear forces, the storey accelerations, 

the interstorey drifts and the hysteretic behaviour of each strengthening and mitigation method.   

Figure 80 shows the natural period per mode for each design. The natural periods of BRB structure and 

the structure with improved ductility are almost identical. In addition, these two designs contain the 

longest natural periods compared to the other designs. The long period for the structure with 

improved ductility is explained by the ‘tension-only approach’ of NEN-EN1998-1. Only the tension 

diagonals are considered in this approach, which leads to a significant reduction in stiffness. In 

addition, the braces’ cross sections are reduced compared to the preliminary design since the seismic 

forces are reduced by the permitted behaviour factor of q = 3.2. Hence, these two reductions in 

stiffness lead to elongation of the natural period. The elongated period of the BRB structure can be 

explained in a similar way since in the BRB configuration the number of diagonals has also been halved 

compared to the preliminary design. Moreover, the behaviour factor of q = 3.2 leads to reduced cross-

sectional areas of the BRBs.  

The base isolators decouple the structure from its foundation with elastomeric rubber bearings. The 

horizontal stiffness at the base isolation interface is reduced compared to the preliminary design with 

horizontally fixed frames at ground level. This reduction in stiffness results in an elongation of the 

natural period compared to the preliminary design. In addition, since the damping ratio is smaller than 

20%, damping does not affect the natural period for the damped structure.  

Furthermore, the natural periods of the structure with FVDs are identical to the natural periods of the 

preliminary design. The FVDs are added to the diagonals and the diagonals maintain their stiffness. 

Hence, both the stiffness and the mass are the same and thus the natural periods are the same. 

Additionally, the natural period is not affected by damping since the damping ratio is smaller than 20%. 

 

 
Figure 80. Natural period per mode 
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The base shear force is related to the natural period. In fact, more flexible structures with higher 

natural periods are exposed to lower base shear forces. Figure 81 shows the base shear forces per 

design in x-direction (left) and y-direction (right) in which the base shear forces for the preliminary 

design are calculated according to the elastic response spectrum. The structure is stiffer in x-direction 

and the base shear is therefore greater in this direction. Furthermore, Figure 81 shows that all applied 

seismic strengthening or mitigation methods reduce the total base shear in x- and y-direction. 

However, the reduction in base shear for the damped structures (FVDs and base isolation) is minimal 

compared to the strengthened structures (BRBs and improved ductility). Damping has a relatively great 

influence on short periods (the acceleration sensitive region), but hardly any influence on the long 

periods (the displacement sensitive region). The datacentre’s natural period is relatively long 

(displacement sensitive region) and thus damping has minimal impact on the structure. The reduction 

in base shear forces for the base-isolated structure is greater than the structure with FVDs since the 

natural period is elongated due to the horizontal stiffness of the isolators.  

The significant reduction in base shear forces for the strengthened structures is explained by their 

great flexibility and their long natural periods, which is why the strengthening methods seem to be 

much more effective for the reduction in base shear forces compared to the mitigation methods.  

 

 
Figure 81. Base shear forces 

The storey accelerations are also dependent on the flexibility of the structure and its natural period. 

Stiffer structures with short natural periods attract greater accelerations, which can be seen in Figure 

82 where the preliminary design is exposed to the largest storey accelerations. The storey 

accelerations for the structure with FVDs are smaller compared to the preliminary design, but the 

proportions between the levels are almost identical. The base-isolated structure, on the other hand, 

shows a different behaviour for the accelerations of level 0 to 2 due to the horizontal stiffness of the 

base isolators. Despite its different behaviour, the accelerations for all storeys are reduced compared 

to the preliminary design. However, the strengthened structures exhibit the greatest reduction in 

storey accelerations. In addition, the difference in accelerations between the storeys is minimal for 

both the BRB structure and the structure with improved ductility. Although the diagonals for the BRB 

structure and the structure with improved ductility differ, the storey accelerations are almost identical. 

This similar behaviour may be explained by the natural periods, which are almost identical, and the 

specific requirements for steel structures in NEN-EN1998-1 and NPR9998, which account for 

homogeneous behaviour of the dissipative diagonals.  
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Figure 82. Storey accelerations in x-direction 

While the proportions in acceleration between the levels show similar behaviour between the 

different strengthening and mitigation methods, there is no clear relation found between the 

interstorey drifts. Figure 83 shows the interstorey drifts for the different designs. Due to higher modes, 

the interstorey drifts at levels 4 and 5 might be larger than the interstorey drifts at the other levels. 

Despite the fact that no clear relation between the interstorey drifts is found, the interstorey drifts for 

all levels (except the ground level at the base-isolated structure) are reduced compared to the 

preliminary design.  

 

 
Figure 83. Interstorey drifts 

So far, the strengthening methods seem to be the best for an earthquake-resistant design of the 

datacentre. However, the strengthening methods dissipate energy due to yielding of the diagonals, 

which causes residual deformations to the structure. In fact, it is less expensive to rebuild a structure 

than to retrofit a structure that has residual story drifts larger than 0.6% of the story height. Figure 84 

illustrates the hysteretic behaviour of the CBF structure with improved ductility (left) and of the BRB 

structure (right). BRBs show improved energy dissipative behaviour compared to the CBF structure 
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since the BRBs dissipate energy both in compression and tension, while the CBF structure hardly 

dissipate energy in compression. Despite the great energy dissipative behaviour of the strengthened 

structures, the residual deformation becomes larger after every cycle of seismic loading. As a result, 

the braces will be damaged and need to be replaced.  

 

 
Figure 84. Hysteretic behaviour; CBF structure (left), BRB structure (right) 

 

The mitigation methods show less effective energy dissipative behaviour than the strengthening 

methods. However, the mitigation methods do not suffer the disadvantage of the residual 

deformations. Figure 85 illustrates the hysteretic behaviour of the base-isolated structure (left) and of 

the structure with FVDs (right). The area in the graph of the hysteretic behaviour indicates the energy 

dissipated by the strengthened or mitigated structure. Hence, comparing Figure 84 to Figure 85, the 

difference in energy dissipative behaviour becomes clear. In addition, the comparison also illustrates 

the residual deformations, which are much smaller for the mitigated structures.  

 

 
Figure 85. Hysteretic behaviour; Elastomeric base isolators (left), structure with FVDs (right) 
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8. Conclusions and recommendations  
The previous chapter compared the four strengthening and mitigation methods with regard to the 

natural period, base shear force, interstorey drifts, and hysteretic behaviour. This final chapter 

provides the conclusions and recommendations of the graduation project.  

 

8.1 Conclusions  
The design of the steel structure for a datacentre is based on gravity and wind loads. The structure of 

the datacentre is characterized by its high variable loads (12 kN/m2). The high variable loads in 

combination with the relative low horizontal stiffness result in a long natural period for the structure. 

The datacentre is checked for the Groningen seismic activity according to NEN-EN1998-1 and NPR9998. 

As a result, the datacentre’s structure is not earthquake-resistant and does not meet the specific 

requirements for structures located in seismic areas. Hence, two strengthening and two mitigation 

methods are applied to the structure in order to show their impact on the steel structure for the 

Groningen seismic activity.  

 

The first strengthening method is the improvement of ductility in the structure. The Concentrically 

Braced Frame (CBF) structure dissipates energy due to yielding of the diagonals. The structure should 

be designed so that only the appropriate diagonals dissipate energy due to yielding and that the main 

structure stays in the elastic range. The connections and adjacent members should be designed with 

sufficient overstrength regarding the dissipative members. NEN-EN1998-1 and NPR9998 consider this 

dissipative behaviour with a behaviour factor for ductile structures. Furthermore, only the diagonals 

loaded in tension should be taken into account in the seismic analysis according to these codes. As a 

result, due to the improved ductility, a behaviour factor of q = 3.2 may be utilized. This behaviour factor 

in combination with the ‘tension-only approach’ ensures a significant reduction in base shear force, 

which leads to an earthquake resistant building. In addition, the checks for interstorey drifts are 

satisfied with this strengthening method. However, the diagonals are exposed to residual 

deformations due to yielding of the diagonals and should be replaced when the residual deformations 

become larger than 0.6% of the storey height.  

 

The second strengthening method is the application of BRBs to the structure. Requirements for 

structures with BRBs are not provided in Eurocode 8 and thus requirements are based on the code 

AISC 341-16 (American Institute of Steel Construction, 2010), the study conducted by Bosco et al. 

(Bosco et al., 2015), and the design guide of Star seismic (Star seismic, 2009). BRBs exhibit stable 

hysteretic behaviour in compression and in tension, which leads to a significant reduction in base shear 

force. In addition, the checks for interstorey drifts are satisfied. However, the BRB structure suffers 

from the same drawback as the structure with improved ductility; the structure is exposed to residual 

deformations.  

 

In addition to the strengthening methods, the effect of base isolation on the structure is examined. In 

fact, High Damping Rubber Bearings (HDRBs) are added so that the structure is decoupled from its 

foundation to reduce the seismic energy that impacts on the building. The natural period of the 

structure is elongated by the reduction in horizontal stiffness caused by the isolators. The elongated 

natural period leads to a reduction in base shear force. In addition, the isolators are provided with 16% 

damping, which also contributes to the reduction of the base shear force. However, damping has 

relatively great influence for short natural periods, but hardly any influence for long natural periods. 

Therefore, damping has minimal impact on the structure. As a result, the resistance checks for the 
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diagonals are not satisfied, which makes this mitigation method ineffective for the seismic design of 

the datacentre.  

 

The second mitigation method is the application of Fluid Viscous Dampers (FVDs) to the structure. The 

ASCE 7-05 is used as reference for the design of the damped system since there are no requirements 

regarding FVDs provided by NEN-EN1998-1 or NPR9998. FVDs with 16% damping are added to the 

diagonals in a configuration, which meets the requirements of the ASCE 7-05. The natural period of 

the damped structure is the same as for the preliminary design since the stiffness of the structure is 

unchanged. The base shear force, on the other hand, is reduced compared to the preliminary design. 

Despite the reduction in base shear, the resistance checks for the diagonals are not satisfied. However, 

FVDs with the same damping ratio as the base isolators are more effective in the reduction of base 

shear force since the natural period of the structure with FVDs is shorter. Furthermore, FVDs with 

damping of 30% seem also to be ineffective for the seismic design of the datacentre.  

 

In conclusion, the effects on the steel structure of different seismic strengthening and mitigation 

methods have been examined in this thesis. The two strengthening methods seem to be effective for 

the seismic design of the datacentre, despite the fact that the strengthening methods have their 

drawback of the residual deformations after an earthquake. The two mitigation (damping) methods, 

on the other hand, seem to be ineffective for the seismic design of the datacentre since damping has 

hardly any influence on structures with long natural periods.  
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8.2 Recommendations  
This thesis was made to contribute to the knowledge about the seismicity in Groningen, the 

Netherlands. Despite the fact that the report draws some clear conclusions about the effectiveness of 

the four strengthening and mitigation methods on the steel structure of the datacentre, there are also 

subjects that require more research. This final paragraph highlights some subjects that raise questions 

and require more research.  

 

Paragraph 4.3.2 discusses design and detailing rules for Concentrically Braced Frames (CBFs) according 

to NEN-EN1998-1. The requirements for CBFs are based on an idealised approach where the 

compression diagonals will buckle early and have low post-buckling strength and stiffness, also called 

the ‘tension-only approach’. However, the buckling resistance depends on the brace properties, which 

are not considered in this approach. For example, steel hollow sections have a greater buckling 

resistance than steel strips, generally. Particularly, in low seismic regions, it is not confirmed that the 

diagonals in compression will buckle early. Therefore, it seems to be more logical to consider both the 

tension and compression diagonals. Experimental research will have to be carried out to find out 

whether this approach is applicable in low seismic regions in a design with dissipative diagonals 

executed as hollow sections.  

 

In addition to the rules for CBFs, NEN-EN1998-1 also provides rules for base-isolated structures. In fact, 

if the behaviour of the isolation system is considered as equivalently linear and the seismic action is 

defined through the elastic spectrum, a damping correction should be performed in accordance with: 

𝜂 = √
10

5+𝜁
≥ 0.55 where ζ is the viscous damping ratio of the structure, expressed as a percentage.  

The damping for steel structures is set on 5% by NEN-EN1998-1, which seems to be a rather high 

percentage, and the damping of the isolators applied on the datacentre is 16%. Hence, the viscous 

damping ratio of the structure is a combined damping ratio. When the building is modelled as a single-

mass-spring system, the base shear force and the deformation of the isolation system can be estimated 

with this combined damping ratio implemented in the response spectrum. The results calculated 

according to this simplified method are accurate for base-isolated structures if the natural period of 

the base-isolated structure is much longer than the natural period of the fixed structure (Chopra, 

p.818, 2011). However, the natural period of the fixed structure of the datacentre is rather long and 

the natural period of the base-isolated structure of the datacentre is not much longer. Hence, the base 

shear force and the deformation of the isolation system may not be estimated with the combined 

damping ratio. Consequently, it is unclear how to use the damping correction factor η in such 

situations. The validity of the damping correction factor might depend on the properties of the 

structure, with emphasis on the natural period. Further research might show how the damping 

correction factor can be used correctly.  
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Annex A: State-of-the-art: Seismic strengthening and mitigation 

methods  
 

This Annex gives an overview of the state-of-the-art of seismic strengthening and mitigation methods. 

The focus is on steel structures and the application of these methods on steel structures. A distinction 

is made between strengthening methods and mitigation methods.  

 

A.1. Strengthening methods  
A structure can be strengthened with permanent restraints and/or with temporary restraint devices. 

Strengthening of the structure ensures extra resistance, flexibility and ductility, which allows the 

structure to dissipate energy. Firstly, the seismic behaviour of different steel frame structures is 

examined. Secondly, different types of diagonals are examined, which can be implemented in the steel 

frames.  

 

A.1.1 Steel frame structures 
The focus is on steel since its high ductility is ideal for seismic design. Additionally, the strength and 

toughness of steel are useful in many applications. In order to utilize these benefits in seismic design, 

it is of great importance that the design is properly executed. This paragraph covers the main topics 

on energy dissipation in steel structures, steel moment-resisting frames (SMFs), Concentrically Braced 

Frames (CBFs) and Eccentrically Braced Frames (EBFs).  

Energy dissipation during an earthquake can be achieved by plastic behaviour of a steel component. 

However, plastic behaviour can cause significant damage to the structure. Therefore, the location of 

components in which plastic behaviour occurs should be such that the damage of these components 

does not affect the load carrying capacity of the main structure. Due to the energy dissipation in the 

plastic components, the main structure remains in the elastic range.  

The ductility of steel, however, generally reduces with an increase of the yield stress. Therefore, the 

minimum yield strength is used to design the structural components that are expected to yield during 

an earthquake.  

 

Steel Moment-Resisting Frames  

The design philosophy for steel moment-resisting frames is to dissipate earthquake-induced energy in 

plastic hinging zones. The desired location for plastic hinges is in beams and panel zones of the frame. 

The panel zone is the column web area delineated by the extension of beam and column flanges 

through the connection. The columns and beam-to-column connections, on the contrary, should be 

designed to remain elastic. The connections should therefore satisfy three criteria: 

1. Sufficient strength; 

2. Sufficient stiffness; 

3. A large post-yield deformation capacity without loss of strength. 

 

To locate the beam plastic hinge away from the face of the column, either the cross section of the 

beam can be reduced, or the beam-to-column connection can be reinforced. The reinforced 

connections can be designed with cover plates, welded flange plates, triangular haunches, straight 

haunches, and vertical plate ribs. Triangular T-shaped haunches appear to be the most effective since 

large plastic rotations are achieved with these types of connections (Yu, et al., 2000). The alternative 

for relocating the plastic hinge is to reduce the section of the beam. The sections can be reduced by 

tapering the flanges or by radius-cutting the flanges. However, the reduced width of the beam flange 
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increases the probability of web local buckling and lateral-torsional buckling. Hence, each type of 

connection has its own benefits and drawbacks with respect to the structural behaviour.  

 

Concentrically Braced Frames  

CBFs are used to provide lateral strength and stiffness to resist horizontal forces such as earthquake 

forces. The CBFs are currently one of the most widely used systems since they are easy to design and 

they are the most efficient in controlling lateral drifts of buildings (Kazemzadeh Azad et al., 2017). 

Figure 86 shows four types of CBFs. These frames can dissipate energy due to plastic deformations in 

the braces. The structure must be designed in such a way that the plastic deformations only occur in 

the appropriate braces without causing damage to the main structure (Mayes & Naeim, 2001). 

 
Figure 86. Braced frames- 1. diagonal braced 2. X-braced 3. Inverted V-braced 4. V-braced 

The CBFs are classified into three categories according to EC8: 

▪ Ductility Class Low (DCL)  low dissipative structural behaviour; 

▪ Ductility Class medium (DCM) medium dissipative structural behaviour; 

▪ Ductility Class High (DCH) high dissipative structural behaviour.  

 

Yielding in tension diagonals and buckling in compression diagonals contribute to energy dissipation. 

When the compression diagonals buckle, the load carrying capacity of the diagonals reduces 

significantly and the forces are redistributed into the tension braces. In the post-buckled stage, only 

the braces in tension are considered in the structural analysis since the buckled diagonals only provide 

a low residual resistance. According to EC8, for X- and diagonal braced frames, only tension diagonals 

will be considered in the structural analysis. For V-braced frames, both tension and compression braces 

are considered (Kazemzadeh Azad et al., 2017). 

 

Similar to steel moment-resisting frames connections, the brace connections must be stronger than 

the braces themselves. The connections of the V-braced frames, however, differ from the connections 

of single storey X-braced frames. Since the V-braced frames meet the beam at midspan, vertical forces 

from the diagonal braces can cause a plastic hinge in the middle of the beam as shown in Figure 87. 

Therefore, beams in chevron braced frames must be continuous between the columns.  

 
Figure 87. Failure mode inverted V-braced frame 

The braces of two storey X-braced frames also meet the beam at midspan. If the beam does not have 

sufficient strength or stiffness, the unbalanced loads will deflect the beam downwards or upwards, as 

shown in Figure 88. These deflections cause an increase in ductility demand of both the tension and 

compression braces.  
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Figure 88. Deformation intersected beam due to lateral loading (Kazemzadeh Azad et al., 2017) 

Eccentrically Braced Frames  

Eccentrically Braced Frames (EBFs) dissipate energy by yielding of shear links or moment links. In these 

frames, the axial force from the braces is transferred to columns or other braces due to shear and 

bending in a small part of the beam. This small critical part of the beam is called a link, indicated with 

‘e’ in Figure 89.  

 
Figure 89. Eccentrically braced frames- 1. D-braced 2. Split-V-braced 3. V-braced 

A short link will yield primarily in shear and causes a high relative frame stiffness, which is beneficial 

for drift control. If the link yields in shear, the ultimate strength is independent of its length. When the 

length exceeds the threshold, the link strength depends on flexure and shear. An increase of the link 

length causes a decrease in ultimate strength of the frame. However, the strength is not only based on 

the yield strength but also on strain-hardening and overstrength due to composite action of a slab.  

Likewise, detailing is of great importance in these frames. Full-depth web stiffeners must be placed at 

the link web at the diagonal-to-beam connection. In addition, the link must be braced laterally at each 

end to prevent out-of-plane twisting.  

 

A.1.2 Buckling Restrained Braces 
In addition to the variety of frames, there are multiple types of diagonals such as Buckling Restrained 

Braces (BRBs). BRBs consist of a steel core, which can have various cross-sectional shapes. The steel 

core is restrained from buckling by a concrete-filled tube and therefore they can yield in tension and 

compression. The steel core is decoupled axially from the restraining mechanism so that the axial force 

is carried by the steel core only (Bosco et al., 2015). Figure 90 illustrates a schematic representation of 

a BRB. This figure shows that the cross-sectional area of the yielding core is smaller than the cross-

sectional area of the transition and connection segments. This difference ensures yielding in the 

relevant part of the BRB. Hence, the purpose of BRBs is to provide energy dissipation due to yielding 

both in tension and compression and to ensure the adjacent beams and columns to remain in an elastic 

range.  
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Figure 90. Schematic representation of a BRB (Bosco et al., 2015) 

The typical cyclic behaviour of BRBs is shown in Figure 91 in which Pysc represents the axial yield 

strength of the steel core. Because they yield in tension and compression, they exhibit ductile cyclic 

behaviour with significant energy dissipation. The maximum tension force of BRBs is higher than the 

plastic resistance due to strain hardening. In addition, the maximum compression force is slightly 

greater than the tension force due to Poisson expansion and friction at the interface between the core 

and the restraining mechanism (Kersting et al., 2015).  

 

 
Figure 91. Force-displacement diagram BRB (Kersting et al., 2015) 

Although, BRBs exhibit superior energy dissipation capacity and stable hysteretic characteristics, their 

low post-yield stiffness is a drawback of the system since it can lead to large residual deformation after 

seismic loading. In fact, it is less expensive to rebuild a structure than to retrofit a structure that has 

residual story drifts larger than 0.6% of the story height (Erochko, Christopoulos, 2015). 

 

A.1.3 Self-Centering Buckling Restrained Braces 
To address the drawbacks of buckling restrained braces, Self-Centering Buckling Restrained Braces (SC-

BRBs) have been developed, which are able to manage residual deformations.  

One type of a SC-BRB is the Telescoping Self-Centering Energy-Dissipative brace (T-SCED). Figure 92 

shows a T-SCED brace of which the self-centering behaviour of the brace is provided by the 

pretensioned tendons. This brace has a typical flag-shaped hysteretic response form, which means that 

T-SCED braces have half the energy dissipation capacity with respect to BRBs. However, the T-SCED 

brace does recenter the displacement response after each cycle and thus eliminates residual drifts in 

the structure. Furthermore, internal friction dampers are used to provide energy dissipation in the 

system. Stainless-steel plates welded to the friction interface plate provide friction in the dampers. 

The self-centering capability of this T-SCED satisfies with storey drifts of ±1.5 to ±2.0% of the story 

height. 
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Figure 92. T-SCED (Erochko et al., 2015) 

However, this self-centering capability is limited by the length of the brace members and by the 

pretensioned tendons’ material. To counter the limitations of the T-SCED brace, a new T-SCED brace is 

developed with an extra member added of which the configuration is shown in Figure 93. Due to the 

intermediate member and the extra tendon, the T-SCED has double elongation capacity. Because the 

elongation capacity can be doubled with this configuration, the system enables full self-centering 

under extreme levels of seismic loading. Furthermore, this concept could be extended to include more 

intermediate members.  

 

 
Figure 93. T-SCED brace with intermediate member (Erochko et al., 2015) 
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A.2. Mitigation methods  
Seismic mitigation can be obtained by damping, yielding or a combination of both. The application of 

damping devices results in an elongation of the natural period and an increase in the energy dissipation 

capacity of the structure. The aim of the mitigation methods is to protect the main structure from 

plastic deformations and from consequential damage. The damping methods will be examined first, 

followed by the steel hysteretic dampers. 

 

A.2.1 Base isolation 
Base isolation could be an effective way to gain seismic mitigation. Base isolators decouple structures 

from their foundations and reduce seismic energy that impacts on the building by elongation of the 

natural period. Consequently, the vibration mode is in the low part of the design response spectrum. 

The main requirements for the design of a base-isolated system are (Govardhan & Paul, 2016): 

▪ ability to sustain gravity loads; 

▪ low horizontal stiffness  → elongation of the shift period; 

▪ high vertical stiffness   → minimize amplification in vertical direction; 

▪ energy dissipation capacity  → restrict large displacements; 

▪ sufficient initial stiffness  → avoid vibrations due to service loads (i.e. wind loads).  

 

Elastomeric base isolators  

The elastomeric isolator consists of layers of rubber and steel plates bonded to each other by strong 

adhesion materials (Figure 94). The function of the steel plates is confinement of the rubber layers to 

support vertical loads with low horizontal stiffness. An elastomeric isolator has high stiffness in vertical 

direction but low stiffness in horizontal direction. Three different elastomeric isolators will be 

discussed; Low Damping Rubber Bearings (LDRB), High Damping Rubber Bearings (HDRB) and Lead 

Rubber Bearings (LBR).  

 

 
Figure 94. Elastomeric bearing (Nishi & Murota, 2013) 

 

LDRBs are designed to resist creep and temperature effects, and have little damping capability (in the 

range of only 2% of critical damping). Therefore, LDRBs should be combined with other seismic 

isolators to achieve a sufficient seismic design.  HDRBs, on the other hand, have a damping ratio in the 

range of 10-20% of critical damping, which makes them suitable for seismic design (Agrawal & 

Amjadian, 2016). 

 

A lead core is inserted into the LRB isolators, which allows for a greater dissipative capacity and a 

greater capability in reducing the maximum displacements at the base of a structure. The LRBs have a 

damping ratio of 30% of the critical damping. However, the decrease in the maximum base 

displacement might cause an increase of the interstorey drifts with potentially more damage to the 

non-structural elements (Cancellara & De Angelis, 2016). 
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Figure 95.  (1) LDRB / HDRB       (2) LRB    (Agrawal & Amjadian, 2016) 

Sliding isolators  

Sliding isolators dissipate energy due to friction caused by two stainless steel plates that slide over 

each other during an earthquake. TO initiate the sliding mechanism, the intensity of exciting force must 

be more than frictional force of isolator. The following sliding isolators are discussed: 

▪ pure friction system; 

▪ friction pendulum system; 

▪ double Concave Friction Pendulum; and 

▪ triple Concave Friction Pendulum.  

 

Pure Friction system 

Pure Friction (PF) isolators dissipate energy due to two flat stainless-steel plates that slide over each 

other. The isolator will be activated when the excitation force is greater than the frictional force. 

Therefore, the acceleration response is independent of the frequency and the amplitude of excitation, 

which is the main advantage. Contrarily, the main disadvantage of PF system is the geometry of sliding 

surface. Due to the flat surface large displacements might occur when there is insufficient restoring 

force. A higher friction coefficient will reduce the large displacement. As a consequence, a higher force 

is needed to activate the isolator. Hence, the isolator will not be activated under small earthquakes, 

which means that the structure acts rigidly under small earthquakes (Girish & Pranesh, 2009). 

 

Friction Pendulum System  

The Friction Pendulum System (FPS) combines the frictional sliding of steel surfaces and the pendular 

motion of the slider on a spherical surface. During an earthquake, the slider moves on the spherical 

surface lifting the structure and dissipating energy by friction between the spherical surface and the 

slider. Due to concavity, the FPS is able to recenter by itself under gravitational force. Furthermore, 

the horizontal stiffness and the frictional force in each isolator are directly proportional to the normal 

force acting on them, which minimizes the torsional motions on the structure. As a result, the centre 

of rigidity of the FPS constantly coincides with the centre of mass of the structure (Landi et al., 2016). 

However, the main drawback of a FPS is the constant time period of the system, which depends on the 

radius of curvature. As a result, the FPS needs to be designed for a certain level of ground excitation 

(Girish & Pranesh, 2009). 

 

Double Concave Friction Pendulum  

The FPS can be made more effectively by introducing a second sliding surface, as Figure 96 shows. This 

mechanism is called a Double Concave Friction Pendulum (DCFP) system. A bi-linear behaviour can be 

achieved by pendulums with the same friction coefficient and radius of curvature. A tri-linear 

behaviour can be achieved by two different friction coefficients. The main advantage of tri-linear 

behaviour is that is allows for less base shear (Kim & Yun, 2007). 
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Figure 96. Double Concave Friction Pendulum (Fardis, 2010) 

Sliding can occur on one and/or two interfaces, and therefore one interface can be designed with large 

stiffness for earthquakes of smaller magnitude, while the other interface can be designed with smaller 

stiffness for earthquakes with larger magnitude (Fardis, 2010). 

 

Triple Concave Friction Pendulum 

The Triple Concave Friction Pendulum (TCFP) system has two concave plates at the top and two 

concave plates in the bottom, as Figure 97 shows. Each of the concave sliding surfaces has an 

independent friction coefficient and radii. The TCFP isolators are more compact, they have an 

increased displacement capacity, and they experience lower speed in the movement.  

 
Figure 97. Triple Concave Pendulum System (Fardis, 2010) 

                 

In addition, adaptive behaviour is achieved due to different combinations of sliding, which can occur 

on its multiple concave surfaces. The motion is organized into several sliding regimes (Figure 98), each 

corresponding to a distinct combination of surfaces upon which sliding occurs (Tajammolian et al., 

2017). 

 

A.2.2 Fluid Viscous Dampers  
The fluid viscous damper is a passive energy dissipation system, which is used in the absorption and 

dissipation of seismic energy. The dampers are made up of a cylinder, which is filled with nearly 

incompressible silicone fluid, and a stainless-steel piston, which divides the cylinder into two 

compartments. When the damper is subjected to a compressive force, the piston rod moves, which 

leads to a decrease in volume in the cylinder. The decrease in volume results in a restoring force FD, 

which can be calculated according the following expression:   

F = C ∙ |v|α ∙ sgn(v)  F = damping force  

v = velocity  

C = damping coefficient   

α = damping exponent;  linear 1.0 non-linear 0.1 – 2 

 

Figure 98. Regimes of TCPF isolator 
(Tajammolian et al., 2017) 
( 
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Figure 99. Fluid Viscous Damper (Narkhede & Sinha, 2014) 

 

Banazadeh et. al observed that steel moment resisting frames with linear dampers have better 

performance and have lower probability of collapse for the same damping ratio. FVDs are increasingly 

used in steel high-rise structures because of their great ability to return the building to its original 

position after an earthquake. Furthermore, an efficient distribution of the dampers with the sufficient 

damping coefficient is required for an efficient use and for cost savings. Therefore, the damping 

coefficient and/or the number of dampers should decrease according to the building height (Ras & 

Boumechra, 2016). 

 

In addition to the diagonal-brace-damper systems, fluid viscous dampers can also be used in several 

configurations. The following configurations are discussed briefly: 

▪ seesaw-brace-damper system; 

▪ toggle-brace-damper system; and 

▪ scissor-Jack-damper system. 

 

Seesaw-brace-damper system  

Figure 100 shows a seesaw-brace system. The FVDs dissipate energy under lateral loads on the frame. 

When the load direction reverses, axial tensile forces are generated in the opposite tension rod. The 

brace members consist of two tension rods, turnbuckles, and a cross-turnbuckle. Only tensile forces 

appear in the brace since the rods are pre-tensioned. Moreover, the tension rods can be placed over 

multiple stories, and therefore only one damping device mounted on ground level can control the 

frame vibration (Kang & Tagawa, 2013). 

 

 
Figure 100. Seesaw-brace system (Kang & Tagawa, 2013) 

Toggle-brace-damper system 

Toggle-brace-damper systems function by the magnification of small damper forces in shallow trusses 

and the delivery of magnified forces to the structural frame. When drifts are small, the required 

damping forces are large, which increases the cost of the damping devices. Therefore, the utilization 

of the toggle-brace damper systems may lead to cost savings (Constantinou et al., 2001). 
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Figure 101. Toggle-brace-damper system (Constantinou et al., 2001) 

Scissor-Jack-damper system 

The scissor-jack-damper system (see Figure 102) was developed as a variant of the toggle system and 

can be designed to allow for open space. The system provides the applicability of damping devices to 

cases of small interstory drifts. The effectiveness of the scissor-jack configuration is based on the 

magnification factor. The magnification factor is the ratio of the damper displacement to the 

interstorey drift.  Furthermore, the scissor-jack can cause stiffening of the structure as a result of frame 

and energy dissipation assembly deformations under the action of damping forces (Şigaher & 

Constantinou, 2003). 

 

  
Figure 102. Scissor-Jack system (Sigaher & Constantinou, 2003) 

 

A.2.3 Steel hysteretic dampers  
In addition to the energy dissipation with viscous damping, energy can be dissipated with steel 

hysteretic dampers. Hysteretic dampers are energy dissipation devices installed within a structure that 

dissipates seismic energy through the yield deformation of steel materials. The metallic-hysteretic 

damper is one of the most effective and economical mechanisms for the dissipation of seismic energy 

input (Oh et al., 2009). The following hysteretic dampers are discussed: 

▪ TADAS devices; 

▪ Pipe dampers; and 

▪ Slit dampers. 

 

Triangular-plate added damping and stiffness devices 

The Triangular-plate Added Damping And Stiffness (TADAS) device (see Figure 103) consists of multiple 

triangular plates welded to a base plate. A slotted pin connection is used to ensure relatively free 

movement in the vertical direction. The device is connected between a chevron brace and a continuous 

beam. Due to interstorey drifts, movement of the upper end relative to the lower end occurs, which 

causes plastic deformation of the triangular metallic plates.  
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Figure 103. TADAS device (Saeedi, et al., 2016) 

Yielding will occur over the entire volume of the plates due to their triangular shape. As a result, a large 

amount of hysteresis energy could be absorbed and damage to the main structure is limited during an 

earthquake. Furthermore, the TADAS device decrease the fundamental period of the structure. Due to 

the damping and stiffness of the TADAS devices, the horizontal displacement will decrease significantly 

regarding MRFs without TADAS devices (Saeedi et al., 2016). 

 

Pipe dampers  

Circular steel pipe dampers are displacement activated devices. When dampers are placed at locations 

which are known to have large displacements they dissipate seismic input energy effectively through 

hysteresis of the metal. Despite its proper ductility, the pipe damper has low stiffness and strength 

compared to other passive dissipative devices. As demonstrated by Figure 104, a Double-Pipe Damper 

(DPD) can address these drawbacks.  

   
Figure 104. Double-pipe damper (Mahjoubi & Maleki, 2016) 

The DPD consists of two steel pipes horizontally welded to each other and welded to an upper and 

lower steel plate. The DPD devices dissipate a considerable portion of seismic energy and significantly 

reduce the non-structural and structural damage. This is due to DPD devices having a secondary 

hardening branch (see Figure 105), which does not permit the interstory drift to increase rapidly. 

Furthermore, the DPD absorbs more seismic energy than the TADAS device due to this secondary 

hardening (Mahjoubi & Maleki, 2016). 

 

 
Figure 105. Simplified trilinear model, non-linear behaviour DPD device (Mahjoubi & Maleki, 2016) 
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Slit dampers 

Figure 106 shows the connection system with the split-T and slit damper. The main feature of this 

system is that plastic deformation is limited to the slit dampers at the bottom flange of the beam-ends. 

In fact, the slit damper on the bottom flange of the beam will deform plastic before the main structural 

members. Because the plastic deformation is limited to the dampers in the beam-ends, this system 

can be regarded as a strong-column-weak-beam-connection when considering the plastic hinge in the 

beam-ends. Moreover, the dampers can freely deform without causing significant damage to a 

concrete slab. This steel connection not only achieves structural performance, but it is also easily 

repairable after an earthquake. The damage will be on the slit damper, which is near the bottom flange 

of the beam, and therefore the slabs do not have to be removed (Oh et al., 2009). 

 

 
Figure 106. Slit damper (Oh, et al., 2009) 
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Annex B: Design report preliminary design  
This Annex includes the preliminary design for the datacentre in Groningen. Both the architectural 

design and the structural design will be discussed. The preliminary design is based on gravity and wind 

loads. However, since the datacentre will be built in a seismic area, the building will be checked for 

seismic loads in seismic part of this thesis.  

 

B.1.  Architectural design  
This paragraph contains the requirements for the design of a 120 MW data centre. The datacentre will 

be located near the DUO building in Groningen, indicated by the circle in Figure 107. The DUO building 

is an iconic building for the city of Groningen, thus the design of the datacentre should reflect to the 

design of the DUO building. Like the duo building, the datacentre will feature a prominent glass façade. 

 

   
Figure 107. Location site              DUO building Groningen 

 

The datacentre should fulfil the following requirements: 

Site: 

• Groningen, Kempkensberg, The Netherlands 

• Area 100 ∙ 100 m2  

Areas:        Vertical clearances: 

• Data Hall (DH)   25000 m2  6.7 m 

• Electrical Building (EB)  25000 m2  6.7 m 

• Facility Support Area (FSA) 20000 m2  4.0 m 

 

The building covers an area of 100x100 m2 and has a height of 47.02 m. The building consists of seven 

storeys of which the first five storeys are occupied by the DH and the EB and the upper two storeys are 

occupied by the FSA. As Figure 109 shows, there are four cores with stairs and elevators that reach all 

levels. Since the cores are placed with a certain offset from the façade, the bracing system is not part 

of the exterior view. Furthermore, due to the horizontal wavy lines in the façade, the building fits well 

within the rest of the environment and matches with the DUO building. 
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Figure 108. Elevation North side 

 
Figure 109. Horizontal Section view 3D 

 
Figure 110. Vertical Section view 3D 
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B.2.  Structural Design 
The load-bearing structure of the building is a steel structure, combined with hollow-core slabs. The 

positions of the columns are well balanced within the lay-out of the server racks. The maximum span 

length of the hollow core slabs is 8.7m and of the beams is 10.8m. This lay-out combined with the high 

variable loads, provides a high level of flexibility. The floors of the data hall and the electrical building 

are engineered for live loads of 12 kN/m2. The floors of the facility support area are designed for live 

loads of 6 kN/m2. 

    
Figure 111. Span direction floor 2D  3D  

The horizontal forces are transferred to steel braces in the cores by diaphragm action of the hollow 

core slabs. A reinforced concrete compression layer of 70mm is applied on top of the hollow core slabs 

to obtain the diaphragm action. This hollow core diaphragm may need to be considered as a flexible 

diaphragm. However, the hollow core slabs in this project are assumed to be fully rigid and therefore 

the loads due to wind/seismicity are equally distributed over the stability frames. 

 

  
Figure 112. 3D View - Four stability cores 

Due to the high variable loads of the DH and a storey height of 7.5m, the columns are executed as 

jumbo profiles (HD-profiles). The columns at the FSA, on the other hand, are executed as HEA profiles 

because they have to resist less live load and only have a height of 4.3m. The floor slabs rest on HEB 

beams with steel grade S460 to reduce the beam’s cross section. In addition, the beams are executed 

as continuous beam, which also contributes to the reduction of the beam section. The beams’ cross 

sections are smaller than the columns’ cross sections, and therefore the first part of the beam is welded 

to the column. In order to create a stiff beam-to-column connection (continuous beam), full depth 

stiffeners are added to the column, which can be seen in Figure 113.  
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Figure 113. Beam to column connection 

 

The first part of the beam is welded to the columns in order to create a continuous beam. This welded 

connection is prefabricated, which ensures a reduction in construction time. The other part of the 

beam is bolted to the first part of the beam. Figure 114 shows a schematization of the continuous 

beam. The most favourable location of the beam splice is at the point where the Moment is zero.  

 

 
Figure 114. Schematization continuous beam 

Figure 115 shows the simplified schematization of the continuous beam. The moment line according 

to this schematization can be expressed as a graph with the following formula: 

 

𝑀𝑥 =
𝑞

12
 (−6𝑥2 + 6𝐿𝑥 − 𝐿2)  

(−6𝑥2 + 6𝐿𝑥 − 𝐿2) = 0  

L = 10.8m   

ABC formula: x1 = 2.28m x2 = 8.52m  

 

The beam splices (M = 0) are located at 2.28m from the supports. Since the moment is zero at this 

point, only normal and shear forces are transferred through this connection. However, in order to 

stabilize the structure, not all connections are executed as such.  Some beam splices are executed as 

rigid connections.  

 

  
Figure 116. Beam splice (Moment = 0)   Beam splice (Moment ≠ 0) 

Figure 115. Simplified schematization 

HD 400x551 (S355) 

Steel plate 250x500mm2 

HD 400x634 (S355)   

Column stiffener  

Compression layer 70mm 

Hollow core slab 400 

HEB 650 (S460) 

  



104 
 

The welded beam-to-column connections can be prefabricated and transported to the construction 

site as one element. However, the beam splices need to be closer to the column than the calculated 

2.28m offset for transportation.  

 

Figure 118 shows the principle detail of the brace connection in 

the core. The bracing system consists of Rectangular Hollow core 

Section (RHS) profiles, which are bolted to gusset plates. This 

construction allows for a hinged connection. The gusset plates 

are welded to both the beam and the column.  

 

Figure 119 shows the connection of the column to the 

foundation and the brace to the column. The column is 

connected to a base plate, which is anchored in the foundation 

by steel anchors.  

 

  
Figure 118. Connection braces to columns (1) 

 
Figure 119. Connection brace to column (2) 

RHS 200x120x12.5 (S235) 

Gusset plate (S235) 

HD 400x774 (S355) 

 

Steel anchor  

Foundation plate   

HD 400x634 (S355) 

Gusset plate (S235)   

RHS200x120x12.5 (S235) 

 

HEB 650 (S460) 

 

Figure 117. 3D Section stability core 
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B.3.  Loads  
This paragraph contains simple 2D calculations in order to check the preliminary design according to 

the Eurocode and the National Annex.  

 

Eurocode 

NEN-EN 1990  Grondslagen van het constructief ontwerp 

NEN-EN 1991  Belastingen 

NEN-EN 1993  Staalconstructies 

  

Starting points materials 

Concrete:  C45/55, precast concrete 

Reinforcement:  B500B 

Steel:   S235 

   S355 

   S460 

 

Starting points calculations 

Design life class : Class 4 

Design life:  50 years 

Application:  Buildings and other normal structures  

 

Consequence class: CC3 RC3 

Load factor  KFI = 1.0 
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B.3.1. Gravity loads 
This paragraph illustrates the vertical loads per function of the floor. A distinction is made between 

the roof, the facility support area, and the data hall. These vertical forces are used for the calculations 

in chapter B.4 Calculations.  

 

Roof    level 7 

 

  
 

 
 

Facility support area Level 5 and 6  

 
 

Data hall  Level 1-4     

 

Loads Unity Width [m] Loads Unity Length [m] Loads Unity

Hollow core 260 3,75 kN/m2 8,7 32,63 kN/m1 10,8 352,35 kN

Roofing system 0,50 kN/m2 8,7 4,35 kN/m1 10,8 46,98 kN

Installations 2,00 kN/m2 8,7 17,40 kN/m1 10,8 187,92 kN

HEB360 - - - 1,42 kN/m1 10,8 15,34 kN

Gk,1 = 602,59 kN

Rain 1,00 kN/m2 8,7 8,70 kN/m1 10,8 93,96 kN

Person - - - - - - 1,00 kN

Qk = 94,96 kN

Loads Unity Width [m] Loads Unity Length [m] Loads Unity

Hollow core 320 4,21 kN/m2 8,7 36,63 kN/m1 10,8 395,57 kN

Concrete layer 70mm 1,75 kN/m2 8,7 15,23 kN/m1 10,8 164,43 kN

Roofing system 0,50 kN/m2 8,7 4,35 kN/m1 10,8 46,98 kN

MEP above server 1,46 kN/m
2

8,7 12,70 kN/m
1

10,8 137,18 kN

HEB500 - - - 1,87 kN/m
1

10,8 20,20 kN

764,36 kN

Live load office 5,00 kN/m2 10,8 54,00 kN/m1 10,8 583,2 kN

Light partition walls 1,00 kN/m2 10,8 10,80 kN/m1 10,8 116,64 kN

Qk = 699,84 kN

Loads Unity Width [m] Loads Unity Length [m] Loads Unity

Hollow core 400 4,80 kN/m
2

8,7 41,76 kN/m
1

10,8 451,01 kN

Concrete layer 70mm 1,75 kN/m2 8,7 15,23 kN/m1 10,8 164,43 kN

Roofing system 0,50 kN/m2 8,7 4,35 kN/m1 10,8 46,98 kN

MEP above server 1,46 kN/m2 8,7 12,70 kN/m1 10,8 137,18 kN

HEB650 - - - 2,25 kN/m1 10,8 24,30 kN

Gk = 823,90 kN

Live load office 12,00 kN/m2 8,7 104,40 kN/m1 10,8 1127,52 kN

Qk = 1127,52 kN
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Columns

 
 

 

  

Loads Unity Width [m] Loads Unity Length [m] Loads Unity

HEA 220 - - - 0,5 kN/m1 4,30 2,15 kN

HEA 340 - - - 1,03 kN/m1 4,30 4,43 kN

HD 320x300 - - - 2,94 kN/m1 7,50 22,05 kN

HD 400x314 - - - 3,08 kN/m
1

7,50 23,10 kN

HD 400x347 - - - 3,40 kN/m
1

7,50 25,50 kN

HD 400x421 - - - 4,13 kN/m
1

7,50 30,98 kN

HD 400x463 - - - 4,54 kN/m
1

7,50 34,05 kN

HD 400x551 - - - 5,40 kN/m
1

7,50 40,50 kN

HD 400x592 - - - 5,81 kN/m
1

7,50 43,58 kN

HD 400x634 - - - 6,22 kN/m
1

7,50 46,65 kN

HD 400x744 - - - 7,30 kN/m
1

7,50 54,75 kN
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B.3.2. Wind load 
Wind loads are calculated according to NEN-EN1991-1-4. 

 

Starting points 

Wind area:  III 

Terrain classification: built-up area 

Building height:  47 m 

 

Wind pressure:  qp (z) = 0.98 kN/m2  according to Table NB.5 from NEN-EN1991-1.  

 

Fw = cscd ∙ cf ∙ qp(ze) ∙ Aref  

 cscd = 1.0 

 qp(ze) = qp (z) = 0.98 kN/m2    

h<b  (45m < 100m) 

 
Figure 120. Reference height depending on h and b, and the corresponding wind pressure (NEN-EN 1991-1-4) 

 

Zone A  cpe,10 =  -1.2 

Zone B  cpe,10 =  -0.8 

Zone C  cpe,10 =  -0.5  

     

 

 

 

 

Pressure coefficient for flat roofs according to table NB.7 (NEN-EN 1991-1-4).  

  

Zone F  cpe,10 =  -1.8 

Zone G cpe,10 =  -1.2 

Zone H cpe,10 =  -0.7 

Zone I  cpe,10 =  +0.2 

 

 

 

 

 

 

 

 

 

 

 

Friction coefficient 0.04 according to Table 7.10 NEN-EN 1991-1-4. 

Figure 122. Zones for flat roofs (NEN-EN 1991-1-4, figure 7.6) 

Figure 121. Zones for vertical facades (NEN-EN 1991-1-4, figure 7.5) 
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B.4.  Calculations  
This paragraph covers the calculations regarding the overall stability, element calculations, and detail 

calculations.  

 

B.4.1.  Stability 
Four cores stabilize the datacentre, which are highlighted in red in Figure 123. The cores are made of 

steel concentrically braced frames. The horizontal load is transferred to the cores by diaphragm action 

of the floors. The hollow core slabs with compression layer are assumed to be fully rigid and therefore 

the horizontal load is equally distributed over the four stability braces parallel to the wind direction.   

 

      
Figure 123. Position stability cores 

Due to the fact that the cores are located eccentrically with respect to the centre of forces in x-

direction, a torsion moment will occur. This torsion moment will be resisted by the cores so that 

unacceptable distortions are prevented.  

 

Wind load: 0.98 kN/m2 (According to paragraph B.3.2 Wind load).  

qw,rep = 0.98 ∙ 100 = 98 kN/m1 Fw = 98 ∙ 47.02 = 4608 kN 

 

      
Figure 124. Loaded (blue) stability frames due to wind load in y-direction Section y-frame   

KW200x120x12.5 

KW200x120x10 

KW150x100x10 

KW150x100x10 

KW140x80x5 

KW90x50x4 

KW90x50x4 
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Both the diagonals in tension and compression are added in the MatrixFrame model. The normal forces 

in the diagonals are distributed without taking buckling of the compression diagonals into account. 

When the compression diagonals buckle, the forces will be distributed over the tension diagonals. This 

mechanism is not taken into account in this calculation.  

The floor is assumed to be fully rigid and therefore the horizontal beams are executed as high stiffness 

profiles; steel beams bxh = 500x1000mm2 (Iy = 4,167∙1010 mm4). For this model, only horizontal forces 

are considered, which means that the own weight of the structure is left out of consideration.  

    

     
Figure 125. Deformation due to reference load of 100kN  

In order to estimate the stiffness of the frame, the stability frame is simplified to an inclined beam 

loaded by a point load, as Figure 126 shows. The stiffness is calculated with the following formula:  

 

𝑤𝐵 =
𝐹𝑙3

3𝐸𝐼
   

𝐸𝐼 =
𝐹𝑙3

3𝑤𝐵
=

100∙47.023

3∙0.007
= 4.95 ∙ 108 kNm2  

 

The wind load on the façade of the building will be transferred to the cores via the floors. The façade 

is attached to the floors and therefore the wind load is schematized as point loads on the stability 

frame as shown in Figure 127. The compression diagonals are checked for buckling and as can be seen 

from Table 52; the compression diagonals at level 5 will buckle. This means that the diagonals in 

tension receive extra loads and the total stiffness of the frame will be reduced.  

 

Level Nb,Rd NEd UC 

7 30 28 0.93 

6 137 83 0.61 

5 137 177 1.29 

4 383 278 0.73 

3 383 378 0.99 

2 669 485 0.72 

1 840 544 0.65 
Table 52. Buckling check 

Figure 126. Simplified mechanical scheme of frame 
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Figure 127. Deformation stability y-frame  

This figure also shows the deformation of the stability frame due to the wind load. The maximum 

deformation is 0.025m.  

wmax,building =  1/500 ∙ building height = 1/500 ∙ 47.02 = 0.094   UC: 0.27 

wmax,storey =  1/300 ∙ storey height = 1/300 ∙ 4.60 = 0.015   UC: 0.13 

  1/300 ∙ storey height = 1/300 ∙ 7.50 = 0.025   UC: 0.24 

 

The unity checks for the deformation are very low so the diagonals can be optimized. However, since 

the function of the building is a datacentre, large deformations are not desired. The unity checks will 

be slightly higher due to the fact that the diagonals at level 5 buckle and therefore reducing the 

stiffness. Nevertheless, the unity checks will be within the limits and the structure will be stable.  

Furthermore, the width of the stability x-frame is larger than the y-frame, hence the deformations are 

smaller in the x-frame. Figure 128 shows the deformation due to wind load of the stability x-frame. 

The profiles of both frames are similar.  

 

  
Figure 128. Deformation stability x-frame 
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The effects due to deformation of the structure are determined according to NEN-EN1993-1-1 (NEN-

EN1993, 2004). When αcr ≥ 10, a second order effect may be left out of consideration.  

𝛼𝑐𝑟 =
𝐹𝑐𝑟

𝐹𝐸𝑑
≥ 10  

 

FEd is the design value of the load acting on the frame. Since there are four stability frames, FEd is the 

total vertical load divided by four. Fcr is the critical (buckling) load of the instability shape based on the 

initial stiffness. The following approximation formulas are used to determine this value: 

𝐹𝑐𝑟 =
𝜋2𝐸𝐼

𝑙𝑐𝑟
2   Assumption: Lcr = 1.12h  

 

𝐹𝑐𝑟 =
𝜋2∙4.95∙108

(1.12∙47.02)2  = 1761585 kN 

Total weight   = 1002028 kN 

Weight per frame = 250507 kN 

 

𝛼𝑐𝑟 =
1761585

250507
= 7.0  

 

Although alpha critical is not greater than 10, the second order effects are not considered because the 

main focus of this thesis is the seismic examination.   

 

B.4.2. Hollow core slabs  
Table 53 shows the vertical loads on the hollow core slabs. The slabs are checked according to the VBI 

webtool. In addition, the bearing capacity graph for the hollow core slab is illustrated in Figure 129. 

Since the floor span is only 8.7m, the hollow core slab 400 can resist more than 20 kN/m2, which is 

more than the design live load. Hence, floors for the DH and EB are executed as hollow core slabs 400.   

 

Concrete layer 70mm 1,75 kN/m2 

Roofing system 0,50 kN/m2 

MEP above server 1,46 kN/m2 

Live load office 12,00 kN/m2 

Table 53. Vertical loads on hollow core slab 

 
Figure 129. Bearing capacity hollow core slab 400 
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B.4.3. Beam calculations   
The beams are checked for maximum stress in the Ultimate Limit State (ULS) and for maximum 

deformations in the Serviceability Limit State (SLS). The loads on the beams are based on paragraph 

B.3.1 Gravity loads. 

 

 
Figure 130. Position calculated beams 

The hollow core slabs are carried by continuous HEB beams of different steel grades. The HEB beams 

at the roof are executed in steel S355. The beams at the DH and the FSA are executed in steel S460. 

This difference in steel grades is due to the higher variable loads at the DH and FSA. The span length, 

however, is the same at each level: 6.8 meter at both the first and last bay and 10.8 meter for all the 

other bays.  

 

Steel beam B7.1  level 7  Roof 

Span length = 10.8m 

qrep = 63.0 kN/m1 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  55.5 kN/m1 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 92.7 kN/m1 

         qd = 92.7 kN/m1 

 

 
Figure 131. Level 7 beam; moment line – MatrixFrame 

 
Figure 132. Level 7 beam; deformations z-direction - MatrixFrame 

B1 
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MEd = 800 kNm    Deformations: 

Wreq =  2248 ∙ 103 mm3   w = 29 mm   

      wmax = 1/250 ∙ l = 43.2mm   

Profile: HEB360 (S355)    UC: 0.67 

Wel = 2400 ∙ 103 mm3    

Iy = 43193 ∙ 104 mm4 

MRd = 852 kNm 

UC: 0.94 

 

Steel beam B6.1 level 6  Facility support area  

The vertical loads at level 5 are similar to the loads of level 6 and which is why only the beams for one 

level are calculated.  

Span length = 10.8m 

qrep = 125 kN/m1 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  152 kN/m1 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 180 kN/m1 

         qd = 180 kN/m1 

 
Figure 133. Level 6 beam; moment line – MatrixFrame 

 
Figure 134. Level 6 beam; deformation z-direction - MatrixFrame 

MEd = 1816 kNm    Deformations: 

Wreq =  3943 ∙ 103 mm3   w = 24mm   

       

      wmax = 1/250 ∙ l = 43.2 mm   

Profile: HEB500 (S460)    UC: 0.56 

Wel = 4287 ∙ 103 mm3    

Iy = 107176 ∙ 104 mm4 

MRd = 1972 kNm 

UC: 0.92 

 

Steel beam B4.1 Level 4  Data hall 

Span length = 10,8m 

qrep = 182 kN/m1 

6.10a  (STR) = 1. 5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  262 kN/m1 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 250 kN/m1 

         qd = 262 kN/m1 
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Figure 135. Level 4.1 beam; moment line – MatrixFrame 

 
Figure 136. Level 4.1 beam; deformations z-direction – MatrixFrame 

 

MEd = 2923 kNm    Deformations: 

Wreq =  6346 ∙ 103 mm3   w = 18mm   

      wmax = 1/250 ∙ l = 43.2 mm   

Profile: HEB650 (S460)    UC: 0.42 

Wel = 6480 ∙ 103 mm3    

Iy = 210616 ∙ 104 mm4 

MRd = 2981 kNm 

UC: 0.98 
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B.4.1. Columns  
The columns are checked for maximum stresses and for buckling. The buckling calculations follow 

requirements from NEN-EN1993-1-1. The two normative columns of each level are calculated; column 

C1, which is part of the stability system and therefore receive extra load due to wind loads, and column 

C2, which carries the largest floor area.  

 

 
Figure 137. Position calculated columns 

 

Steel column C7.1 HEA220 Level 7  

Nrep = 700 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  627 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 1008 kN 

         NEd = 1008 kN  

Lcr = L = 4370mm  

Nw,d = 54 kN  NEd,tot = 1008 +54 = 1062 kN 

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.45 

 

   UC: 0.90       (6.46) 

  

=  1175 kN       (6.47) 

 

  

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
 

C2 

C1 
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Steel column C7.2 HEA220 Level 7  

Nrep = 700 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  627 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 1008 kN 

         NEd = 1008 kN  

Lcr = L = 4370mm  

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.45 

 

   UC: 0.86       (6.46) 

  

=  1175 kN       (6.47) 

 

 

Steel column C6.1 HEA340 Level 6 (Facility support area) 

Nrep = 700 kN 

NEd = 1008 kN 

Nrep = 1473 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  1582 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 1989 kN 

         NEd = 1989 kN  

Lcr = L = 4370mm  

Nw,d = 210 kN  NEd,tot,6 = NEd,6 + NEd,7 + Nw,d = 1989 + 1008 + 210 = 3207 kN 

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.67 

 

   UC: 0.99       (6.46) 

  

=  3223 kN       (6.47) 

 

 

Steel column C6.2 HEA340 Level 6 (Facility support area) 

Nrep = 700 kN 

NEd = 1008 kN 

Nrep = 1473 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  1582 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 1989 kN 

         NEd = 1989 kN  

Lcr = L = 4370mm  

NEd,6 = 1989 + 1008 = 2997 kN 

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.64 

 

   UC: 0.93       (6.46) 

  

=  3223 kN       (6.47) 

 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
 



118 
 

Steel column C5.1 HD320x300  Level 5 (Facility support area) 

Nrep = 2173 kN 

NEd = 2997 kN  

Nrep = 1473 kN 

6.10a  (STR) = 1. 5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  1582 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 1989 kN 

         NEd = 1989 kN  

Lcr = L = 7500mm  

Nw,d =  652 kN  NEd,tot = NEd,6 + NEd,5 + Nw,d =  2997 + 1989 + 652 = 5638 kN 

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.42 

 

   UC: 0.99       (6.46) 

  

=  5685 kN       (6.47) 

 

 

Steel column C5.2 HD320x300  Level 5 (Facility support area) 

Nrep = 2173 kN 

NEd = 2997 kN  

Nrep = 1473 kN 

6.10a  (STR) = 1. 5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  1582 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 1989 kN 

         NEd = 1989 kN  

Lcr = L = 7500mm  

NEd = 2997 + 1989 = 4986 kN 

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.38 

 

   UC: 0.88       (6.46) 

  

=  5685 kN       (6.47) 

 

 

Steel column C4.1 HD400x347  Level 4 (Data hall)  

Nrep = 3646 kN 

NEd = 4986 kN  

Nrep = 1968 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  2827 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 2700 kN 

         NEd = 2827 kN  

Lcr = L = 7500mm  

Nw,d = 652 kN  NEd,tot = NEd,5 + NEd,4 + Nw,d = 4986 + 2827 + 652 = 8465 kN 

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.55 

 

   UC: 0.94       (6.46) 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
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=  8963 kN       (6.47) 

 

 

Steel column C4.2 HD400x314  Level 4 (Data hall)  

Nrep = 3646 kN 

NEd = 4986 kN  

Nrep = 1968 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  2827 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 2700 kN 

         NEd = 2827 kN  

Lcr = L = 7500mm  

NEd = 4986 + 2827 = 7813 kN 

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.55 

 

   UC: 0.97       (6.46) 

  

=  8016 kN       (6.47) 

 

 

Steel column C3.1 HD400x463  Level 3 (Data hall)  

Nrep = 5614 kN 

NEd = 7813 kN  

Nrep = 1968 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  2827 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 2700 kN 

         NEd = 2827 kN  

Lcr = L = 7500mm  

NEd = NEd,4 + NEd,3 + Nw,d =  7813 + 2827 + 846 = 11486 kN 

Nw,d =  846 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.55 

 

   UC: 0.94       (6.46) 

  

= 12211 kN       (6.47) 

 

 

Steel column C3.2 HD400x421  Level 3 (Data hall)  

Nrep = 5614 kN 

NEd = 7813 kN  

Nrep = 1968 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  2827 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 2700 kN 

         NEd = 2827 kN  

Lcr = L = 7500mm  

NEd = 7813 + 2827 = 10640 kN 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
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𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.56 

 

   UC: 0.96       (6.46) 

  

=  11041 kN       (6.47) 

 

 

Steel column C2.1 HD400x592  Level 2 (Data hall)  

Nrep = 7582 kN 

NEd = 10640 kN  

Nrep = 1968 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  2827 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 2700 kN 

         NEd = 2827 kN  

Lcr = L = 7500mm  

Nw,d =   2035 kN  NEd = NEd,3 + NEd,2 + Nw,d =   10640 + 2827 + 2035 = 15502 kN 

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.58 

 

   UC: 0.97       (6.46) 

  

=  16011 kN       (6.47) 

 

 

Steel column C2.2 HD400x551  Level 2 (Data hall)  

Nrep = 7582 kN 

NEd = 10640 kN  

Nrep = 1968 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  2827 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 2700 kN 

         NEd = 2827 kN  

Lcr = L = 7500mm  

NEd = 10640 + 2827 = 13467 kN 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.54 

 

   UC: 0.91       (6.46) 

  

=  14786 kN       (6.47) 

 

 

  

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
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Steel column C1.1 HD400x744  Level 1 (Data hall)  

Frep = 9550 kN 

FEd = 13467 kN  

Frep = 1968 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  2827 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 2700 kN 

         FEd = 2827 kN  

Lcr = L = 7500mm  

Nw,d =  2032 kN  NEd = NEd,2 + NEd,1 + Nw,d =  13467 + 2827 + 2032 = 18326 kN 

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.53 

 

   UC: 0.89       (6.46) 

  

=  20641 kN       (6.47) 

 

 

Steel column C1.2 HD400x634 Level 1 (Data hall)  

Nrep = 9550 kN 

NEd = 13467 kN  

Nrep = 1968 kN 

6.10a  (STR) = 1.5 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ ψ0,i ∙ Qk,i =  2827 kN 

6.10b  (STR) = 1.3 ∙ KFI ∙ Gkj + 1.65 ∙ KFI ∙ (Qk,i + ψ0,i ∙ Qk,i) = 2700 kN 

         NEd = 2827 kN  

Lcr = L = 7500mm  

NEd = 13467 + 2827 = 16294 kN 

 

𝜎𝑐 =
𝐹

𝐴
 ≤ 𝑓𝑦    UC: 0.57 

 

   UC: 0.94       (6.46) 

  

=  17270 kN       (6.47) 

 

 

 

  

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
 

𝑁𝐸𝑑

𝑁𝑏,𝑅𝑑
≤ 1,0 

𝑁𝑏,𝑅𝑑 =  
𝜒 𝐴 𝑓𝑦

𝛾𝑀1
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B.4.1. Detail calculation  
The brace connection at the base is checked for wind loads. The diagonal can be loaded in tension and 

in compression.  

 

 
Figure 138. Detail calculation brace connection 

Starting points: 

Fw = 544 kN 

Gusset plate Tab plate RHS   Bolts: 

Thickness: 30mm  20mm  200x120x12.5  M24 

Steel grade S235  S235  S235   8.8  

 

Firstly, the steel gusset plate is checked according to NEN-EN1993 (BCSA/SCI Connections Group, 

p.258, 2011). A yield line forms in the tab plate, adjacent to the end of the member. The maximum 

length is limited to 20ttab. 

ttab = 20mm 

Length = 220mm Lmax ≤ 20ttab 220 mm < 400 mm 

 

Gusset supported on two edges: Maximum length yield line for gusset plates is limited to 50tguss. 

tguss = 30mm 

Length = 570mm Lmax ≤ 50tguss 570 mm < 1500 mm 
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The initial eccentricity is 0.5(ttab+ tguss) = 0.5 (20 + 30) = 25mm 

 

The inertia of each component is given by: 

𝐼𝑡𝑎𝑏 =
𝑤𝑡𝑎𝑏∙𝑡𝑡𝑎𝑏

3

12
=

220∙203

12
 =  14.67 ∙ 104 mm4 

 

𝐼𝑙𝑎𝑝 =
0.5 (220+570)∙(20+30)3

12
 = 441.5 ∙ 104 mm4 

 

𝐼𝑔𝑢𝑠𝑠 =
𝑤𝑔𝑢𝑠𝑠∙𝑡𝑔𝑢𝑠𝑠

3

12
=

570∙303

12
 =    128.3 ∙ 104 mm4 

 

𝑀𝑡𝑎𝑏 =
1

𝐿𝑡𝑎𝑏
𝐸𝐼𝑡𝑎𝑏

+
𝐿𝑙𝑎𝑝

2𝐸𝐼𝑙𝑎𝑝

=  
1

75

21000∙14.67∙104+
100

2∙21000∙441.5∙104

 ∙ 10−6 

= 40.2 kNm 

 

𝑀𝑔𝑢𝑠𝑠 =
1

𝐿𝑔𝑢𝑠𝑠

𝐸𝐼𝑔𝑢𝑠𝑠
+

𝐿𝑙𝑎𝑝

2𝐸𝐼𝑙𝑎𝑝

=
1

0+ 
100

2∙21000∙441.5∙104

∙ 10−6 = 1884 kNm 

 

Distribution factors: 

𝜇𝑡𝑎𝑏 =
𝑀𝑡𝑎𝑏

𝑀𝑡𝑎𝑏+𝑀𝑔𝑢𝑠𝑠
 = 0.1   𝜇𝑔𝑢𝑠𝑠 =

𝑀𝑔𝑢𝑠𝑠

𝑀𝑡𝑎𝑏+𝑀𝑔𝑢𝑠𝑠
 = 1.00 

 

Resistance: 

𝑁𝑅𝑑,𝑡𝑎𝑏 =
𝑤𝑡𝑎𝑏𝑓𝑦,𝑡𝑎𝑏𝑡𝑡𝑎𝑏

2

(5∙𝑘𝑎𝑚𝑝∙0.5(𝑡𝑡𝑎𝑏+𝑡𝑔𝑢𝑠𝑠)∙𝜇𝑡𝑎𝑏+𝑡𝑡𝑎𝑏)𝛾𝑀0
=

220∙235∙202

(5 ∙ 1.05 ∙ 0.5(20 + 30) ∙ 0.1 + 20)1.00
∙ 10−3 =  624 kN 

𝑁𝑅𝑑,𝑔𝑢𝑠𝑠 =
𝑤𝑔𝑢𝑠𝑠𝑓𝑦,𝑔𝑢𝑠𝑠𝑡𝑔𝑢𝑠𝑠

2

(5∙𝑘𝑎𝑚𝑝∙0.5(𝑡𝑡𝑎𝑏+𝑡𝑔𝑢𝑠𝑠)∙𝜇𝑔𝑢𝑠𝑠+𝑡𝑔𝑢𝑠𝑠)𝛾𝑀0
 =

570∙235∙302

(5 ∙ 1.05 ∙ 0.5(20 + 30) ∙ 1.0 + 30)1.00
∙ 10−3 = 797 kN 

 

NEd = 544 kN 

NRd,tab ≥ NEd  UC: 0.87 

NRd,guss ≥ NEd  UC: 0.68 

 

The gusset plate satisfies the criteria as shown above. Secondly, the bolts are checked according to 

NEN-EN1993-8.  

RHS 200x120x12.5 (S235)  

Bolts M24 8.8 

 

𝐹𝑣,𝑅𝑑,𝑏 =
𝛼𝑣 𝑓𝑢𝑏 𝐴

𝛾𝑀2
   = shear force per bolt  

αv = 0.6 for bolt 8.8 

fub = 800 N/mm2 

A = 0.25 π 242 = 452 mm2 

𝐹𝑣,𝑅𝑑,𝑏 =
0.6∙800∙452

1.25
∙ 10−3 = 173 𝑘𝑁   4 bolts: Fv,Rd = 4 ∙ 173 = 694 kN  UC: 0.78 

 

𝐹𝑏,𝑅𝑑 =
𝑘1 𝛼𝑏  𝑓𝑢 𝑑 𝑡

𝛾𝑀2
  

 

𝛼𝑏 = min [𝛼𝑑;
𝑓𝑢𝑏

𝑓𝑢
; 1.0]  

Where:  𝛼𝑑 =
𝑒1

3𝑑0
=

55

3∙26
= 0.71 for end bolts  

Figure 139. Size indications gusset plate (BCSA/SCI 
Connections Group, 2011) 
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  𝛼𝑑 =
𝑒1

3𝑑0
=

100

3∙26
= 1.28 for inner bolts 

 

𝛼𝑏,𝑒𝑛𝑑 = min [0.71; 
800

410
; 1.0] = 0.71   

𝛼𝑏,𝑖𝑛𝑛𝑒𝑟 = min [1.28; 
800

410
; 1.0] = 1.00 

 

𝑘1,𝑒𝑛𝑑 = min [2.8
𝑒2

𝑑0
− 1.7; 1.4

𝑝2

𝑑0
− 1.7; 2.5] = min [2.8 ∙

65

26
− 1.7; 1.4 ∙

90

26
− 1.7; 2.5] = 2.5 

𝑘1,𝑖𝑛𝑛𝑒𝑟 = min [1.4
𝑝2

𝑑0
− 1.7; 2.5] = min [1.4 ∙

90

26
− 1.7; 2.5] = 2.5 

 

𝐹𝑏,𝑅𝑑,𝑒𝑛𝑑 =
𝑘1 𝛼𝑏  𝑓𝑢 𝑑 𝑡

𝛾𝑀2
=  

2.5∙0.71∙410∙24∙20

1.25
∙ 10−3 =  280 kN 

𝐹𝑏,𝑅𝑑,𝑖𝑛𝑛𝑒𝑟 =
𝑘1 𝛼𝑏  𝑓𝑢 𝑑 𝑡

𝛾𝑀2
=

2.5∙1.0∙410∙24∙20

1.25
∙ 10−3 =  394 kN 

Fb,Rd = 2 ∙ 280 + 2 ∙ 394 = 1348 kN UC: 0.32 
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Annex C: Structural dynamics in SCIA Engineer 
This chapter focusses on the application of SCIA Engineer in structural dynamics and, most importantly, 

provides on instruction for the calculations of eigenmodes and eigenfrequencies in SCIA. Additionally, 

two examples will be elaborated to check whether the results of SCIA Engineer are reliable.  

All dynamic computations in SCIA can be related to the equations of dynamic equilibrium. The equation 

is written in matrix form (Eq. C.1).  

M X” + C X’ + K X = F(t)          (C.1) 

Where:  M is the mass matrix 

  C is the damping matrix 

  K is the stiffness matrix 

 

The results obtained from solving Eq. C.1 include: 

- displacements;  accelerations;  

- velocities;  internal forces. 

 

The methods to solve this equation are based on the modal superposition principle. It is assumed that 

the structure’s behaviour can be obtained by superposing several natural deformation modes, each 

multiplied by a weighing factor.  

 

C.1. Eigenmodes and eigenfrequencies 
The eigenmodes and eigenfrequencies are calculated according to the following equation: 

M X” + K X = 0           (C.2) 

Eq. C.2 demonstrates that a certain mass and stiffness are required for the calculation of eigenmodes 

and eigenfrequencies. The masses can be obtained from the loads acting on the structure, by creating 

mass groups (see Figure 140). 

 
Figure 140. Mass groups SCIA 

The mass groups are related to the static loads, which are put on the structure in an earlier phase. 

With the function ‘keeping masses up-to-date’ the mass will be updated when the loads will be 

adjusted. When the mass groups are created, mass combinations can be made (see Figure 141). 

 

   
Figure 141. Mass combinations SCIA 
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Once the mass combinations are created, the eigenmodes and eigenfrequencies can be calculated by 

SCIA. The number of eigenmodes and eigenfrequencies can be selected by the solver settings, which 

is set on 12 as shown in Figure 142. 

      

 
Figure 142. Solver settings 

The results are represented in a table and can be converted into an Excel file. As Table 54 shows, the 

natural frequencies, natural circular frequencies and natural periods are given.  

 

N f [Hz] ω [s-1] ω2 [s-2] T [s] 

1 0.16 1.01 1.02 6.22 

2 0.17 1.05 1.10 5.99 

3 0.22 1.38 1.90 4.56 

4 0.38 2.37 5.62 2.65 

5 0.39 2.45 6.00 2.57 

6 0.52 3.26 10.63 1.93 

7 0.61 3.84 14.75 1.64 

8 0.63 3.95 15.60 1.59 

9 0.69 4.33 18.75 1.45 

10 0.71 4.49 20.16 1.40 

11 0.77 4.85 23.52 1.29 

12 0.83 5.24 27.46 1.20 
Table 54. Eigenfrequencies SCIA 

C.2. Example: Two-Degree-Of-Freedom system  
To check whether the results obtained from SCIA Engineer are reliable, a simple Two-Degree-of-

Freedom system (Figure 143) is implemented in SCIA since this system can easily be checked by hand 

calculations.  

 

Masses: 

m1 = 10000 kg  = 98.10 kN 

m2 =   5000 kg  = 49.10 kN 

 

Columns: 

HEA 160 Iy = 1673 ∙ 104 mm4  

HEA 200 Iy = 3692 ∙ 104 mm4 

E = 2.10 ∙ 105 N/mm2 

 

Beams: 

IPE 500* Iy = 48199 ∙ 106 mm4 

* The stiffness of the beam is multiplied by 100 to obtain results closer to the 

theoritical value of the hand calculation. The theoritical results are based on 

an infinite rigid floor.    
 

HEA 160 

 

HEA 200 

Figure 143. Two Degree of Freedom 
system 
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Figure 146. Horizontal deformations SCIA 

Hand calculation Rayleigh’s method 

Stiffness 𝑘 =  
𝐹

𝑢
   𝑢 =  𝑤𝑏 =

𝐹𝐿3

3𝐸𝐼
  

 

𝑤𝑏 =
𝐹 (

1

2
𝐿)3 

3𝐸𝐼
=

1

8
𝐹𝐿3

3𝐸𝐼
  𝑘 =

24𝐸𝐼

𝐿3   

 

k1 = (24 ∙ 2.10 ∙ 105 ∙ 3692 ∙ 104)/(30003) = 6892 kN/m 

k2 =  (24 ∙ 2.10 ∙ 105 ∙ 1673 ∙ 104)/(30003) = 3123 kN/m 

 

u1 = (F1 + F2)/k1 = 21.3 mm = 0.0231 m 

u2 = u1 + F2 /k2 =  37.0 mm = 0.0370 m 

 

𝜔𝑛
2 =

𝑔 ∑ 𝑚𝑖𝑢𝑖

∑ 𝑚𝑖𝑢𝑖
2 =

9.81(10000∙0.0231+5000∙0.0370)

10000∙0.02312+5000∙0.03702 = 343 s-2 

 

ωn = 18.5 s-1 

 

Tn = 2π/18.5 = 0.34 s 

 

SCIA Rayleigh’s method  

The results are based on the theoritical model (see Figure 144) in which the stiffness of the floors is 

infinetly large. To achieve results similar to those of the theoretical modal, the beams in the SCIA model 

are modelled as IPE500 beams of which the stiffness is multiplied by 100. The horizontal deformations 

calculated by SCIA are shown in Figure 146.  

 

u1 = 23.7 mm = 0.0237 m 

u2 = 41.0 mm = 0.0410 m  

 

𝜔𝑛
2 =

𝑔 ∑ 𝑚𝑖𝑢𝑖

∑ 𝑚𝑖𝑢𝑖
2 =

9.81(10000∙0.0237+5000∙0.0410)

10000∙0.02372+5000∙0.04102 = 309 s-2 

 

ωn = 17.58 s-1 

 

Tn = 2π/17.58 = 0.36 s 

 

 

 

 

SCIA Engineer – Eigenfrequencies  

The mass matrix (M-matrix) of the system is computed with the lumped mass method. Hence, the 

masses are guided to the nodes of the Finite Element (FE) mesh. The calculation of eigenmodes and 

eigenfrequencies is thus based on a discretised finite element model of the structure (SCIA, 2017).  

Five eigenmodes and eigenfrequenties are calculated by SCIA engineer. Figure 147 shows the first 

mode shape, correspondig to the first eigenfrequency.  

 

 

 

 

Figure 144. Mechanical scheme 

u2 

u1 F1 

F2 

Figure 145. Schematization deformation 
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N f [Hz] ω [s-1] ω2 [s-2] T [s] 

1 2,64 16,57 275 0,38 

2 5,29 33,25 1106 0,19 

3 21,97 138,03 19052 0,05 

4 29,74 186,86 34917 0,03 

5 137,8 865,81 749627 0,01 
Table 55. Eigenfrequencies SCIA 

 

The approximate frequency obtained from an assumed shape function is never smaller than the exact 

value. This statement is proven to be correct by this Two-Degree-of-Freedom system, calculated in 

three ways. Table 56 shows that the exact value of the natural circular frequency (SCIA) is the lowest 

value.  

 

Results from ω [s-1] ω2 [s-2] T [s] 

Rayleigh's by hand 18,5 343 0,34 

Rayleigh's by SCIA 17,58 309 0,36 

SCIA 16,57 275 0,38 
Table 56. Summary results eigenfrequencies  

 

C.3. Example: Multi-storey building  
An additional example is elaborated to check the reliability of the results of SCIA Engineer. The natural 

period for a multi-storey building, shown in Figure 148, is calculated with SCIA and with Rayleigh’s 

method. 

 

 
Figure 148. Deformations [m] MDOF system (MatrixFrame) 

𝜔𝑛
2 =

𝑔 ∑ 𝑚𝑖𝑢𝑖

∑ 𝑚𝑖𝑢𝑖
2  = 0.74  

ωn = 0.86 s-1 

 

Tn = 2π/0.68 = 7.30 s 

Figure 147. First mode shape 
SCIA 

Figure 149. First mode shape (SCIA) 
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N f [Hz] ω [s-1] ω2 [s-2] T [s] 

1 0,13 0,84 0,71 7,50 

2 0,31 1,93 3,72 3,26 

3 0,52 3,29 10,82 1,91 
Table 57. Eigenfrequencies according to SCIA 

For a reduction in computation time, only three eigenmodes and eigenfrequencies are calculated in 

SCIA Engineer.  

The results show that the natural period Tn is much longer for this example compared to the previous 

example. This is mainly caused by the extreme high loads acting on the structure. Considering the basic 

formula to calculate the natural period, the higher value seems to be logical when the mass is 

significantly greater compared to the stiffness.  

𝑇𝑛 = 2𝜋 √
𝑚

𝑘
  

 

Just like the previous example, the approximate value of the eigenfrequency is not smaller than the 

exact value. Hence, the results from SCIA Engineer are assumed to be reliable.  
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Annex D: Mass calculation 
 

 

Masses per storey         

Level 7 Load A / nr. Load Unity Gk + Qk Gk + Qk ∙ ΨE,i Unity 

Gk,roof 6,41 10000 64132 kN 74440 64440 kN 

Gk,HEA220 2,15 143 307 kN    

Qk 1,00 10000 10000 kN    

         

Level 6        

Gk,FSA 8,13 10000 81349 kN 141983 92783 kN 

Gk,HEA340 4,43 143 633 kN    

Qk,FSA 6,00 10000 60000 kN    

         

Level 5        

Gk,FSA 8,13 10000 81349 kN 144503 95303 kN 

Gk,HD320x300 22,05 143 3153 kN    

Qk,FSA 6,00 10000 60000 kN    

         

Level 4        

Gk,DH 8,77 10000 87686 kN 211333 187333 kN 

Gk,HD400x347 25,50 143 3647 kN    

Qk,DH 12,00 10000 120000 kN    

         

Level 3        

Gk,DH 8,77 10000 87686 kN 212116 188116 kN 

Gk,HD400x347 30,98 143 4429 kN    

Qk,DH 12,00 10000 120000 kN    

         

Level 2        

Gk,DH 8,77 10000 87686 kN 213478 189478 kN 

Gk,HD400x347 40,50 143 5792 kN    

Qk,DH 12,00 10000 120000 kN    

         

Level 1        

Gk,DH 8,77 10000 87686 kN 214357 190357 kN 

Gk,HD400x347 46,65 143 6671 kN    

Qk,DH 12,00 10000 120000 kN    

        

Total mass     1212208 1007808 kN 
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Masses per storey

Level 7 Load A / nr. Load Unity Gk + Qk Unity

Gk,roof 6,41 10000 64132 kN 74440 kN

Gk,HEA220 2,15 143 307 kN

Qk 1,00 10000 10000 kN

Level 6

Gk,FSA 8,13 10000 81349 kN 141983 kN

Gk,HEA340 4,43 143 633 kN

Qk,FSA 6,00 10000 60000 kN

Level 5

Gk,FSA 8,13 10000 81349 kN 144503 kN

Gk,HD320x300 22,05 143 3153 kN

Qk,FSA 6,00 10000 60000 kN

Level 4

Gk,DH 8,77 10000 87686 kN 211333 kN

Gk,HD400x347 25,50 143 3647 kN

Qk,DH 12,00 10000 120000 kN

Level 3

Gk,DH 8,77 10000 87686 kN 212116 kN

Gk,HD400x347 30,98 143 4429 kN

Qk,DH 12,00 10000 120000 kN

Level 2

Gk,DH 8,77 10000 87686 kN 213478 kN

Gk,HD400x347 40,50 143 5792 kN

Qk,DH 12,00 10000 120000 kN

Level 1

Gk,DH 8,77 10000 87686 kN 214357 kN

Gk,HD400x347 46,65 143 6671 kN

Qk,DH 12,00 10000 120000 kN

Total mass 1212208 kN

190357

1007808

Gk + Qk ∙ ΨE,i

187333

92783

95303

64440

188116

189478
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Annex E: Calculation brace connection  
Annex E includes the calculation of a brace connection designed for seismic loads. The seismic loads 

are established according to the elastic response spectrum.  

 

 
Figure 150. Brace connection designed for seismic loads 

The normal force in the diagonal is NEd = 2795 kN. The brace connection is calculated according to the 

examples given in ‘simple joints to Eurocode 3’ (BCSA/SCI Connections Group, 2011). The size 

indications are shown in Figure 151 

 
Figure 151. Size indications gusset plate (BCSA/SCI Connections Group, 2011) 

Step 1: Determine the length of each yield line 

Tab plate 

A yield line forms in the tab plate, adjacent to the end of the member. The maximum length is limited 

to 20ttab. 

ttab = 2 ∙ 30mm 

Length = 200mm wtab ≤ 20ttab 200 mm < 1200 mm 

 

Gusset supported on two edges 

Maximum length yield line for gusset plates is limited to 50tguss. 

tguss = 50mm 

Length = 1093mm wguss ≤ 50tguss 1093 mm < 2500 mm 

 

Step 2: Allow for second order effects 

The initial eccentricity is 0.5(ttab+ tguss) = 0.5 (60 + 40) = 50mm 
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Step 3: Calculate the inertia of each plate, and the lapped portion of the connection 

The inertia of each component is given by: 

𝐼𝑡𝑎𝑏 =
𝑤𝑡𝑎𝑏∙𝑡𝑡𝑎𝑏

3

12
=

200∙603

12
 =      3.60 ∙ 106 mm4 

 

𝐼𝑙𝑎𝑝 =
0.5 (𝑤𝑡𝑎𝑏+𝑤𝑔𝑢𝑠𝑠)∙(𝑡𝑡𝑎𝑏+𝑡𝑔𝑢𝑠𝑠)

3

12
=

0.5 (200+1093)∙(60+50)3

12
  = 71.7 ∙ 106 mm4 

 

𝐼𝑔𝑢𝑠𝑠 =
𝑤𝑔𝑢𝑠𝑠∙𝑡𝑔𝑢𝑠𝑠

3

12
=

1093∙503

12
 =        11.4 ∙ 106 mm4 

 

Step 4: Determine moment distribution factors 

𝑀𝑡𝑎𝑏 =
1

𝐿𝑡𝑎𝑏
𝐸𝐼𝑡𝑎𝑏

+
𝐿𝑙𝑎𝑝

2𝐸𝐼𝑙𝑎𝑝

=  
1

65

21000∙3.60∙106+
360

2∙21000∙71.7∙106

 ∙ 10−6 = 1021 kNm 

 

𝑀𝑔𝑢𝑠𝑠 =
1

𝐿𝑔𝑢𝑠𝑠

𝐸𝐼𝑔𝑢𝑠𝑠
+

𝐿𝑙𝑎𝑝

2𝐸𝐼𝑙𝑎𝑝

=
1

0+ 
360

2∙21000∙71.7∙106

∙ 10−6 = 8365 kNm 

 

Distribution factors: 

𝜇𝑡𝑎𝑏 =
𝑀𝑡𝑎𝑏

𝑀𝑡𝑎𝑏+𝑀𝑔𝑢𝑠𝑠
 = 0.1   𝜇𝑔𝑢𝑠𝑠 =

𝑀𝑔𝑢𝑠𝑠

𝑀𝑡𝑎𝑏+𝑀𝑔𝑢𝑠𝑠
 = 1.00 

 

 

Step 5: Calculate connection resistance 

𝑁𝑅𝑑,𝑡𝑎𝑏 =
𝑤𝑡𝑎𝑏𝑓𝑦,𝑡𝑎𝑏𝑡𝑡𝑎𝑏

2

(5∙𝑘𝑎𝑚𝑝∙0.5(𝑡𝑡𝑎𝑏+𝑡𝑔𝑢𝑠𝑠)∙𝜇𝑡𝑎𝑏+𝑡𝑡𝑎𝑏)𝛾𝑀0
=

200∙355∙602

(5 ∙ 1.05 ∙ 0.5(60 + 50) ∙ 0.1 +60)1.00
∙ 10−3 =  2963 kN 

𝑁𝑅𝑑,𝑔𝑢𝑠𝑠 =
𝑤𝑔𝑢𝑠𝑠𝑓𝑦,𝑔𝑢𝑠𝑠𝑡𝑔𝑢𝑠𝑠

2

(5∙𝑘𝑎𝑚𝑝∙0.5(𝑡𝑡𝑎𝑏+𝑡𝑔𝑢𝑠𝑠)∙𝜇𝑔𝑢𝑠𝑠+𝑡𝑔𝑢𝑠𝑠)𝛾𝑀0
 =

1093∙355∙502

(5 ∙ 1.05 ∙ 0.5(60 + 50) ∙ 1.0 + 50)1.00
∙ 10−3 = 2864 kN 

 

 

SHS 140x140x8 (S235)  

10 Bolts M32 10.9 

 

𝐹𝑣,𝑅𝑑,𝑏 =
𝛼𝑣 𝑓𝑢𝑏 𝐴

𝛾𝑀2
   = shear force per bolt  

αv = 0.5 for bolt 10.9 

fub = 1000 N/mm2 

A = 0.25 π 322 = 804 mm2 

𝐹𝑣,𝑅𝑑,𝑏 =
0.5∙1000∙804

1.25
∙ 10−3 = 322 𝑘𝑁   10 bolts: Fv,Rd = 10 ∙ 322 = 3220 kN   

 

𝐹𝑏,𝑅𝑑 =
𝑘1 𝛼𝑏  𝑓𝑢 𝑑 𝑡

𝛾𝑀2
  

 

𝛼𝑏 = min [𝛼𝑑;
𝑓𝑢𝑏

𝑓𝑢
; 1.0]  

Where:  𝛼𝑑 =
𝑒1

3𝑑0
=

65

3∙34
= 0.64 for end bolts  

  𝛼𝑑 =
𝑒1

3𝑑0
=

90

3∙34
= 0.88 for inner bolts 

𝛼𝑏,𝑒𝑛𝑑 = min [0.64; 
1000

510
; 1.0] = 0.64   

𝛼𝑏,𝑖𝑛𝑛𝑒𝑟 = min [0.88; 
1000

510
; 1.0] = 0.88 
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𝑘1,𝑒𝑛𝑑 = min [2.8
𝑒2

𝑑0
− 1.7; 1.4

𝑝2

𝑑0
− 1.7; 2.5] = min [2.8 ∙

55

34
− 1.7; 1.4 ∙

90

34
− 1.7; 2.5] = 2.5 

𝑘1,𝑖𝑛𝑛𝑒𝑟 = min [1.4
𝑝2

𝑑0
− 1.7; 2.5] = min [1.4 ∙

90

34
− 1.7; 2.5] = 2.5 

 

 

𝐹𝑏,𝑅𝑑,𝑒𝑛𝑑 =
𝑘1 𝛼𝑏  𝑓𝑢 𝑑 𝑡

𝛾𝑀2
=  

2.5∙0.71∙470∙32∙40

1.25
∙ 10−3 =  854 kN 

𝐹𝑏,𝑅𝑑,𝑖𝑛𝑛𝑒𝑟 =
𝑘1 𝛼𝑏  𝑓𝑢 𝑑 𝑡

𝛾𝑀2
=

2.5∙0.88∙470∙32∙40

1.25
∙ 10−3 =  1059 kN 

 

Fb,Rd = 4 ∙ 854 + 6 ∙ 1059 = 9770 kN 

 

 

 

 

 

 

 

 

 

 

 

 

 

 


